REINFORCED CONCRETE
Finley A. Charney, Ph.D., P.E.

In this chapter, a 12-story reinforced concrete office building with some retail shops on the first floor is
designed for both high and moderate seismic loadings. For the more extreme loading, it is assumed that
the structure will be located in Berkeley, California, and for the moderate loading, in Honolulu, Hawaii.

Figure 6-1 shows the basic structural configuration for each location in plan view and Figure 6-2, in
section. The building, to be constructed primarily from sand-lightweight (LW) aggregate concrete, has
12 stories above grade and one basement level. The typical bays are 30 ft long in the north-south (N-S)
direction and either 40 ft or 20 ft long in the east-west (E-W) direction. The main gravity framing system
consists of seven continuous 30-ft spans of pan joists. These joists are spaced 36 in. on center and have
an average web thickness of 6 in. and a depth below slab of 16 in. Due to fire code requirements, a 4-in.-
thick floor slab is used, giving the joists a total depth of 20 in.

The joists along Gridlines 2 through 7 are supported by variable depth "haunched” girders spanning 40 ft
in the exterior bays and 20 ft in the interior bays. The girders are haunched to accommodate
mechanical-electrical systems. The girders are not haunched on exterior Gridlines 1 and 8, and the 40-ft
spans have been divided into two equal parts forming a total of five spans of 20 ft. The girders along all
spans of Gridlines A and D are of constant depth, but along Gridlines B and C, the depth of the end bay
girders has been reduced to allow for the passage of mechanical systems.

Normal weight (NW) concrete walls are located around the entire perimeter of the basement level. NW
concrete also is used for the first (ground) floor framing and, as described later, for the lower levels of the
structural walls in the Berkeley building.

For both locations, the seismic-force-resisting system in the N-S direction consists of four 7-bay moment-
resisting frames. The interior frames differ from the exterior frames only in the end bays where the
girders are of reduced depth. At the Berkeley location, these frames are detailed as special moment-
resisting frames. Due to the lower seismicity and lower demand for system ductility, the frames of the
Honolulu building are detailed as intermediate moment-resisting frames.

In the E-W direction, the seismic-force-resisting system for the Berkeley building is a dual system
composed of a combination of frames and frame-walls (walls integrated into a moment-resisting frame).
Along Gridlines 1 and 8, the frames have five 20-ft bays with constant depth girders. Along Gridlines 2
and 7, the frames consist of two exterior 40-ft bays and one 20-ft interior bay. The girders in each span
are of variable depth as described earlier. At Gridlines 3, 4, 5 and 6, the interior bay has been filled with
a shear panel and the exterior bays consist of 40-ft-long haunched girders. For the Honolulu building, the
structural walls are not necessary so E-W seismic resistance is supplied by the moment frames along
Gridlines 1 through 8. The frames on Gridlines 1 and 8 are five-bay frames and those on Gridlines 2
through 7 are three-bay frames with the exterior bays having a 40-ft span and the interior bay having a
20-ft span. Hereafter, frames are referred to by their gridline designation (e.g., Frame 1 is located on

6-1



FEMA 451, NEHRP Recommended Provisions: Design Examples

Gridline 1). It is assumed that the structure for both the Berkeley and Honolulu locations is founded on
very dense soil (shear wave velocity of approximately 2000 ft/sec).
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Figure 6-1 Typical floor plan of the Berkeley building. The Honolulu building is
similar but without structural walls (1.0 ft = 0.3048 m).
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Figure 6-2 Typical elevations of the Berkeley building; the Honolulu building is
similar but without structural walls (1.0 ft = 0.3048 m).

B. Section at Frame

A. Section at Wall
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The calculations herein are intended to provide a reference for the direct application of the design
requirements presented in the 2000 NEHRP Recommended Provisions (hereafter, the Provisions) and to
assist the reader in developing a better understanding of the principles behind the Provisions.

Because a single building configuration is designed for both high and moderate levels of seismicity, two
different sets of calculations are required. Instead of providing one full set of calculations for the
Berkeley building and then another for the Honolulu building, portions of the calculations are presented
in parallel. For example, the development of seismic forces for the Berkeley and Honolulu buildings are
presented before structural design is considered for either building. The full design then is given for the
Berkeley building followed by the design of the Honolulu building. Each major section (development of
forces, structural design, etc.) is followed by discussion. In this context, the following portions of the
design process are presented in varying amounts of detail for each structure:

1. Development and computation of seismic forces;

2. Structural analysis and interpretation of structural behavior;

3. Design of structural members including typical girder in Frame 1, typical interior column in Frame 1,
typical beam-column joint in Frame 1, typical girder in Frame 3, typical exterior column in Frame 3,
typical beam-column joint in Frame 3, boundary elements of structural wall (Berkeley building only)
and panel of structural wall (Berkeley building only).

The design presented represents the first cycle of an iterative design process based on the equivalent
lateral force (ELF) procedure according to Provisions Chapter 5. For final design, the Provisions may
require that a modal response spectrum analysis or time history analysis be used. The decision to use
more advanced analysis can not be made a priori because several calculations are required that cannot be
completed without a preliminary design. Hence, the preliminary design based on an ELF analysis is a
natural place to start. The ELF analysis is useful even if the final design is based on a more sophisticated
analysis (e.g., forces from an ELF analysis are used to apply accidental torsion and to scale the results
from the more advanced analysis and are useful as a check on a modal response spectrum or time-history
analysis).

In addition to the Provisions, ACI 318 is the other main reference in this example. Except for very minor
exceptions, the seismic-force-resisting system design requirements of ACI 318 have been adopted in their
entirety by the Provisions. Cases where requirements of the Provisions and ACI 318 differ are pointed
out as they occur. ASCE 7 is cited when discussions involve live load reduction, wind load, and load
combinations.

Other recent works related to earthquake resistant design of reinforced concrete buildings include:

ACI 318 American Concrete Institute. 1999 [2002]. Building Code Requirements and
Commentary for Structural Concrete.

ASCE 7 American Society of Civil Engineers. 1998 [2002]. Minimum Design Loads for
Buildings and Other Structures.

Fanella Fanella, D.A., and M. Munshi. 1997. Design of Low-Rise Concrete Buildings for
Earthquake Forces, 2nd Edition. Portland Cement Association, Skokie, Illinois.

ACI 318 Notes Fanella, D.A., J. A. Munshi, and B. G. Rabbat, Editors. 1999. Notes on ACI 318-99
Building Code Requirements for Structural Concrete with Design Applications. Portland
Cement Association, Skokie, Illinois.
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ACI SP127 Ghosh, S. K., Editor. 1991. Earthquake-Resistant Concrete Structures Inelastic
Response and Design, ACI SP127. American Concrete Institute, Detroit, Michigan.

Ghosh Ghosh, S. K., A. W. Domel, and D. A. Fanella. 1995. Design of Concrete Buildings for
Earthquake and Wind Forces, 2™ Edition. Portland Cement Association, Skokie, Illinois.

Paulay Paulay, T., and M. J. N. Priestley. 1992. Seismic Design of Reinforced Concrete and
Masonry Buildings. John Wiley & Sons, New York.

The Portland Cement Association’s notes on ACI 318 contain an excellent discussion of the principles
behind the ACI 318 design requirements and an example of the design and detailing of a frame-wall
structure. The notes are based on the requirements of the 1997 Uniform Building Code (International
Conference of Building Officials) instead of the Provisions. The other publications cited above provide
additional background for the design of earthquake-resistant reinforced concrete structures.

Most of the large-scale structural analysis for this chapter was carried out using the ETABS Building
Analysis Program developed by Computers and Structures, Inc., Berkeley, California. Smaller portions
of the structure were modeled using the SAP2000 Finite Element Analysis Program, also developed by
Computers and Structures. Column capacity and design curves were computed using Microsoft Excel,
with some verification using the PCACOL program created and developed by the Portland Cement
Association.

Although this volume of design examples is based on the 2000 Provisions, it has been annotated to reflect
changes made to the 2003 Provisions. Annotations within brackets, [ ], indicate both organizational
changes (as a result of a reformat of all of the chapters of the 2003 Provisions) and substantive technical
changes to the 2003 Provisions and its primary reference documents. While the general concepts of the
changes are described, the design examples and calculations have not been revised to reflect the changes
to the 2003 Provisions.

The changes related to reinforced concrete in Chapter 9 of the 2003 Provisions are generally intended to
maintaining compatibility between the Provisions and the ACI 318-02. Portions of the 2000 Provisions
have been removed because they were incorporated into ACI 318-02. Other chances to Chapter 9 are
related to precast concrete (as discussed in Chapter 7 of this volume of design examples).

Some general technical changes in the 2003 Provisions that relate to the calculations and/or design in this
chapter include updated seismic hazard maps, revisions to the redundancy requirements, revisions to the
minimum base shear equation, and revisions several of the system factors (R, ©,, C,) for dual systems.

Where they affect the design examples in this chapter, other significant changes to the 2003 Provisions
and primary reference documents are noted. However, some minor changes to the 2003 Provisions and
the reference documents may not be noted.

Note that these examples illustrate comparisons between seismic and wind loading for illustrative
purposes. Wind load calculations are based on ASCE 7-98 as referenced in the 2000 Provisions, and
there have not been any comparisons or annotations related to ASCE 7-02.
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6.1 DEVELOPMENT OF SEISMIC LOADS AND DESIGN REQUIREMENTS

6.1.1 Seismicity

Using Provisions Maps 7 and 8 [Figures 3.3-3 and 3.3-4] for Berkeley, California, the short period and
one-second period spectral response acceleration parameters Sq and S, are 1.65 and 0.68, respectively.
[The 2003 Provisions have adopted the 2002 USGS probabilistic seismic hazard maps, and the maps have
been added to the body of the 2003 Provisions as figures in Chapter 3 (instead of the previously used
separate map package.] For the very dense soil conditions, Site Class C is appropriate as described in
Provisions Sec. 4.1.2.1 [3.5.1]. Using Sg = 1.65 and Site Class C, Provisions Table 4.1.2.4a [3.3-1] lists a
short period site coefficient F, of 1.0. For S, > 0.5 and Site Class C, Provisions Table 4.1.2.4b [3.3-2]
gives a velocity based site coefficient F, of 1.3. Using Provisions Eq. 4.1.2.4-1 and 4.1.2.4-2 [3.3-1 and
3.3-2], the maximum considered spectral response acceleration parameters for the Berkeley building are:

Sys=F.Ss=1.0x 1.65=165
Sy, = F,S; = 1.3x0.68 = 0.884

The design spectral response acceleration parameters are given by Provisions Eq. 4.1.2.5-1 and 4.1.2.5-2
[3.3-3 and 3.3-4]:

Sps = (2/3) Sys = (2/3) 1.65 = 1.10
S, = (2/3) Sy, = (2/3) 0.884 = 0.589

The transition period (T,) for the Berkeley response spectrum is:

Sp, 0589

s =0.535 sec
Sps  1.10

T, is the period where the horizontal (constant acceleration) portion of the design response spectrum
intersects the descending (constant velocity or acceleration inversely proportional to T) portion of the
spectrum. It is used later in this example as a parameter in determining the type of analysis that is
required for final design.

For Honolulu, Provisions Maps 19 and 20 [Figure 3.3-10] give the short-period and 1-sec period spectral
response acceleration parameters of 0.61 and 0.178, respectively. For the very dense soil/firm rock site
condition, the site is classified as Site Class C. Interpolating from Provisions Table 4.1.4.2a [3.3-1], the
short-period site coefficient (F,) is 1.16 and, from Provisions Table 4.1.2.4b [3.3-2], the interpolated
long-period site coefficient (F,) is 1.62. The maximum considered spectral response acceleration
parameters for the Honolulu building are:

Sys = F.Ss = 1.16 X 0.61 = 0.708
Sy, =F,S,=1.62x0.178 = 0.288

and the design spectral response acceleration parameters are:

Sps = (2/3) Sys = (2/3) 0.708 = 0.472
Sp; = (2/3) Sy, = (2/3) 0.288 = 0.192

The transition period (T,) for the Honolulu response spectrum is:
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T, =h=%:0.407 sec
Sps 0472

6.1.2 Structural Design Requirements

According to Provisions Sec. 1.3 [1.2], both the Berkeley and the Honolulu buildings are classified as
Seismic Use Group I. Provisions Table 1.4 [1.3] assigns an occupancy importance factor (1) of 1.0 to all
Seismic Use Group | buildings.

According to Provisions Tables 4.2.1a and 4.2.1b [Tables 1.4-1 and 1.4-2], the Berkeley building is
classified as Seismic Design Category D. The Honolulu building is classified as Seismic Design
Category C because of the lower intensity ground motion.

The seismic-force-resisting systems for both the Berkeley and the Honolulu buildings consist of moment-
resisting frames in the N-S direction. E-W loading is resisted by a dual frame-wall system in the
Berkeley building and by a set of moment-resisting frames in the Honolulu building. For the Berkeley
building, assigned to Seismic Design Category D, Provisions Sec. 9.1.1.3 [9.2.2.1.3] (which modifies
language in the ACI 318 to conform to the Provisions) requires that all moment-resisting frames be
designed and detailed as special moment frames. Similarly, Provisions Sec. 9.1.1.3 [9.2.2.1.3] requires
the structural walls to be detailed as special reinforced concrete shear walls. For the Honolulu building
assigned to Seismic Design Category C, Provisions Sec. 9.1.1.3 [9.2.2.1.3] allows the use of intermediate
moment frames. According to Provisions Table 5.2.2 [4.3-1], neither of these structures violate height
restrictions.

Provisions Table 5.2.2 [4.3-1] provides values for the response modification coefficient (R), the system
over strength factor (€,), and the deflection amplification factor (C,) for each structural system type. The
values determined for the Berkeley and Honolulu buildings are summarized in Table 6-1.

Table 6-1 Response Modification, Overstrength, and Deflection Amplification Coefficients
for Structural Systems Used

Response
Location  Direction Building Frame Type R Q, Cq
Berkeley N-S Special moment frame 8 3 55
E-W  Dual system incorporating special moment 8 2.5 6.5
frame and structural wall
Honolulu N-S Intermediate moment frame 5 3 4.5
E-W  Intermediate moment frame 5 3 4.5

[For a dual system consisting of a special moment frame and special reinforced concrete shear walls, R =
7,Q,=25,and C;=5.5in 2003 Provisions Table 4.3-1.]

For the Berkeley building dual system, the Provisions requires that the frame portion of the system be
able to carry 25 percent of the total seismic force. As discussed below, this requires that a separate
analysis of a frame-only system be carried out for loading in the E-W direction.

With regard to the response modification coefficients for the special and intermediate moment frames, it
is important to note that R = 5.0 for the intermediate frame is 0.625 times the value for the special frame.
This indicates that intermediate frames can be expected to deliver lower ductility than that supplied by the
more stringently detailed special moment frames.
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For the Berkeley system, the response modification coefficients are the same (R = 8) for the frame and
frame-wall systems but are higher than the coefficient applicable to a special reinforced concrete
structural wall system (R = 6). This provides an incentive for the engineer to opt for a frame-wall system
under conditions where a frame acting alone may be too flexible or a wall acting alone cannot be
proportioned due to excessively high overturning moments.

6.1.3 Structural Configuration

Based on the plan view of the building shown in Figure 6-1, the only possibility of a plan irregularity is a
torsional irregularity (Provisions Table 5.2.3.2 [4.3-2]) of Type 1a or 1b. While the actual presence of
such an irregularity cannot be determined without analysis, it appears unlikely for both the Berkeley and
the Honolulu buildings because the lateral-force-resisting elements of both buildings are distributed
evenly over the floor. For the purpose of this example, it is assumed (but verified later) that torsional
irregularities do not exist.

As for the vertical irregularities listed in Provisions Table 5.2.3.3 [4.3-3], the presence of a soft or weak
story cannot be determined without calculations based on an existing design. In this case, however, the
first story is suspect, because its height of 18 ft is well in excess of the 12.5-ft height of the story above.
As with the torsional irregularity, it is assumed (but verified later) that a vertical irregularity does not
exist.

6.2 DETERMINATION OF SEISMIC FORCES
The determination of seismic forces requires knowledge of the magnitude and distribution of structural
mass, the short period and long period response accelerations, the dynamic properties of the system, and

the system response modification factor (R). Using Provisions Eq. 5.4.1 [5.2-1], the design base shear for
the structure is:

V=CW

where W is the total (seismic) weight of the building and Cj is the seismic response coefficient. The upper
limit on Cq is given by Provisions Eq. 5.4.1.1-1 [5.2-2]:

:SDS
STR/I

For intermediate response periods, Eq. 5.4.1.1-2 [5.2-3] controls:

CSZ SDl
T(R/1)

However, the response coefficient must not be less than that given by Eq. 5.4.1.1-3 [changed in the 2003
Provisions]:

C = 0.044S4]

Note that the above limit will apply when the structural period is greater than S,/0.044RSps. This limit is
(0.589)/(0.044 x 8 x 1.1) = 1.52 sec for the Berkeley building and (0.192)/(0.044 x 5 x 0.472) = 1.85 sec
for the Honolulu building. [The minimum C, value is simply 0.01in the 2003 Provisions, which would
not be applicable to this example as discussed below.]
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In each of the above equations, the importance factor (1) is taken as 1.0. With the exception of the period
of vibration (T), all of the other terms in previous equations have been defined and/or computed earlier in
this chapter.

6.2.1 Approximate Period of Vibration

Requirements for the computation of building period are given in Provisions Sec. 5.4.2 [5.2.2]. For the
preliminary design using the ELF procedure, the approximate period (T,) computed in accordance with
Provisions Eq. 5.4.2.1-1 [5.2-6] could be used:

T, =C,h

Because this formula is based on lower bound regression analysis of measured building response in
California, it will generally result in periods that are lower (hence, more conservative for use in predicting
base shear) than those computed from a more rigorous mathematical model. This is particularly true for
buildings located in regions of lower seismicity. If a more rigorous analysis is carried out (using a
computer), the resulting period may be too high due to a variety of possible modeling errors.
Consequently, the Provisions places an upper limit on the period that can be used for design. The upper
limitis T = C,T, where C, is provided in Provisions Table 5.4.2 [5.2-1].

For the N-S direction of the Berkeley building, the structure is a reinforced concrete moment-resisting
frame and the approximate period is calculated according to Provisions Eq. 5.4.2.1-1 [5.2-6]. Using
Provisions Table 5.4.2.1 [5.2-2], C, = 0.016 and x = 0.9. With h, =155.5 ft, T, = 1.50 sec. With Sy, >
0.40 for the Berkeley building, C, = 1.4 and the upper limit on the analytical period is T = 1.4(1.5) = 2.1
sec.

For E-W seismic activity in Berkeley, the structure is a frame-wall system with C, = 0.020 and x =0.75.
Substituting the appropriate values in Provisions Eq. 5.4.2.1-1 [5.2-6], the E-W period T, = 0.88 sec. The
upper limit on the analytical period is (1.4)0.88 = 1.23 sec.

For the Honolulu building, the T, = 1.5 sec period computed above for concrete moment frames is
applicable in both the N-S and E-W direction. For Honolulu, Sy, is 0.192g and, from Provisions Table
5.4.2 [5.2-1], C, can be taken as 1.52. The upper limit on the analytical period is T = 1.52(1.5) = 2.28 sec.

The period to be used in the ELF analysis will be in the range of T, to C,T,. If an accurate analysis
provides periods greater than C,T,, C,T, should be used. If the accurate analysis produces periods less
than C,T, but greater than T,, the period from the analysis should be used. Finally, if the accurate analysis
produces periods less than T,, T, may be used.

Later in this chapter, the more accurate periods will be computed using a finite element analysis program.
Before this can be done, however, the building mass must be determined.

6.2.2 Building Mass

Before the building mass can be determined, the approximate size of the different members of the
seismic-force-resisting system must be established. For special moment frames, limitations on
beam-column joint shear and reinforcement development length usually control. This is particularly true
when lightweight (LW) concrete is used. An additional consideration is the amount of vertical
reinforcement in the columns. ACI 318 Sec. 21.4.3.1 limits the vertical steel reinforcing ratio to 6 percent
for special moment frame columns; however, 4 percent vertical steel is a more practical limit.
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Based on a series of preliminary calculations (not shown here), it is assumed that all columns and
structural wall boundary elements are 30 in. by 30 in., girders are 22.5 in. wide by 32 in. deep, and the
panel of the structural wall is 16 in. thick. It has already been established that pan joists are spaced 36 in.
0.c., have an average web thickness of 6 in., and, including a 4-in.-thick slab, are 20 in. deep. For the
Berkeley building, these member sizes probably are close to the final sizes. For the Honolulu building
(which has no structural wall and ultimately ends up with slightly smaller elements), the masses computed
from the above member sizes are on the conservative (heavy) side.

In addition to the building structural weight, the following superimposed dead loads (DL) were assumed:

Partition DL (and roofing) = 10 psf
Ceiling and mechanical DL = 15 psf
Curtain wall cladding DL = 10 psf

Based on the member sizes given above and on the other dead load, the individual story weights, masses,
and mass moments of inertia are listed in Table 6-2. These masses were used for both the Berkeley and
the Honolulu buildings.

As discussed below, the mass and mass moments of inertia are required for the determination of modal
properties using the ETABS program. Note from Table 6-2 that the roof and lowest floor have masses
slightly different from the typical floors. It is also interesting to note that the average density of this
building is 11.2 pcf. A normal weight (NW) concrete building of the same configuration would have a
density of approximately 14.0 pcf.

The use of LW instead of NW concrete reduces the total building mass by more than 20 percent and
certainly satisfies the minimize mass rule of earthquake-resistant design. However, there are some
disadvantages to the use of LW concrete. In general, LW aggregate reinforced concrete has a lower
toughness or ductility than NW reinforced concrete and the higher the strength, the larger the reduction in
available ductility. For this reason and also the absence of pertinent test results, ACI 318 Sec. 21.2.4.2
allows a maximum compressive strength of 4,000 psi for LW concrete in areas of high seismicity. [Note
that in ACI 318-02 Sec. 21.2.4.2, the maximum compressive strength for LW concrete has been increased
to 5,000 psi.] A further penalty placed on LW concrete is the reduction of shear strength. This primarily
affects the sizing of beam-column joints (ACI 318 Sec. 21.5.3.2) but also has an effect on the amount of
shear reinforcement required in the panels of structural walls." For girders, the reduction in shear strength
of LW aggregate concrete usually is of no concern because ACI 318 disallows the use of the concrete in
determining the shear resistance of members with significant earthquake shear (ACI 318 Sec. 21.4.5.2).
Finally, the required tension development lengths for bars embedded in LW concrete are significantly
greater than those required for NW concrete.

Table 6-2 Story Weights, Masses, and Moments of Inertia

Mass Mass Moment of Inertia
Story Level Weight (Kips) (kips-sec?/in.) (in.-kip-sec?/rad)

'ACI 318 Sec. 21.6.4 [21.7.4] gives equations for the shear strength of the panels of structural walls. In the equations, the term
\/fT’ appears, but there is no explicit requirement to reduce the shear strength of the concrete when LW aggregate is used.

However, ACI 318 Sec. 11.2 states that wherever the term \/fT’ appears in association with shear strength, it should be

multiplied by 0.75 when all-LW concrete is used and by 0.85 when sand-LW concrete is used. In this example, which utilizes
sand-LW concrete, the shear strength of the concrete will be multiplied by 0.85 as specified in ACI 318 Chapter 11.
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Roof 2,783 7.202 4,675,000
12 3,051 7.896 5,126,000
11 3,051 7.896 5,126,000
10 3,051 7.896 5,126,000
9 3,051 7.896 5,126,000
8 3,051 7.876 5,126,000
7 3,051 7.896 5,126,000
6 3,051 7.896 5,126,000
5 3,051 7.896 5,126,000
4 3,051 7.896 5,126,000
3 3,051 7.896 5,126,000
2 3,169 8.201 5,324,000

Total 36,462

1.0 kip =4.45kN, 1.0 in. = 25.4 mm.

6.2.3 Structural Analysis

Structural analysis is used primarily to determine the forces in the elements for design purposes, compute
story drift, and assess the significance of P-delta effects. The structural analysis also provides other
useful information (e.g., accurate periods of vibration and computational checks on plan and vertical
irregularities). The computed periods of vibration are addressed in this section and the other results are
presented and discussed later.

The ETABS program was used for the analysis of both the Berkeley and Honolulu buildings. Those
aspects of the model that should be noted are:

1.

The structure was modeled with 12 levels above grade and one level below grade. The perimeter
basement walls were modeled as shear panels as were the main structural walls. It was assumed that
the walls were "fixed" at their base.

As automatically provided by the ETABS program, all floor diaphragms were assumed to be
infinitely rigid in plane and infinitely flexible out-of-plane.

Beams, columns, and structural wall boundary members were represented by two-dimensional frame
elements. Each member was assumed to be uncracked, and properties were based on gross area for
the columns and boundary elements and on effective T-beam shapes for the girders. (The effect of
cracking is considered in a simplified manner.) The width of the flanges for the T-beams is based on
the definition of T-beams in ACI 318 Sec. 8.10. Except for the slab portion of the joists which
contributed to T-beam stiffness of the girders, the flexural stiffness of the joists was ignored. For the
haunched girders, an equivalent depth of stem was used. The equivalent depth was computed to
provide a prismatic member with a stiffness under equal end rotation identical to that of the
nonprismatic haunched member. Axial, flexural, and shear deformations were included for all
members.

The structural walls of the Berkeley building are modeled as a combination of boundary elements and
shear panels.

Beam-column joints are modeled as 50 percent rigid. This provides effective stiffness for
beam-column joints halfway between a model with fully rigid joints (clear span analysis) and fully
flexible joints (centerline analysis).
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6. P-delta effects are ignored. An evaluation of the accuracy of this assumption is provided later in this
example.

6.2.4 Accurate Periods from Finite Element Analysis

The computed periods of vibration and a description of the associated modes of vibration are given for the
first 11 modes of the Berkeley building in Table 6-3. With 11 modes, the accumulated modal mass in
each direction is more than 90 percent of the total mass. Provisions Sec. 5.5.2 [5.3.2] requires that a
dynamic analysis must include at least 90 percent of the actual mass in each of the two orthogonal
directions. Table 6-4 provides the computed modal properties for the Honolulu building. In this case, 90
percent of the total mass was developed in just eight modes.

For the Berkeley building, the computed N-S period of vibration is 1.77 sec. This is between the
approximate period, T, = 1.5 sec, and C,T,= 2.1 sec. In the E-W direction, the computed period is 1.40
sec, which is greater than both T, = 0.88 sec and C,T,= 1.23 sec.

If cracked section properties were used, the computed period values for the Berkeley building would be
somewhat greater. For preliminary design, it is reasonable to assume that each member has a cracked
moment of inertia equal to one-half of the gross uncracked moment of inertia. Based on this assumption,
and the assumption that flexural behavior dominates, the cracked periods would be approximately 1.414
(the square root of 2.0) times the uncracked periods. Hence, for Berkeley, the cracked N-S and E-W
periods are 1.414(1.77) = 2.50 sec, and 1.414(1.4) = 1.98 sec, respectively. Both of these cracked periods
are greater than C,T,, so C,T, can be used in the ELF analysis.

For the Honolulu building, the uncracked periods in the N-S and E-W directions are 1.78 and 1.87 sec,
respectively. The N-S period is virtually the same as for the Berkeley building because there are no walls
in the N-S direction of either building. In the E-W direction, the increase in period from 1.4 sec to 1.87
sec indicates a significant reduction in stiffness due to the loss of the walls in the Honolulu building. For
both the E-W and the N-S directions, the approximate period (T,) for the Honolulu building is 1.5 sec,
and C,T, is 2.28 sec. Both of the computed periods fall within these bounds. However, if cracked section
properties were used, the computed periods would be 2.52 sec in the N-S direction and 2.64 sec in the
E-W direction. For the purpose of computing ELF forces, therefore, a period of 2.28 sec can be used for
both the N-S and E-W directions in Honolulu.

A summary of the approximate and computed periods is given in Table 6-5.
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Table 6-3 Periods and Modal Response Characteristics for the Berkeley Building

Period” % of Effective Mass Represented by Mode™
Mode (sec) N-S E-W Description

1 1.77 80.23 (80.2) 00.00 (0.00) First Mode N-S
2 1.40 0.0 (80.2) 71.48 (71.5) First Mode E-W
3 1.27 0.0 (80.2) 0.00 (71.5) First Mode Torsion
4 0.581 8.04 (88.3) 0.00 (71.5) Second Mode N-S
5 0.394 0.00 (88.3) 0.00 (71.5) Second Mode Torsion
6 0.365 0.00 (88.3) 14.17 (85.6) Second Mode E-W
7 0.336 2.24 (90.5) 0.00 (85.6) Third Mode N-S
8 0.230 0.88 (91.4) 0.00 (85.6) Fourth Mode N-S
9 0.210 0.00 (91.4) 0.00 (85.6) Third Mode Torsion

10 0.171 0.40 (91.8) 0.00 (85.6) Fifth Mode N-S

11 0.135 0.00 (91.8) 4.95 (90.6) Third Mode E-W

“ Based on gross section properties.
“ Accumulated mass in parentheses.

Table 6-4 Periods and Modal Response Characteristics for the Honolulu Building

Period” % of Effective Mass Represented by Mode™
Mode (sec) N-S E-W Description
1 1.87 79.7 (79.7) 0.00 (0.00) First Mode E-W
2 1.78 0.00 (79.7) 80.25 (80.2) First Mode N-S
3 1.38 0.00 (79.7) 0.00 (80.2) First Mode Torsion
4 0.610 8.79 (88.5) 0.00 (80.2) Second Mode E-W
5 0.584 0.00 (88.5) 8.04 (88.3) Second Mode N-S
6 0.452 0.00 (88.5) 0.00 (88.3) Second Mode Torsion
7 0.345 2.27 (90.7) 0.00 (88.3) Third Mode E-W
8 0.337 0.00 (90.7) 2.23(90.5) Third Mode N-S
9 0.260 0.00 (90.7) 0.00 (90.5) Third Mode Torsion
10 0.235 0.89 (91.6) 0.00 (90.5) Fourth Mode E-W
11 0.231 0.00 (91.6) 0.87 (91.4) Fourth Mode N-S

“ Based on gross section properties.
* Accumulated mass in parentheses.

Table 6-5 Comparison of Approximate and "Exact” Periods (in seconds)

Berkeley Honolulu
Method of Period
Computation N-S E-W N-S E-W
Approximate T, 1.50 0.88 1.50 1.50
Approximate x C, 2.10° 1.23 2.28 2.28
ETABS (gross) 1.77 1.40 1.78 1.87
ETABS (cracked) 2.50 1.98 2.52 2.64

“Values in italics should be used in the ELF analysis.

6.2.5 Seismic Design Base Shear
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The seismic design base shear for the Berkeley is computed below.

In the N-S direction with W = 36,462 kips (see Table 6-2), S, =1.10, S, =0.589,R=8,1=1,and T =
2.10 sec:

Sps _ 1.10

C. . =—bs _——~_01375
SRl 8/1

Sp,  0.589

C, = - ~0.0351
T(R/1) 2.10(8/2)

Cq ip =0.044S | =0.044(1.1)(1) = 0.0484

S,min
[As noted previously in Sec. 6.2, the minimum C, value is 0.01 in the 2003 Provisions.]

Cs min = 0.0484 controls, and the design base shear in the N-S direction is V = 0.0484 (36,462) = 1,765
Kips.

In the stiffer E-W direction, Cs ., and Cs,;, are as before, T = 1.23 sec, and

Cs = Sop __0.589 0.0598

STTRIN 123811

In this case, C4 = 0.0598 controls and V = 0.0598 (36,462) = 2,180 kips

For the Honolulu building, base shears are computed in a similar manner and are the same for the N-S and
the E-W directions. With W = 36,462 Kips, Sps =0.474, S5, =0.192, R=5,1=1,and T = 2.28 sec:

S 0.472
Co o =—25 == -0.0944
STl 5/1

c_ Sm _ 0192 _
STT(RIN) 2.28(5/1)

0.0168

Cs min = 0.044S | =0.044(0.472)(L.0) = 0.0207

C,=0.0207 controls and V = 0.0207 (36,462) = 755 kips
A summary of the Berkeley and Honolulu seismic design parameters are provided in Table 6-6.
Note that Provisions Sec. 5.4.6 [5.2.6.1] states that for the purpose of computing drift, a base shear

computed according to Provisions Eqg. 5.4.1.1-2 [5.2-3] (used to compute C4 above) may be used in lieu
of the shear computed using Provisions Eq. 5.4.1.1-3 [5.2-4] (used to compute Cs ,;, above).

Table 6-6 Comparison of Periods, Seismic Shears Coefficients, and Base Shears
for the Berkeley and Honolulu Buildings

Response T \
Location Direction Building Frame Type (sec) C, (kips)
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Berkeley N-S Special moment frame 2.10 0.0485 1,765

E-W  Dual system incorporating special moment 1.23  0.0598 2,180
frame and structural wall

Honolulu N-S Intermediate moment frame 2.28 0.0207 755
E-W Intermediate moment frame 2.28 0.0207 755

1.0 kip = 4.45 kN.

6.2.6 Development of Equivalent Lateral Forces

The vertical distribution of lateral forces is computed from Provisions Eq. 5.4.3-1 and 5.4.3-2 [5.2-10 and
5.2-11]:

F,=C,V

X VX

k
C = Wy hx

VX n
Z wi h :(
i=1
where

k=1.0 for T<0.5sec
k=2.0forT>25sec
k=0.75+05Tfor1.0<T<25sec

Based on the equations above, the seismic story forces, shears, and overturning moments are easily
computed using an Excel spreadsheet. The results of these computations are shown in Tables 6-7a and
6-7b for the Berkeley buildings and in Table 6-8 for the Honolulu building. A note at the bottom of each
table gives the calculated vertical force distribution factor (k). The tables are presented with as many
significant digits to the left of the decimal as the spreadsheet generates but that should not be interpreted
as real accuracy; it is just the simplest approach. Also, some of the sums are not exact due to truncation
error.
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Table 6-7a Vertical Distribution of N-S Seismic Forces for the Berkeley Building”

Height h Weight W Force F, Story  Overturning
Level (ft) (kips) Wh¥/X (kips) ShearV,  Moment

k

Wh (kips) M, (ft-K)
R 1555 2,783 24526067  0.187 3309 3309 4136
12 143.0 3,051 23123154  0.177 3119  642.8 12170
11 1305 3.051 10612869  0.150 264.6 9074 23512
10 118.0 3.051 16361753 0125 2207 11281 37.613
9 1055 3.051 13375088  0.102 1804 13085 53.970
8 93.0 3.051 10658879  0.081 1438 14523 72123
7 80.5 3.051 8220056  0.063 1109 15632 91.663
6 68.0 3.051 6066780  0.046 81.8 16450 112226
5 5.5 3.051 4208909  0.032 568 17018 133498
4 43.0 3.051 2658799  0.020 359 17377 155219
3 305 3.051 1432788 0011 193  1757.0 177.81
2 18.0 3.169 575987  0.004 78 17648 208947
Total 36,462 130821129 0998  1764.8

* Table based on T = 2.1 sec and k = 1.8.
1.0 ft=0.3048 m, 1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.

Table 6-7b Vertical Distribution of E-W Seismic Forces for the Berkeley Building”

Height h Weight W Force F, Story  Overturning
Level (ft) (kips) Wh/x (Kips) ShearV, = Moment

k

Wh (kips) M, (ft-k)

R 1555 2,783 2730393 0161 3506 351 4,382
12 1430 3.051 2660783 0157 3428 693 13049
11 1305 3,051 2356408 0139 3025 996 25497
10 1180 3,051 2053814 0121 2637 1260 41242
9 1055 3,051 1762714 0104 2263 1486 59816
8 93.0 3,051 1483957 0087 1905 1676 80771
7 805 3,051 1218579 0072 1565 1833 103,682
6 68.0 3.051 067870 0057 1243 1957 128146
5 55.5 3,051 733503 0043 042 2051 153788
4 430 3.051 517758 0.030 665 2118 180260
3 305 3,051 323975 0019 416 2159 207253
2 18.0 3,169 163821 0010 210 2180 2465500

Total 36462 16982575 1000 21805

* Table based on T = 1.23 sec and k = 1.365.
1.0 ft = 0.3048 m, 1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.
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Table 6-8 Vertical Distribution of N-S and E-W Seismic Forces for the Honolulu Building”

Height h Weight W Force F, Story  Overturning
Level (ft) (kips) Wh¥/X (kips) ShearV,  Moment

k
Wh (kips) M, (ft-K)
R 1555 2,783 38626348 0193 1456 1456 1820
12 143.0 3,051 36143260 0481 1362 2819 5343
11 1305 3,051 30405075 0452 1146 3965 10299
10 118.0 3.051 25136176  0.126 048 4912 16,440
9 105.5 3.051 20341799 0102 767 5679 23539
8 93.0 3.051 16.027.839  0.080 604 6283 31393
7 80.5 3.051 12210028  0.061 460 6743 39,822
6 68.0 3.051 8860192  0.044 334 7078 48669
5 5.5 3.051 6041655  0.030 228 7305 57.801
4 43.0 3.051 3729.903 0,019 141 7446 67.108
3 305 3.051 1948807  0.010 73 7519 76508
2 18.0 3.169 747115  0.004 28 7548 90,093
Total 36,462 200218197  1.002 7547

* Table based on T = 2.28 sec and k = 1.89.
1.0 ft=0.3048 m, 1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m

The computed seismic story shears for the Berkeley and Honolulu buildings are shown graphically in
Figures 6-3 and 6-4, respectively. Also shown in the figures are the story shears produced by ASCE 7
wind loads. For Berkeley, a 3-sec gust of 85 mph was used and, for Honolulu, a 3-sec gust of 105 mph.
In each case, an Exposure B classification was assumed. The wind shears have been factored by a value
of 1.36 (load factor of 1.6 times directionality factor 0.85) to bring them up to the ultimate seismic
loading limit state represented by the Provisions.

As can be seen from the figures, the seismic shears for the Berkeley building are well in excess of the
wind shears and will easily control the design of the members of the frames and walls. For the Honolulu
building, the N-S seismic shears are significantly greater than the corresponding wind shears, but the E-W
seismic and wind shears are closer. In the lower stories of the building, wind controls the strength
demands and, in the upper levels, seismic forces control the strength demands. (A somewhat more
detailed comparison is given later when the Honolulu building is designed.) With regards to detailing the
Honolulu building, all of the elements must be detailed for inelastic deformation capacity as required by
ACI 318 rules for intermediate moment frames.
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Figure 6-3 Comparison of wind and seismic story shears for the Berkeley building (1.0
ft =0.3048 m, 1.0 kip = 4.45 kN).
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Figure 6-4 Comparison of wind and seismic story shears for the Honolulu building (1.0 ft
=0.3048 m, 1.0 kip = 4.45 kN).

6.3 DRIFT AND P-DELTA EFFECTS

6.3.1 Direct Drift and P-Delta Check for the Berkeley Building

Drift and P-delta effects are checked according to Provisions Sec. 5.2.8 [5.2.6.1] and 5.4.6 [5.2.6.2],
respectively. According to Provisions Table 5.2.8 [4.5-1], the story drift limit for this Seismic Use Group
I building is 0.020h,, where hg, is the height of story x. This limit may be thought of as 2 percent of the

story height. Quantitative results of the drift analysis for the N-S and E-W directions are shown in Tables
6-9a and 6-9b, respectively.

With regards to the values shown in Table 6-9a, it must be noted that cracked section properties were
used in the structural analysis and that 0.0351/0.0484=0.725 times the story forces shown in Table 6-7a
were applied. This adjusts for the use of Provisions Eq. 5.4.1.1-3 [not applicable in the 2003 Provisions],
which governed for base shear, was not used in computing drift. In Table 6-9b, cracked section
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properties were also used, but the modifying factor does not apply because Provisions Eq. 5.4.1.1-2 [5.2-
3] controlled in this direction.

In neither case does the computed drift ratio (magnified story drift/h,,) exceed 2 percent of the story
height. Therefore, the story drift requirement is satisfied. A plot of the total drift resulting from both the

N-S and E-W equivalent lateral seismic forces is shown in Figure 6-5.
An example calculation for drift in Story 5 loaded in the E-W direction is given below. Note that the
relevant row is highlighted in Table 6-9b.

Deflection at top of story = 65, = 1.812 in.

Deflection at bottom of story = J,, = 1.410 in.
Story drift = A4, = Jg, - J,, = 1.812 - 1.410 = 0.402 in.

Deflection amplification factor, C, = 6.5

Importance factor, 1 = 1.0
Magnified story drift = 45 = C, 4./l = 6.5(0.402)/1.0 = 2.613 in.
Magnified drift ratio = A¢/h; = (2.613/150) = 0.01742 = 1.742% < 2.0% OK
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* Elasticlly computed under code-prescribed seismic forces

Figure 6-5 Drift profile for Berkeley building (1.0 ft =
0.3048 m, 1.0 in. = 25.4 mm).
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Table 6-9a Drift Computations for the Berkeley Building Loaded in the N-S Direction
Total Deflection Story Drift Story Driftx C, ~ Drift Ratio

Story (in.) (in.) (in.) (%)
12 3.640 0.087 0.478 0.319
11 3.533 0.145 0.798 0.532
10 3.408 0.203 1.117 0.744

9 3.205 0.232 1.276 0.851
8 2.973 0.276 1.515 1.010
7 2.697 0.305 1.675 1.117
6 2.393 0.334 1.834 1.223
5 2.059 0.348 1.914 1.276
4 1.711 0.348 1.914 1.276
3 1.363 0.364 2.002 1.334
2 0.999 0.381 2.097 1.398
1 0.618 0.618 3.397 1573

“ C4=5.5 for loading in this direction; total drift is at top of story, story height = 150 in. for Levels 3
through roof and 216 in. for Level 2.
1.0 in. = 25.4 mm.

Table 6-9b Drift Computations for the Berkeley Building Loaded in the E-W Direction

Total Drift Story Drift Story Drift x C,” Drift Ratio
Story (in.) (in.) (in.) (%)
12 4.360 0.300 1.950 1.300
11 4,060 0.340 2.210 1.473
10 3.720 0.340 2.210 1.473
9 3.380 0.360 2.340 1.560
8 3.020 0.400 2.600 1.733
7 2.620 0.400 2.600 1.733
6 2.220 0.408 2.652 1.768
5 1.812 0.402 2.613 1.742
4 1.410 0.386 2.509 1.673
3 1.024 0.354 2.301 1.534
2 0.670 0.308 2.002 1.335
1 0.362 0.362 2.353 1.089

“ C4=6.5 for loading in this direction; total drift is at top of story, story height = 150 in. for Levels 3
through roof and 216 in. for Level 2.
1.0in. =25.4 mm.

When a soft story exists in a Seismic Design Category D building, Provisions Table 5.2.5.1 [4.4-1]
requires that a modal analysis be used. However, Provisions Sec. 5.2.3.3 [4.3.2.3] lists an exception:

Structural irregularities of Types 1a, 1b, or 2 in Table 5.2.3.3 [4.3-2] do not apply where no story drift ratio
under design lateral load is less than or equal to 130 percent of the story drift ratio of the next story above. .
.. The story drift ratios of the top two stories of the structure are not required to be evaluated.
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For the building responding in the N-S direction, the ratio of first story to second story drift ratios is
1.573/1.398 = 1.13, which is less than 1.3. For E-W response, the ratio is 1.089/1.335 = 0.82, which also
is less than 1.3. Therefore, a modal analysis is not required and the equivalent static forces from Tables
6-7a and 6-7b may be used for design.

The P-delta analysis for each direction of loading is shown in Tables 6-10a and 6-10b. The upper limit on
the allowable story stability ratio is given by Provisions Eq. 5.4.6.2-2 [changed in the 2003 Provisions]
as:

6. =22 <050
BCyq

Taking g as 1.0 (see Provisions Sec. 5.4.6.2 [not applicable in the 2003 Provisions]), the stability ratio
limit for the N-S direction is 0.5/(1.0)5.5 = 0.091, and for the E-W direction the limit is 0.5/(1.0)6.5 =
0.077.

[In the 2003 Provisions, the maximum limit on the stability coefficient has been replaced by a
requirement that the stability coefficient is permitted to exceed 0.10 if and only “if the resistance to lateral
forces is determined to increase in a monotonic nonlinear static (pushover) analysis to the target
displacement as determined in Sec. A5.2.3. P-delta effects shall be included in the analysis.” Therefore,
in this example, the stability coefficient should be evaluated directly using 2003 Provisions Eqg. 5.2.-16.]

For this P-delta analysis a (reduced) story live load of 20 psf was included in the total story weight
calculations. Deflections are based on cracked sections, and story shears are adjusted as necessary for use
of Provisions Eq. 5.4.1.1-3 [5.2-3]. As can be seen in the last column of each table, the stability ratio (6)
does not exceed the maximum allowable value computed above. Moreover, since the values are less than
0.10 at all levels, P-delta effects can be neglected for both drift and strength computed limits according to
Provisions Sec. 5.4.6.2 [5.2.6.2].

An example P-delta calculation for the Level 5 under E-W loading is shown below. Note that the relevant
row is highlighted in Table 6-10b.

Magnified story drift = 45 = 2.613 in.

Story shear = Vg = 1,957 Kips

Accumulated story weight P; = 27,500 kips

Story height = h= 150 in.

Cy=6.5

0 = (Ps (45/Cy)) /(Vshgs) = 27,500(2.613/6.5)/(1957.1)(150) = 0.0377 < 0.077 OK

[Note that the equation to determine the stability coefficient has been changed in the 2003 Provisions.
The importance factor, I, has been added to 2003 Provisions Eq. 5.2-16. However, this does not affect
this example because 1 = 1.0.]
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Table 6-10a P-Delta Computations for the Berkeley Building Loaded in the N-S Direction

Story Dead  Story Live Total Story Accum. Story Stability
Story Drift Story Shear” Load Load Load Load Ratio
Level (in.) (kips) (kips) (kips) (kips) (kips) 0

12 0.478 239.9 2783 420 3203 3203 0.0077
11 0.798 466.0 3051 420 3471 6674 0.0138
10 1.117 657.8 3051 420 3471 10145 0.0209
9 1.276 817.9 3051 420 3471 13616 0.0257
8 1.515 948.7 3051 420 3471 17087 0.0331
7 1.675 1052.9 3051 420 3471 20558 0.0396
6 1.834 1133.3 3051 420 3471 24029 0.0471
5 1.914 1192.6 3051 420 3471 27500 0.0535
4 1.914 1233.8 3051 420 3471 30971 0.0582
3 2.002 1259.8 3051 420 3471 34442 0.0663
2 2.097 1273.8 3051 420 3471 37913 0.0757
1 3.397 1279.5 3169 420 3589 41502 0.0928

“ Story shears in Table 6-7a factored by 0.725. See Sec. 6.3.1.

1.0in. =25.4 mm, 1.0 kip = 4.45 kN.

Table 6-10b P-Delta Computations for the Berkeley Building Loaded in the E-W Direction

Story Dead  Story Live Total Story Accum. Story Stability
Story Drift Story Shear Load Load Load Load Ratio
Level (in.) (kips) (kips) (kips) (kips) (Kips) 0

12 1.950 350.6 2783 420 3203 3203 0.0183
11 2.210 693.3 3051 420 3471 6674 0.0218
10 2.210 995.9 3051 420 3471 10145 0.0231
9 2.340 1259.6 3051 420 3471 13616 0.0259
8 2.600 1485.9 3051 420 3471 17087 0.0307
7 2.600 1676.4 3051 420 3471 20558 0.0327
6 2.652 1832.9 3051 420 3471 24029 0.0357
5 2.613 1957.1 3051 420 3471 27500 0.0377
4 2.509 2051.3 3051 420 3471 30971 0.0389
3 2.301 2117.8 3051 420 3471 34442 0.0384
2 2.002 2159.4 3051 420 3471 37913 0.0361
1 2.353 2180.4 3169 420 3589 41502 0.0319

1.0in. =25.4 mm, 1.0 kip = 4.45 kN.

6.3.2 Test for Torsional Irregularity for Berkeley Building

In Sec. 6.1.3 it was mentioned that torsional irregularities are unlikely for the Berkeley building because
the elements of the seismic-force-resisting system were well distributed over the floor area. This will now
be verified by applying the story forces of Table 6-3a at an eccentricity equal to 5 percent of the building
dimension perpendicular to the direction of force (accidental torsion requirement of Provisions Sec.
5.4.4.2 [5.2.4.2]). Thistest is required per Provisions Sec. 5.2.3.2 [4.3.2.2]. Analysis was performed
using the ETABS program.
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The eccentricity is 0.05(102.5) = 5.125 ft for forces in the N-S direction and 0.05(216) = 10.8 ft in the E-
W direction.

For forces acting in the N-S direction:

Total displacement at center of mass = J,,, = 3.640 in. (see Table 6-9a)

Rotation at center of mass = 0.000189 radians

Maximum displacement at corner of floor plate = d,,, = 3.640 + 0.000189(102.5)(12)/2 = 3.756 in.
Ratio dyy,/054 = 3.756/3.640 = 1.03 < 1.20, so no torsional irregularity exists.

For forces acting in the E-W direction:

Total displacement at center of mass = d,,, = 4.360 in. (see Table 6-9b)

Rotation at center of mass = 0.000648 radians

Maximum displacement at corner of floor plate = d,,, = 4.360 + 0.000648(216)(12)/2 = 5.200 in.
Ratio d,,/d,,, = 5.200/4.360 = 1.19 < 1.20, so no torsional irregularity exists.

It is interesting that this building, when loaded in the E-W direction, is very close to being torsionally
irregular (irregularity Type 1a of Provisions Table 5.2.3.2 [4.3-2]), even though the building is extremely
regular in plan. The torsional flexibility of the building arises from the fact that the walls exist only on
interior Gridlines 3, 4, 5, and 6.

6.3.3 Direct Drift and P-Delta Check for the Honolulu Building

The interstory drift computations for the Honolulu building deforming under the N-S and E-W equivalent
static forces are shown in Tables 6-11a and 6-11b. As with the Berkeley building, the analysis used
cracked section properties. The applied seismic forces, shown previously in Table 6-3b were multiplied
by the ratio 0.0168/0.0207 = 0.808 to adjust for the use of Provisions Eq. 5.4.1.1-3. [As noted previously
in Sec. 6.2, the minimum Cs value has been removed in the 2003 Provisions.]

These tables, as well as Figure 6-6, show that the story drift at each level is less than the allowable
interstory drift of 0.020h,, (Provisions Table 5.2.8 [4.5-1]). Even though it is not pertinent for Seismic
Design Category C buildings, a soft first story does not exist for the Honolulu building because the ratio
of first story to second story drift does not exceed 1.3.
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Table 6-11a Drift Computations for the Honolulu Building Loaded in the N-S Direction

Total Drift Story Drift Story Drift x C,” Drift Ratio
Story (in.) (in.) (in.) (%)
12 1.766 0.040 0.182 0.121
11 1.726 0.069 0.313 0.208
10 1.656 0.097 0.436 0.291
9 1.559 0.118 0.531 0.354
8 1.441 0.136 0.611 0.407
7 1.306 0.149 0.669 0.446
6 1.157 0.160 0.720 0.480
5 0.997 0.168 0.756 0.504
4 0.829 0.171 0.771 0.514
3 0.658 0.176 0.793 0.528
2 0.482 0.184 0.829 0.553
1 0.297 0.297 1.338 0.619

“ C4 = 4.5 for loading in this direction; total drift is at top of story, story height = 150 in. for Levels 3
through roof and 216 in. for Level 2.
1.0 in. = 25.4 mm.

Table 6-11b Drift Computations for the Honolulu Building Loaded in the E-W Direction

Total Drift Story Drift Story Drift x C, ~ Drift Ratio
Story (in.) (in.) (in.) (%)
12 2.002 0.061 0.276 0.184
11 1.941 0.090 0.407 0.271
10 1.850 0.116 0.524 0.349
9 1.734 0.137 0.618 0.412
8 1.597 0.157 0.705 0.470
7 1.440 0.171 0.772 0.514
6 1.269 0.179 0.807 0.538
5 1.089 0.186 0.836 0.558
4 0.903 0.191 0.858 0.572
3 0.713 0.191 0.858 0.572
2 0.522 0.197 0.887 0.591
1 0.325 0.325 1.462 0.677

“ C4 = 4.5 for loading in this direction; total drift is at top of story, story height = 150 in. for Levels 3
through roof and 216 in. for Level 2.
1.0in. = 25.4 mm.

A sample calculation for Level 5 of Table 6-11b (highlighted in the table) is as follows:

Deflection at top of story = 5, =1.089 in.

Deflection at bottom of story = J,, = 0.903 in.

Story drift = A, = d, - J,, = 1.089-0.0903 = 0.186 in.

Deflectiom amplification factor, C, = 4.5

Importance factor, | = 1.0

Magnified story drift = 4, = C, 4./l = 4.5(0.186)/1.0 = 0.836 in.
Magnified drift ratio = 45 / hy = (0.836/150) = 0.00558 = 0.558% < 2.0%
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Therefore, story drift satisfies the drift requirements.

Calculations for P-delta effects are shown in Tables 6-12a and 6-12b for N-S and E-W loading,
respectively. The stability ratio at the 5th story from Table 6-12b is computed:

Magnified story drift = A4, = 0.836 in.

Story shear =V, = 571.9 = kips

Accumulated story weight P = 27500 kips

Story height = h; = 150 in.

Cy=45

0 = [Ps (45/Cy))/(Vshgs) = 27500(0.836/4.5)/(571.9)(150) = 0.0596

[Note that the equation to determine the stability coefficient has been changed in the 2003 Provisions.
The importance factor, I, has been added to 2003 Provisions Eq. 5.2-16. However, this does not affect
this example because 1 = 1.0.]

The requirements for maximum stability ratio (0.5/C4 = 0.5/4.5 = 0.111) are satisfied. Because the
stability ratio is less than 0.10 at all floors, P-delta effects need not be considered (Provisions Sec. 5.4.6.2
[5.2.6.2]). (The value of 0.1023 in the first story for the E-W direction is considered by the author to be
close enough to the criterion.)

Table 6-12a P-Delta Computations for the Honolulu Building Loaded in the N-S Direction

Story Dead  Story Live Total Story Accum. Story Stability

Story Drift Story Shear * Load Load Load Load Ratio
Level (in.) (kips) (kips) (kips) (kips) (kips) 0

12 0.182 117.7 2783 420 3203 3203 0.0073
11 0.313 227.7 3051 420 3471 6674 0.0136
10 0.436 320.4 3051 420 3471 10145 0.0205
9 0.531 396.9 3051 420 3471 13616 0.0270
8 0.611 458.9 3051 420 3471 17087 0.0337
7 0.669 507.7 3051 420 3471 20558 0.0401
6 0.720 544.9 3051 420 3471 24029 0.0470
5 0.756 571.9 3051 420 3471 27500 0.0539
4 0.771 590.3 3051 420 3471 30971 0.0599
3 0.793 601.6 3051 420 3471 34442 0.0672
2 0.829 607.6 3051 420 3471 37913 0.0766
1 1.338 609.8 3169 420 3589 41502 0.0937

“ Story shears in Table 6-8 factored by 0.808. See Sec. 6.3.3.
1.0in. =25.4 mm, 1.0 kip = 4.45 kN.
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Table 6-12b P-Delta Computations for the Honolulu Building Loaded in the E-W Direction
Story Dead  Story Live Total Story Accum. Story Stability

Story Drift Story Shear * Load Load Load Load Ratio
Level (in.) (kips) (kips) (kips) (kips) (kips) 0

12 0.276 117.7 2783 420 3203 3203 0.0111
11 0.407 227.7 3051 420 3471 6674 0.0177
10 0.524 320.4 3051 420 3471 10145 0.0246
9 0.618 396.9 3051 420 3471 13616 0.0314
8 0.705 458.9 3051 420 3471 17087 0.0389
7 0.772 507.7 3051 420 3471 20558 0.0463
6 0.807 544.9 3051 420 3471 24029 0.0527
5 0.836 571.9 3051 420 3471 27500 0.0596
4 0.858 590.3 3051 420 3471 30971 0.0667
3 0.858 601.6 3051 420 3471 34442 0.0728
2 0.887 607.6 3051 420 3471 37913 0.0820
1 1.462 609.8 3169 420 3589 41502 0.1023

* Story shears in Table 6-8 factored by 0.808. See Sec. 6.3.3.
1.0in. = 25.4 mm, 1.0 kip = 4.45 kN.

6.3.4 Test for Torsional Irregularity for the Honolulu Building

A test for torsional irregularity for the Honolulu building can be performed in a manner similar to that for
the Berkeley building. However, it is clear that a torsional irregularity will not occur for the Honolulu
building if the Berkeley building is not irregular. This will be the case because the walls, which draw the
torsional resistance towards the center of the Berkeley building, do not exist in the Honolulu building.

6.4 STRUCTURAL DESIGN OF THE BERKELEY BUILDING

6.4.1 Material Properties

For the Berkeley building, sand-LW aggregate concrete of 4,000 psi strength is used everywhere except
for the lower two stories of the structural walls where 6,000 psi NW concrete is used. All reinforcement
has a specified yield strength of 60 ksi, except for the panel of the structural walls which contains 40 ksi
reinforcement. This reinforcement must conform to ASTM A706. According to ACI 318 Sec. 21.2.5,
however, ASTM A615 reinforcement may be used if the actual yield strength of the steel does not exceed
the specified strength by more than 18 ksi and the ratio of actual ultimate tensile stress to actual tensile
yield stress is greater than 1.25.

6.4.2 Combination of Load Effects

Using the ETABS program, the structure was analyzed for the equivalent lateral loads shown in Tables
6-7a and 6-7b. For strength analysis, the loads were applied at a 5 percent eccentricity as required for
accidental torsion by Provisions Sec. 5.4.4.2 [5.2.4.2]. Where applicable, orthogonal loading effects were
included per Provisions Sec. 5.2.5.2.3 [4.4.2.3]. The torsional magnification factor (A,) given by
Provisions Eq. 5.4.4.3-1 [5.2-13] was not used because the building has no significant plan irregularities.

Provisions Sec. 5.2.7 [4.2.2.1] and Eq. 5.2.7-1 and 5.2.7-2 [4.2-1 and 4.2-2] require combination of load
effects be developed on the basis of ASCE 7, except that the earthquake load effect, E, be defined as:
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E = pQg +0.2Sp5D

when gravity and seismic load effects are additive and
E = pQg —0.2S,sD

when the effects of seismic load counteract gravity.

The special load combinations given by Provisions Eq. 5.2.7-1 and 5.2.7-2 [4.2-3 and 4.2-4] do not apply
to the Berkeley building because there are no discontinuous elements supporting stiffer elements above
them. (See Provisions Sec. 9.6.2 [9.4.1].)

The reliability factor (p) in Eq. 5.2.7-1 and 5.2.7-2 [not applicable in the 2003 Provisions] should be
taken as the maximum value of p, defined by Provisions Eq. 5.2.4.2:

PP I
A

where A, is the area of the floor or roof diaphragm above the story under consideration and Fnax, is the

largest ratio of the design story shear resisted by a single element divided by the total story shear for a
given loading. The computed value for p must be greater than or equal to 1.0, but need not exceed 1.5.
Special moment frames in Seismic Design Category D are an exception and must be proportioned such
that p is not greater than 1.25.

For the structure loaded in the N-S direction, the structural system consists of special moment frames, and
r;, is taken as the maximum of the shears in any two adjacent columns in the plane of a moment frame
divided by the story shear. For interior columns that have girders framing into both sides, only 70 percent
of the individual column shear need be included in this sum. In the N-S direction, there are four identical
frames. Each of these frames has eight columns. Using the portal frame idealization, the shear in an
interior column will be Vi, ior = 0.25 (2/14) V = 0.0357V.

Similarly, the shear in an exterior column will be Vo= 0.25 (1/14) V = 0.0179V.

For two adjacent interior columns:

o _0.7(Viy +Viy) _ 0.7(0.0375V +0.0375V)

ix = 0.0525
\ \
For one interior and one exterior column:
_ 0.7V +Voy) _ 0.7(0.0375V) +0.0179V) _0.0441

ix vV Vv

The larger of these values will produce the largest value of p,. Hence, for a floor diaphragm area A, equal
to 102.5 x 216 = 22,140 square ft:

20

- =-0.56
0.0525,/22,140

Py =2
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As this value is less than 1.0, p will be taken as 1.0 in the N-S direction.

For seismic forces acting in the E-W direction, the walls carry significant shear, and for the purposes of
computing p, it will be assumed that they take all the shear. According to the Provisions, r;, for walls is
taken as the shear in the wall multiplied by 10/l and divided by the story shear. The term |, represents
the plan length of the wall in feet. Thus, for one wall:

0.25V (10/20)
oy, =T = =0.125

Only 80 percent of the p value based on the above computations need be used because the walls are part
of a dual system. Hence, in the E-W direction

0.740

p, =08 Z—L -
o 0.125./22,140

and as with the N-S direction, p may be taken as 1.0. Note that p need not be computed for the columns
of the frames in the dual system, as this will clearly not control.

[The redundancy requirements have been substantially changed in the 2003 Provisions. For a building
assigned to Seismic Design Category D, p = 1.0 as long as it can be shown that failure beam-to-column
connections at both ends of a single beam (moment frame system) or failure of a single shear wall with
aspect ratio greater than 1.0 (shear wall system) would not result in more than a 33 percent reduction in
story strength or create an extreme torsional irregularity. Alternatively, if the structure is regular in plan
and there are at least 2 bays of perimeter framing on each side of the structure in each orthogonal
direction, it is permitted to use, p = 1.0. Per 2003 Provisions Sec. 4.3.1.4.3 special moment frames in
Seismic Design Category D must be configured such that the structure satisfies the criteria for p = 1.0.
There are no reductions in the redundancy factor for dual systems. Based on the preliminary design, p =
1.0 for because the structure has a perimeter moment frame and is regular.]

For the Berkeley structure, the basic ASCE 7 load combinations that must be considered are:

1.2D +1.6L
1.2D +0.5L + 1.0E
0.9D £ 1.0E

The ASCE 7 load combination including only 1.4 times dead load will not control for any condition in
this building.

Substituting E from the Provisions, with p taken as 1.0, the following load combinations must be used for
earthquake:

(1.2 +0.2S,)D + 0.5L + E
(1.2 + 0.2Sp,)D + 0.5L - E
(0.9-0.2S,)D+E
(0.9-0.2S,)D - E

Finally, substituting 1.10 for Sy, the following load combinations must be used for earthquake:

142D +05L+ E
142D +05L-E
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0.68D + E
0.68D - E

It is very important to note that use of the ASCE 7 load combinations in lieu of the combinations given in
ACI Chapter 9 requires use of the alternate strength reduction factors given in ACI 318 Appendix C:

Flexure without axial load ¢ = 0.80

Axial compression, using tied columns ¢ = 0.65 (transitions to 0.8 at low axial loads)
Shear if shear strength is based on nominal axial-flexural capacity ¢ = 0.75

Shear if shear strength is not based on nominal axial-flexural capacity ¢ = 0.55
Shear in beam-column joints ¢ = 0.80

[The strength reduction factors in ACI 318-02 have been revised to be consistent with the ASCE 7 load
combinations. Thus, the factors that were in Appendix C of ACI 318-99 are now in Chapter 9 of ACI
318-02, with some modification. The strength reduction factors relevant to this example as contained in
ACI 318-02 Sec. 9.3 are:

Flexure without axial load ¢ = 0.9 (tension-controlled sections)

Axial compression, using tied columns ¢ = 0.65 (transitions to 0.9 at low axial loads)
Shear if shear strength is based o nominal axial-flexural capacity ¢ = 0.75

Shear if shear strength is not based o nominal axial-flexural capacity ¢ = 0.60

Shear in beam-column joints ¢ = 0.85]

6.4.3 Comments on the Structure’s Behavior Under E-W Loading

Frame-wall interaction plays an important role in the behavior of the structure loaded in the E-W
direction. This behavior is beneficial to the design of the structure because:

1. For frames without walls (Frames 1, 2, 7, and 8), the shears developed in the girders (except for the
first story) do not differ greatly from story to story. This allows for a uniformity in the design of the
girders.

2. For frames containing structural walls (Frames 3 through 6), the overturning moments in the
structural walls are reduced significantly as a result of interaction with the remaining frames (Frames
1,2,7,and 8).

3. For the frames containing structural walls, the 40-ft-long girders act as outriggers further reducing the
overturning moment resisted by the structural walls.

The actual distribution of story forces developed in the different frames of the structure is shown in
Figure 6-7.% This figure shows the response of Frames 1, 2, and 3 only. By symmetry, Frame 8 is similar
to Frame 1, Frame 7 is similar to Frame 2, and Frame 6 is similar to Frame 3. Frames 4 and 5 have a
response that is virtually identical to that of Frames 3 and 6.

As may be observed from Figure 6-7, a large reverse force acts at the top of Frame 3 which contains a
structural wall. This happens because the structural wall pulls back on (supports) the top of Frame 1. The
deflected shape of the structure loaded in the E-W direction (see Figure 6-5) also shows the effect of
frame-wall interaction because the shape is neither a cantilever mode (wall alone) nor a shear mode

*The analysis used to create Figures 6-7 and 6-8 did not include the 5 percent torsional eccentricity or the 30 percent orthogonal
loading rules specified by the Provisions. The eccentricity and orthogonal load were included in the analysis carried out for
member design.
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(frame alone). It is the “straightening out” of the deflected shape of the structure that causes the story
shears in the frames without walls to be relatively equal.

A plot of the story shears in Frames 1, 2, and 3 is shown in Figure 6-8. The distribution of overturning
moments is shown in Figure 6-9 and indicates that the relatively stiff Frames 1 and 3 resist the largest
portion of the total overturning moment. The reversal of moment at the top of Frame 3 is a typical
response characteristic of frame-wall interaction.

6.4.4 Analysis of Frame-Only Structure for 25 Percent of Lateral Load

When designing a dual system, Provisions Sec. 5.2.2.1 [4.3.1.1] requires the frames (without walls) to
resist at least 25 percent of the total base shear. This provision ensures that the dual system has sufficient
redundancy to justify the increase from R = 6 for a special reinforced concrete structural wall to R = 8 for
a dual system (see Provisions Table 5.2.2 [4.3-1]). [Note that R =7 per 2003 Provisions Table 4.3-1.]
The 25 percent analysis was carried out using the ETABS program with the mathematical model of the
building being identical to the previous version except that the panels of the structural wall were removed.
The boundary elements of the walls were retained in the model so that behavior of the interior frames
(Frames 3, 4, 5, and 6) would be analyzed in a rational way.

The results of the analysis are shown in Figures 6-10, 6-11, and 6-12. In these figures, the original
analysis (structural wall included) is shown by a solid line and the 25 percent (backup frame) analysis
(structural wall removed) is shown by a dashed line. As can be seen, the 25 percent rule controls only at
the lower level of the building.

Frame 1 Frame 2 Frame 3 (includes wall)
12 L »2557 12 ——»107.8 12 -77.67 «—
11 -29.12 | 1 -18.96 ¢ 1 ——»120.88
10 | 5 26.56 10 »13.28 10 —»66.71
9 | 521.48 9 -»8.72 9 —»61.29
8 | 5 19.98 8 -»8.62 8 —»52.14
7 | . 15.74 7 1> 6.76 7 —»45.14
6 | »9.56 6 l»4.26 6 -»39.88
5 15 1.64 5 > 0.96 5 > 36.26
4 -8.18 o 4 288« 4 L> 34.37
3 -20.18 3 -8.68 € 3 H»34.77
2 -30.1 ¢ 2 -8.58 < 2 > 31.79
1 1149 | 1 584 «—] 1 —»91.96
Story force, kips Story force, kips Story force, kips

Figure 6-7 Story forces in the E-W direction (1.0 kip = 4.45 kN).
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Figure 6-8 Story shears in the E-W direction (1.0 ft = 0.3048 m, 1.0 kip = 4.45 kN).
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Figure 6-9 Story overturning moments in the E-W direction (1.0 ft = 0.3048 m, 1.0 ft-kip = 1.36 kN-m).
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Figure 6-10 25 percent story shears, Frame 1 E-W direction (1.0 ft = 0.3048
m, 1.0 kip = 4.45 kN).
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Figure 6-11 25 percent story shears, Frame 2 E-W direction (1.0 ft = 0.3048
m, 1.0 kip = 4.45 kN).
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Figure 6-12 25 percent story shear, Frame 3 E-W direction (1.0 ft = 0.3048 m,
1.0 kip = 4.45 kN)..

6.4.5 Design of Frame Members for the Berkeley Building

A sign convention for bending moments is required in flexural design. In this example, when the steel at
the top of a beam section is in tension, the moment is designated as a negative moment. When the steel at
the bottom is in tension, the moment is designated as a positive moment. All moment diagrams are drawn
using the reinforced concrete or tension-side convention. For beams, this means negative moments are
plotted on the top and positive moments are plotted on the bottom. For columns, moments are drawn on
the tension side of the member.

6.4.5.1 Initial Calculations

Before the quantity and placement of reinforcement is determined, it is useful to establish, in an overall
sense, how the reinforcement will be distributed. The preliminary design established that beams would
have a maximum depth of 32 in. and columns would be 30 in. by 30 in. In order to consider the
beam-column joints “confined” per ACI 318 Sec. 21.5, it was necessary to set the beam width to 22.5 in.,
which is 75 percent of the column width.

In order to determine the effective depth used for the design of the beams, it is necessary to estimate the
size and placement of the reinforcement that will be used. In establishing this depth, it is assumed that #8
bars will be used for longitudinal reinforcement and that hoops and stirrups will be constructed from #3
deformed bars. In all cases, clear cover of 1.5 in. is assumed. Since this structure has beams spanning in
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two orthogonal directions, it is necessary to layer the flexural reinforcement as shown in Figure 6-13. The
reinforcement for the E-W spanning beams was placed in the upper and lower layers because the strength
demand for these members is somewhat greater than that for the N-S beams.

@ 1.5" cover
T /-

— #8 bar

24"
25
28"

North-south
spanning beam

East-west | /

spanning beam

2-6"

Figure 6-13 Layout for beam reinforcement (1.0 ft = 0.3048 m, 1.0 in = 25.4
mm).

Given Figure 6-13, compute the effective depth for both positive and negative moment as:

Beams spanning in the E-W direction, d =32 - 1.5-0.375 - 1.00/2 = 29.6 in.
Beams spanning in the N-S direction, d =32 -1.5-0.375-1.0 - 1.00/2 = 28.6 in.

For negative moment bending, the effective width is 22.5 in. for all beams. For positive moment, the slab
is in compression and the effective T-beam width varies according to ACI 318 Sec. 8.10. The effective
widths for positive moment are as follows (with the parameter controlling effective width shown in
parentheses):

20-ft beams in Frames 1 and 8 b =225+ 20(12)/12 = 42.5 in. (span length)
Haunched beams b =225+ 2[8(4)] = 86.5 in. (slab thickness)
30-ft beams in Frames A, B, C, and D b =225+ [6(4)] = 46.5 in. (slab thickness)

ACI 318 Sec. 21.3.2 controls the longitudinal reinforcement requirements for beams. The minimum
reinforcement to be provided at the top and bottom of any section is:

~200b,d  200(22.5)29.6

Poin = f, 60,000

=222 in2
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This amount of reinforcement can be supplied by three #8 bars with A, = 2.37 in.? Since the three #8 bars
will be provided continuously top and bottom, reinforcement required for strength will include these #8
bars.

Before getting too far into member design, it is useful to check the required tension development length
for hooked bars since the required length may control the dimensions of the columns and the boundary
elements of the structural walls.

From Eq. 21-6 of ACI 318 Sec. 21.5.4.1, the required development length is:

_ fydb

ly = —2——
dh 65\/f—c,

For NW concrete, the computed length should not be less than 6 in. or 8d,. For LW concrete, the
minimum length is the larger of 1.25 times that given by ACI 318 Eq. 21-6, 7.5 in., or 10d,. For f,' =
4,000 psi LW concrete, ACI 318 Eq. 21-6 controls for #3 through #11 bars.

For straight “top” bars, 1, = 3.5l,, and for straight bottom bars, I, = 2.51,,. These values are applicable
only when the bars are anchored in well confined concrete (e.g., column cores and plastic hinge regions
with confining reinforcement). The development length for the portion of the bar extending into
unconfined concrete must be increased by a factor of 1.6. Development length requirements for hooked
and straight bars are summarized in Table 6-13.

Where hooked bars are used, the hook must be 90 degrees and be located within the confined core of the
column or boundary element. For bars hooked into 30-in.-square columns with 1.5 in. of cover and #4
ties, the available development length is 30 - 1.50 - 0.5 = 28.0 in. With this amount of available length,
there will be no problem developing hooked bars in the columns. As required by ACI 318 Sec. 12.5,
hooked bars have a 12d, extension beyond the bend. ACI 318 Sec. 7.2 requires that #3 through #8 bars
have a 6d, bend diameter and #9 through #11 bars have a 8d, diameter.

Table 6-13 is applicable to bars anchored in joint regions only. For development of bars outside of joint
regions, ACI 318 Chapter 12 should be used.

Table 6-13 Tension Development Length Requirements for Hooked Bars
and Straight Bars in 4,000 psi LW Concrete

Bar Size d, (in.) I, hook (in.) I, top (in.) I, bottom (in.)
#4 0.500 9.1 31.9 22.8
#5 0.625 11.4 39.9 28.5
#6 0.750 13.7 48.0 34.3
#7 0.875 16.0 56.0 40.0
#8 1.000 18.2 63.7 455
#9 1.128 20.6 72.1 51.5
#10 1.270 23.2 81.2 58.0
#11 1.410 25.7 90.0 64.2

1.0in. =25.4 mm.
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6.4.5.2 Design of Members of Frame 1 for E-W Loading

For the design of the members of Frame 1, the equivalent lateral forces of Table 6-7b were applied at an
eccentricity of 10.5 ft together with 30 percent of the forces of Table 6-7a applied at an eccentricity of 5.0
ft. The eccentricities were applied in such a manner as to maximize torsional response and produce the
largest shears in Frame 1.

For this part of the example, the design and detailing of all five beams and one interior column of Level 5
are presented in varying amounts of detail. The beams are designed first because the flexural capacity of
the as-designed beams is a factor in the design and detailing of the column and the beam-column joint.
The design of a corner column will be presented later.

Before continuing with the example, it should be mentioned that the design of ductile reinforced concrete
moment frame members is dominated by the flexural reinforcement in the beams. The percentage and
placement of beam flexural reinforcement governs the flexural rebar cutoff locations, the size and spacing
of beam shear reinforcement, the cross-sectional characteristics of the column, the column flexural
reinforcement, and the column shear reinforcement. The beam reinforcement is critical because the basic
concept of ductile frame design is to force most of the energy-absorbing deformation to occur through
inelastic rotation in plastic hinges at the ends of the beams.

In carrying out the design calculations, three different flexural strengths were used for the beams. These
capacities were based on:

Design strength ¢ = 0.8, tensile stress in reinforcement at 1.00 f,
Nominal strength ¢ = 1.0, tensile stress in reinforcement at 1.00 f,
Probable strength ¢= 1.0, tensile stress in reinforcement at 1.25 f,

Various aspects of the design of the beams and other members depend on the above capacities as follows:

Beam rebar cutoffs Design strength

Beam shear reinforcement Probable strength of beam
Beam-column joint strength Probable strength of beam
Column flexural strength 6/5 x nominal strength of beam
Column shear strength Probable strength of column

In addition, beams in ductile frames will always have top and bottom longitudinal reinforcement
throughout their length. In computing flexural capacities, only the tension steel will be considered. This
is a valid design assumption because reinforcement ratios are quite low, yielding a depth to the neutral
axis similar to the depth of the compression reinforcement (d'/d is about 0.08, while the neutral axis depth
at ultimate ranges from 0.07 to 0.15 times the depth) .2

The preliminary design of the girders of Frame 1 was based on members with a depth of 32 in. and a
width of 22.5 in. The effective depth for positive and negative bending is 29.6 in. and the effective
widths for positive and negative bending are 42.5 and 22.5 in., respectively. This assumes the stress
block in compression is less than the 4.0-inch flange thickness.

The layout of the geometry and gravity loading on the three eastern-most spans of Level 5 of Frame 1 as
well as the unfactored gravity and seismic moments are illustrated in Figure 6-14. The seismic moments
are taken directly from the ETABS program output and the gravity moments were computed by hand

3See Chapter 1 of the 2" Edition of the Handbook of Concrete Engineering edited by Mark Fintel (New York: Van Nostrand
Reinhold Company, 1984).
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using the coefficient method of ACI 318 Chapter 8. Note that all moments (except for midspan positive
moment) are given at the face of the column and that seismic moments are considerably greater than those
due to gravity.

Factored bending moment envelopes for all five spans are shown in Figure 6-14. Negative moment at the
supports is controlled by the 1.42D + 0.5L + 1.0E load combination, and positive moment at the support
is controlled by 0.68D - 1.0E. Midspan positive moments are based on the load combination 1.2D + 1.6L.
The design process is illustrated below starting with Span B-C.

® ® @ © 0

| ) S ) E——

T T T T T 7 (1 T T T T T T 3|1 T T TFT T T 1 _'_':<|

\Ib 17-6" E‘I LJ L\ (Sagan layout
|:' 20-0" i L 20-0" L | andloading
7 7 7 7

4,457 4,708 4,515
mﬂmﬂﬂm Wmﬂm Wﬂm (®)
Earthquake moment
] ]| sl L
4,635

786 715 715 715 715
AN\ T A T
nractore momen
\\'/ \/ \_{/ (inKips)

152 242 5 221 221, 221 221 o

. I ~ ., — I ~_ | — | Unfactored LL moment
173 152 152 (in.-kips)

©)

Required strength
T~ envelopes (in.-kips)

142D +05L +E
_____ 1.2D+1.6L - midspan
— — —068D-E

S~ — e ———

Figure 6-14 Bending moments for Frame 1 (1.0 ft = 0.3048 m, 1.0 in.-kip = 0.113 kN-m).

6.4.5.2.1 Span B-C

1. Design for Negative Moment at the Face of the Support
M, = 1.42(-715) + 0.5(-221) + 1.0(-4515) = -5,641 in.-Kips
Try two #9 bars in addition to the three #8 bars required for minimum steel:
A, =2(1.0) + 3(0.79) = 4.37 in.2

f,'= 4,000 psi
f, = 60 ksi
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Width b for negative moment = 22.5 in.

d=29.6in.

Depth of compression block, a = Af,/.85f;'b

a=4.37 (60)/[0.85 (4) 22.5] = 3.43in.

Design strength, ¢M, = gAf(d - a/2)

¢M,, = 0.8(4.37)60(29.6 - 3.43/2) = 5,849 in.-Kips > 5,641 in.-kips OK
2. Design for Positive Moment at Face of Support

M, = [-0.68(715)] + [1.0(4,515)] = 4,028 in.-kips

Try two #7 bars in addition to the three #8 bars already provided as minimum steel:

A, =[2(0.60)] + [3(0.79)] = 3.57 in. ?

Width b for positive moment = 42.5 in.

d=29.6in.

a =[3.57(60)]/[0.85(4)42.5] = 1.48 in.

¢M, =0.8(3.57) 60(29.6 - 1.48/2) = 4,945 in.-Kips > 4,028 in.-Kips OK
3. Positive Moment at Midspan

M, = [1.2(492)] + [1.6(152)] = 833.6 in.-Kips

Minimum reinforcement (three #8 bars) controls by inspection. This positive moment reinforcement will
also work for Spans A'-B and A-A'.

6.4.5.2.2 Span A'-B
1. Design for Negative Moment at the Face of Support A'

M, = [1.42(-715)] + [0.5(-221)] + [1.0(-4,708)] = -5,834 in.-kips

Three #8 bars plus two #9 bars (capacity = 5,849 in.-kips) will work as shown for Span B-C.
2. Design for Negative Moment at the Face of Support B

M, = [1.42(-715)] + [0.5(-221)] + [1.0(-4,635)] = -5,761 in.-kips

As before, use three #8 bars plus two #9 bars.
3. Design for Positive Moment at Face of Support A'

M, = [-0.68(715)] + [1.0(4708)] = 4,222 in.-kips

Three #8 bars plus two #7 bars (capacity = 4,945 in.-kips) works as shown for Span B-C.
4. Design for Positive Moment at Face of Support B'

M, = [-0.68(715)] + [1.0(4,635)] = 4,149 in.-kips

As before, use three #8 bars plus two #7 bars.
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6.4.5.2.3 Span A-A'

1. Design for Negative Moment at the Face of Support A
M, = [1.42(-492)] + [0.5(-152)] + [1.0(-4,457)] = -5,232 in.-kips
Try three #8 bars plus two #8 bars:

A,=5x0.79=3.95in2
Width b for negative moment = 22.5 in.

d=29.6in.
a = [3.95(60)/[0.85(4)22.5] = 3.10 in.
#M, =[0.8(3.95)60] (29.6 - 3.10/2) = 5,318 in.-kips > 5,232 in.-kips OK

2. Design for Negative Moment at the Face of Support A’
M, = [1.42(-786)] + [0.5(-242)] + [1.0(-3,988)] = -5,225 in.-kips
Use three #8 bars plus two #9 bars as required for Support B of Span A'-B.
3. Design for Positive Moment at Face of Support A
M, = [-0.68(492)] + [1.0(4,457)] = 4,122 in.-kips
Three #8 bars plus two #7 bars will be sufficient.
4. Design for Positive Moment at Face of Support A’
M, = [-0.68(786)] + [1.0(3,988)] = 3,453 in.-kips
As before, use three #8 bars plus two #7 bars.
6.4.5.2.4 Spans C-C'and C'-D

Reinforcement requirements for Spans C-C' and C'-D are mirror images of those computed for Spans
A'-B and A-A', respectively.

In addition to the computed strength requirements and minimum reinforcement ratios cited above, the
final layout of reinforcing steel also must satisfy the following from ACI 318 Sec. 21.3.2:

Minimum of two bars continuous top and bottom  OK (three #8 bars continuous top and bottom)

Positive moment strength greater than OK (at all joints)
50 percent negative moment strength at a joint

Minimum strength along member greater OK (A, provided = three #8 bars is more than
than 0.25 maximum strength 25 percent of reinforcement provided at joints)

The preliminary layout of reinforcement is shown in Figure 6-15. The arrangement of bars actually
provided is based on the above computations with the exception of Span B-C where a total of six #8 top
bars were used instead of the three #8 bars plus two #9 bars combination. Similarly, six #8 bars are used
at the bottom of Span B-C. The use of six #8 bars is somewhat awkward for placing steel, but it allows
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for the use of three #8 continuous top and bottom at all spans. An alternate choice would have been to
use two #9 continuous across the top of Span B-C instead of the three of the #8 bars. However, the use of
two #9 bars (p = 0.00303) does not meet the minimum reinforcement requirement p,;, = 0.0033.

(2)#8

2-8"

(3)#8
() #7

@) #7

26"

Note:

Drawing not to scale

Q) #7

) #8

(3)#8
@ #
200"

(typical)

Figure 6-15 Preliminary rebar layout for Frame 1 (1.0 ft = 03.048 m).

As mentioned above, later phases of the frame design will require computation of the design strength and
the maximum probable strength at each support. The results of these calculations are shown in Table

6-14.
Table 6-14 Design and Maximum Probable Flexural Strength For Beams in Frame 1
Location
ltem A A’ B C c D
. five #8  three #8 + SiX #8 SiX #8 three #8 + five #8
Reinforcement
two #9 two #9
Negative | Design Strength 5515 5909 6311 7.100 5,849 5,318
Moment (in.-kips)
Probable Strength g 195 g999  9p97 9,697 8,099 8,195
(in.-kips)
Reinforcement three #8 + three #8 + SixX #8 SiX #8 three #8 + three #8 +
two #7 two #7 two #7 two #7
Positive | Design Strength ) g/0 4945 510 6510 4,945 4,945
Moment (in.-kips)
Probable Strength 2 527 7677 10085 10085 7,655 7,677
(in.-kips)
1.0 in.-kip = 0.113 kKN-m.

As an example of computation of probable strength, consider the case of six #8 top bars:

A,=6(0.79) =4.74in?
Width b for negative moment = 22.5 in.
d=29.6in.
Depth of compression block, a = A,(1.25f,)/0.85f;'b
a = 4.74(1.25)60/[0.85(4)22.5] = 4.65 in.
M, = 1.0A,(1.25f )(d - a/2)
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M, = 1.0(4.74)1.25(60)(29.6 - 4.65/2) = 9,697 in.-Kips
For the case of six #8 bottom bars:

A,=6(0.79) =4.74in?

Width b for positive moment = 42.5 in.

d=29.6in.

a=4.74(1.25)60/(0.85 x 4 x 42.5) = 2.46 in.

M, = 1.0(4.74)1.25(60)(29.6 - 2.46/2) = 10,085 in.-kips

6.4.5.2.5 Adequacy of Flexural Reinforcement in Relation to the Design of the Beam-Column Joint

Prior to this point in the design process, the layout of reinforcement has been considered preliminary
because the quantity of reinforcement placed in the girders has a direct bearing on the magnitude of the
stresses developed in the beam-column joint. If the computed joint stresses are too high, the only
remedies are increasing the concrete strength, increasing the column area, changing the reinforcement
layout, or increasing the beam depth. The option of increasing concrete strength is not viable for this
example because it is already at the maximum (4,000 psi) allowed for LW concrete. If absolutely
necessary, however, NW concrete with a strength greater than 4,000 psi may be used for the columns and
beam-column joint region while the LW concrete is used for the joists and beams.

The design of the beam-column joint is based on the requirements of ACI 318 Sec. 21.5.3. The
determination of the forces in the joint of the column on Gridline C of Frame 1 is based on Figure 6-16a,
which shows how plastic moments are developed in the various spans for equivalent lateral forces acting
to the east. An isolated subassemblage from the frame is shown in Figure 6-16b. The beam shears shown
in Figure 6-16c are based on the probable moment strengths shown in Table 6-14.
For forces acting from west to east, compute the earthquake shear in Span B-C:

Ve =M, + M"Yl = (9,697 + 10,085)/(240 - 30) = 94.2 Kips
For Span C-C".

Ve = (10,085 + 8,999)/(240 - 30) = 90.9 Kips
With the earthquake shear of 94.2 and 90.9 Kkips being developed in the beams, the largest shear that
theoretically can be developed in the column above Level 5 is 150.5 kips. This is computed from

equilibrium as shown at the bottom of Figure 6-16:

94.2(9.83) +90.9(10.50) = 2V(12.5/2)
V, = 150.4 Kkips

With equal spans, gravity loads do not produce significant column shears, except at the end column,
where the seismic shear is much less. Therefore, gravity loads are not included in this computation.

The forces in the beam reinforcement for negative moment are based on six #8 bars at 1.25 f,:

T = C = 1.25(60)[(6(0.79)] = 355.5 kips
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Figure 6-16 Diagram for computing column shears (1.0 ft =
0.3048 m, 1.0 kip = 4.45kN, 1.0 in.-kip = 0.113 KN-m).

For positive moment, six #8 bars also are used, assuming C = T, C = 355.5 kips.
As illustrated in Figure 6-17, the joint shear force V; is computed as:
Vi=T+C-V;
=355.5 + 355.5 - 150.4
= 560.6 kips

The joint shear stress is:

V. 5605 )
v.=—1= =623 psi
' d2 o 30? P
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s

V¢ =150.5 kips
——

T = 355.5 kipag— C = 355.5 kips

—
Vg =2(355.5)-150.5
=560.5 kips

C =355.5kip —P T =3555Kips

e
Figure 6-17 Computing joint shear stress (1.0 kip = 4.45kN).

For joints confined on three faces or on two opposite faces, the allowable shear stress for LW concrete is
based on ACI 318 Sec. 21.5.3. Using ¢ = 0.80 for joints (from ACI Appendix C) and a factor of 0.75 as a
modifier for LW concrete:

V, atiowable = 0-80(0.75)(15,/4,000) =569 psi

[Note that for joints, ¢ = 0.85 per ACI 318-02 Sec 9.3 as referenced by the 2003 Provisions. See Sec
6.4.2 for discussion.]

Since the actual joint stress (623 psi) exceeds the allowable stress (569 psi), the joint is overstressed. One
remedy to the situation would be to reduce the quantity of positive moment reinforcement. The six #8
bottom bars at Columns B and C could be reduced to three #8 bars plus two #7 bars. This would require a
somewhat different arrangement of bars than shown in Figure 6-15. It is left to the reader to verify that
the joint shear stress would be acceptable under these circumstances. Another remedy would be to
increase the size of the column. If the column is increased in size to 32 in. by 32 in., the new joint shear
stress is:

Vi 560.5 . .
V. =—L = =547psi < 569 psi
142 322 P P

which is also acceptable. For now we will proceed with the larger column, but as discussed later, the final
solution will be to rearrange the bars to three #8 plus two #7.

Joint stresses would be checked for the other columns in a similar manner. Because the combined area of
top and bottom reinforcement used at Columns A, A', C', and D is less than that for Columns B and C,
these joints will not be overstressed.

Given that the joint stress is acceptable, ACI 318 Sec. 21.5.2.3 controls the amount of reinforcement
required in the joint. Since the joint is not confined on all four sides by a beam, the total amount of
transverse reinforcement required by ACI 318 Sec. 21.4.4 will be placed within the depth of the joint. As
shown later, this reinforcement consists of four-leg #4 hoops at 4 in. on center.
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Because the arrangement of steel is acceptable from a joint strength perspective, the cutoff locations of
the various bars may be determined (see Figure 6-15 for a schematic of the arrangement of
reinforcement). The three #8 bars (top and bottom) required for minimum reinforcement are supplied in
one length that runs continuously across the two end spans and are cut off in the center span. An
additional three #8 bars are placed top and bottom in the center span; these bars are cut off in Spans A'-B
and C-C'. At Supports A, A', C'and D, shorter bars are used to make up the additional reinforcement
required for strength.

To determine where bars should be cut off in each span, it is assumed that theoretical cutoff locations
correspond to the point where the continuous top and bottom bars develop their design flexural strength.
Cutoff locations are based on the members developing their design flexural capacities (f, = 60 ksi and ¢ =
0.8). Using calculations similar to those above, it has been determined that the design flexural strength
supplied by a section with only three #8 bars is 3,311 in.-kips for positive moment and 3,261 in.-kips for
negative moment.

Sample cutoff calculations are given first for Span B-C. To determine the cutoff location for negative
moment, it is assumed that the member is subjected to earthquake plus 0.68 times the dead load forces.
For positive moment cutoffs, the loading is taken as earthquake plus 1.42 times dead load plus 0.5 times
live load. Loading diagrams for determining cut off locations are shown in Figure 6-18.

For negative moment cutoff locations, refer to Figure 6-19a, which is a free body diagram of the west end
of the member. Since the goal is to develop a negative moment capacity of 3,261 in.-kips in the
continuous #8 bars summing moments about Point A in Figure 6-19a:

0.121x°

6,311+ —73.7x=3,261

In the above equation, 6,311 (in.-kips) is the negative moment capacity for the section with six #8 bars,
0.121 (Kips/in.) is 0.68 times the uniform dead load, 73.3 Kips is the end shear, and 3,261 in.-kips is the
design strength of the section with three #8 bars. Solving the quadratic equation results in x = 42.9 in.
ACI 318 Sec. 12.10.3 requires an additional length equal to the effective depth of the member or 12 bar
diameters (whichever is larger). Consequently, the total length of the bar beyond the face of the support
is42.9+29.6 =72.5in. and a 6 ft-1 in. extension beyond the face of the column could be used.

For positive moment cutoff, see Figure 6-14 and Figure 6-19b. The free body diagram produces an
equilibrium equation as:

0.281x°

6,510 - -31.6x=3,311

where the distance x is computed to be 75.7 in. Adding the 29.6 in. effective depth, the required
extension beyond the face of the support is 76.0 + 29.6 = 105.3 in, or 8 ft-9 in. Note that this is exactly at
the midspan of the member.
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Figure 6-18 Loading for determination of rebar cutoffs
(1.0 ft =0.3048 m, 1.0 kIf = 14.6 kN/m, 1.0 in.-kip =

0.113 kN-m).
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! W 316 kips

Figure 6-19 Free body diagrams (1.0 kip =
4.45kN, 1.0 kIf = 14.6 kN/m, 1.0 in.-kip =
0.113 kN-m).

Clearly, the short bottom bars shown in Figure 6-15 are impractical. Instead, the bottom steel will be
rearranged to consist of three #8 plus two #7 bars continuous. Recall that this arrangement of
reinforcement will satisfy joint shear requirements, and the columns may remain at 30 in. by 30 in.

As shown in Figure 6-20, another requirement in setting cutoff length is that the bar being cut off must
have sufficient length to develop the strength required in the adjacent span. From Table 6-13, the
required development length of the #9 top bars in tension is 72.1 in. if the bar is anchored in a confined
joint region. The confined length in which the bar is developed is shown in Figure 6-20 and consists of

6-48



Chapter 6, Reinforced Concrete

the column depth plus twice the depth of the girder. This length is 30 + 32 + 32 = 94 in., which is greater
than the 72.1 in. required. The column and girder are considered confined because of the presence of
closed hoop reinforcement as required by ACI 318 Sec. 21.3.3 and 21.4.4.

The bottom bars are spliced at the center of Spans A'-B and C-C' as shown in Figure 6-21. The splice
length is taken as the bottom bar Class B splice length for #8 bars. According to ACI 318 Sec. 12.15, the
splice length is 1.3 times the development length. From ACI 318 Sec. 12.2.2, the development length (1,)
is computed from:

i 3 fy appy
d, 40 fc'(c+KtrJ

using « = 1.0 (bottom bar), # =1.0 (uncoated), y = 1.0 (#9 bar), 2 = 1.3 (LW concrete), taking c as the
cover (1.5 in.) plus the tie dimension (0.5 in.) plus 1/2 bar diameter (0.50 in.) = 2.50 in., and using
K, =0, the development length for one #9 bar is:

) (1.0)=37.0 in.

3 ( 60,000 J1x1x1.0x1.3

~ 40| /4,000 (2.5+0j
1.0

Must also check
for force F. Required
length = 3.5 I4p=72.1"

r— #9 bar

14

Confined
region

N
S A
dp =28

Cut off length based
on moments in span
1 e

de=2-6" | 6-1" /

7-10"

Figure 6-20 Development length for top bars (1.0 ft = 0.3048 m, 1.0 in = 25.4 mm).

The splice length = 1.3 x 37.0 = 48.1 in. Therefore, use a 48-in. contact splice. According to ACI 318
Sec. 21.3.2.3, the entire region of the splice must be confined by closed hoops spaced no closer than d/4
or4in.

The final bar placement and cutoff locations for all five spans are shown in Figure 6-21. Due to the
different arrangement of bottom steel, the strength at the supports must be recomputed. The results are
shown in Table 6-15.
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Figure 6-21 Final bar arrangement (1.0 ft = 0.3048 m, 1.0 in = 25.4 mm).

Table 6-15 Design and Maximum Probable Flexural Strength For Beams in Frame 1 (Revised)

Location
Item A A’ B C' D
Reinforcement five #8  three #8 + Six #8 three #8 + five #8
two #9 two #9
Negative | Design Moment o 5/g 5,849 6,311 5,849 5318
Moment (in.-kips)
Probable moment ¢ 195 ggg99 9606 8,999 8,195
(in.-kips)
Reinforcement three #8 + three #8 + three #8 + three #8 + three #8 +
two #7 two #7 two #7 two #7 two #7
Positive | Design Moment 4 41 4044 4,944 4,944 4,944
Moment (in.-kips)
Probable moment - o 7677 7677 7677 7677

(in.-kips)

1.0 in.-kip = 0.113 KN-m.

6.4.5.2.6 Transverse Reinforcement

Transverse reinforcement requirements are covered in ACI 318 Sec. 21.3.3 (minimum reinforcement) and

21.3.4 (shear strength).

To avoid nonductile shear failures, the shear strength demand is computed as the sum of the factored
gravity shear plus the maximum probable earthquake shear. The maximum probable earthquake shear is
based on the assumption that ¢ = 1.0 and the flexural reinforcement reaches a tensile stress of 1.25f,. The

probable moment strength at each support is shown in Table 6-15.
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Figure 6-22 illustrates the development of the design shear strength envelopes for Spans A-A', A'-B, and
B-C. In Figure 6-22a, the maximum probable earthquake moments are shown for seismic forces acting to
the east (solid lines) and to the west (dashed lines). The moments shown occur at the face of the supports.

The earthquake shears produced by the maximum probable moments are shown in Figure 6-22b. For
Span A-B, the values shown in the figure are:

M +M]

_ pr pr
Ve = —
clear

where |, = 17 ft-6 in. = 210 in.
Note that the earthquake shears act in different directions depending on the direction of load.

For forces acting to the east, V. = (9696 + 7677) / 210 = 82.7 Kips.
For forces acting to the west, V¢ = (8999 + 7677) / 210 = 79.4 Kips.
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Figure 6-22 Shear forces for transverse reinforcement (1.0 in = 25.4 mm, 1.0 kip
= 4.45kN, 1.0 in.-kip =0.113 kN-m).
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The gravity shears shown in Figure 6-22c are:

Factored gravity shear = Vg = 1.42V .4 + 0.5V}c
Vigeag = 2.14 x 17.5/2 = 18.7 Kkips

Ve = 0.66 x 17.5/2 = 5.8 kips

Vg = 1.42(18.7) + 0.5(5.8) = 29.5 kips

Total design shears for each span are shown in Figure 6-22d. The strength envelope for Span B-C is

shown in detail in Figure 6-23, which indicates that the maximum design shears is 82.7 + 29.5 = 112.2
kips. While this shear acts at one end, a shear of 82.7 - 29.5 = 53.2 kips acts at the opposite end of the

member.
| ¢ Vs = 132.6kips 5= 5" — |

112.2 kips | L ¢ Vg = 110.5Kips §= 6" —~ l_l 1112.2 kips

N~ 4 Vs = 047Kips 5= 7" ‘
- —

[ B | ~<L i [
53.2kips | 71 I | ™~ |53.2kips
[ ‘ [

|
! . |
93" ! s4g ! a3 !
1 q1 q

Figure 6-23 Detailed shear force envelope in Span B-C (1.0in=
25.4 mm, 1.0 kip = 4.45kN).

In designing shear reinforcement, the shear strength can consist of contributions from concrete and from
steel hoops or stirrups. However, according to ACI 318 Sec. 21.3.4.2, the design shear strength of the
concrete must be taken as zero when the axial force is small (P /A f¢ < 0.05) and the ratio V¢/V, is greater
than 0.5. From Figure 6-22, this ratio is V¢/V, = 82.7/112.2 = 0.73, so concrete shear strength must be
taken as zero. Using the ASCE 7 compatible ¢ for shear = 0.75, the spacing of reinforcement required is
computed as described below. [Note that this is the basic strength reduction factor for shear per ACI 318-
02 Sec 9.3. See Sec 6.4.2 for discussion.]

Compute the shear at d = 29.6 in. from the face of the support:

V, = @V, = 112.2 - (29.6/210)(112.2 - 53.2) = 103.9 kips
V, = Afdls

Assuming four #3 vertical legs (A, = 0.44 in.?), f, = 60 ksi and d = 29.6 in., compute the required spacing:
s = ¢Af,dIV, = 0.75[4(0.11)](60)(29.6/103.9) = 5.65 in., say 5.5 in.

At midspan, the design shear V, = (112.2 + 53.2)/2 = 82.7 kips. Compute the required spacing:
s = 0.75[4(0.11)](60)(29.6/82.7) = 7.08 in., say 7.0 in.

Check maximum spacing per ACI 318 Sec. 21.3.3.2:
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d/4 = 29.6/4=7.4in.
8d, = 8(1.0) = 8.0 in.
24d, = 24(3/8) = 9.0 in.

The spacing must vary between 5.5 in. at the support and 7.0 in. at midspan. Due to the relatively flat
shear force gradient, a spacing of 5.5 in. will be used for the full length of the beam. The first hoop must
be placed 2 in. from the face of the support. This arrangement of hoops will be used for Spans A-A', B-C,
and C'-D. In Spans A'-B and C-C', the bottom flexural reinforcement is spliced and hoops must be placed
over the splice region at d/4 or a maximum of 4 in. on center.

ACI 318 Sec. 21.3.3.1 states that closed hoops are required over a distance of twice the member depth
from the face of the support. From that point on, stirrups may be used. For the girders of Frame 1,
however, stirrups will not be used, and the hoops will be used along the entire member length. This is
being done because the earthquake shear is a large portion of the total shear, the girder is relatively short,
and the economic premium is negligible.

Where hoops are required (first 64 in. from face of support), longitudinal reinforcing bars should be
supported as specified in ACI 318 Sec. 7.10.5.3. Hoops should be arranged such that every corner and
alternate longitudinal bar is supported by a corner of the hoop assembly and no bar should be more than 6
in. clear from such a supported bar. Details of the transverse reinforcement layout for all spans of Level 5
of Frame 1 are shown in Figure 6-21.

6.4.5.3 Design of a Typical Interior Column of Frame 1

This section illustrates the design of a typical interior column on Gridline A'. The column, which
supports Level 5 of Frame 1, is 30 in. square and is constructed from 4,000 psi LW concrete, 60 ksi
longitudinal reinforcement, and 60 ksi transverse reinforcement. An isolated view of the column is
shown in Figure 6-24. The flexural reinforcement in the beams framing into the column is shown in
Figure 6-21. Using simple tributary area calculations (not shown), the column supports an unfactored
axial dead load of 528 kips and an unfactored axial live load of 54 kips. The ETABS analysis indicates
that the maximum axial earthquake force is 84 kips, tension or compression. The load combination used
to compute this force consists of full earthquake force in the E-W direction, 30 percent of the N-S force,
and accidental torsion. Because no beams frame into this column along Gridline A', the column bending
moment for N-S forces can be neglected. Hence, the column is designed for axial force plus uniaxial
bending.
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Figure 6-24 Layout and loads on column of Frame A (1.0 ft = 0.3048 m,
1.0 in = 25.4 mm, 1.0 kip = 4.45kN).

6.4.5.3.1 Longitudinal Reinforcement
To determine the axial design loads, use the basic load combinations:

1.42D + 0.5L + 1.0E
0.68D - 1.0E.

The combination that results in maximum compression is:
P,=1.42(528) + 0.5(54) + 1.0(84) = 861 kips (compression)

The combination for minimum compression (or tension) is:
P,=0.68(528) - 1.0(84) = 275 kips (compression)

The maximum axial compression force of 861 kips is greater than 0.1f'A, = 0.1(4)(30%) = 360 kips. Thus,
according to ACI 318 Sec. 21.4.2, the nominal column flexural strength must be at least 6/5 of the
nominal flexural strength of the beams framing into the column. Beam moments at the face of the support
are used for this computation. These capacities are provided in Table 6-15.

Nominal (negative) moment strength at end A' of Span A-A' =5,849/0.8 = 7,311 in.-kips
Nominal (positive) moment strength at end A' of Span A' B = 4,945/0.8 = 6,181 in.-kips
Average nominal moment framing into joint = 6,746 in.-kips

Nominal column design moment = 6/5 x 6746 = 8,095 in.-Kips.

Knowing the factored axial load and the required design flexural strength, a column with adequate
capacity must be selected. Figure 6-25 gives design curves for 30 in. by 30 in. columns of 4,000 psi
concrete and reinforcement consisting of 12 #8, #9, or #10 bars. These curves, computed with a
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Microsoft Excel spreadsheet, are based on a ¢ factor of 1.0 as required for nominal strength. At axial
forces of 275 kips and 861 Kips, solid horizontal lines are drawn. The dots on the lines represent the
required nominal flexural strength (8095 in.-kips) at each axial load level. These dots must lie to the left
of the curve representing the design columns. For both the minimum and maximum axial forces, a
column with 12 #8 bars (with A, = 9.48 in.? and 1.05 percent of steel) is clearly adequate.
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Figure 6-25 Design interaction diagram for column on

Gridline A" (1.0 kip = 4.45kN, 1.0 ft-kip = 1.36 kN-m).

6.4.5.3.2 Transverse Reinforcement

ACI 318 Sec. 21.4.4 gives the requirements for minimum transverse reinforcement. For rectangular

sections with hoops, ACI 318 Eq. 21-3 and 21-4 are applicable:

NI

yh h

A, =0.09sh, ¢
fyn

The first of these equations controls when A /A, > 1.3. For the 30-in.-by-30-in. columns:

A, =(30-15-15)?=729in?
A, =30 (30) = 900 in.2
AJA4 = 900/729 = 1.24

ACI 318 Eq. 21-4 therefore controls.
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For LW concrete, try hoops with four #4 legs and f.' = 4,000 psi:

h,=30-15-15-0.25-0.25=26.5 in.
s = [4 (0.2) 60,000]/[0.09 (26.5) 4000] = 5.03 in.

However, the maximum spacing of transverse reinforcement is the lesser of one-fourth the maximum
column dimension (30/4=7.5 in.), six bar diameters (6 x 1.0 = 6.0 in.), or the dimension s, where:

and where h, is the maximum horizontal spacing of hoops or cross ties. For the column with twelve #8
bars and #4 hoops and cross ties, h,=8.833 in. and s,= 5.72 in. The 5.03-in. spacing required by ACI Eq.
21-4 controls, so a spacing of 5 in. will be used. This transverse reinforcement must be spaced over a
distance I, = 30 in. at each end of the member and, according to ACI 318 Sec. 21.5.2, must extend
through the joint at (at most) the same spacing.

ACI 318 Sec. 21.4.4.6 requires a maximum spacing of transverse reinforcement in the region of the
column not covered by Sec. 21.4.4.4. The maximum spacing is the smaller of 6.0 in. or 6d,, which for #8
bars is also 6 in. ACI 318 requires transverse steel at this spacing, but it does not specify what the details
of reinforcement should be. In this example, hoops and crossties with the same details as those placed in
the critical regions of the column are used.

6.4.5.3.3 Transverse Reinforcement Required for Shear

The amount of transverse reinforcement computed above is the minimum required. The column also
must be checked for shear with the column shears being based on the maximum probable moments in the
beams that frame into the column. The average probable moment is roughly 1.25/0.8 (¢ = 0.8) times the
average design moment = (1.25/0.8)(5397) = 8,433 in.-kips. With a clear height of 118 in., the column
shear can be estimated at 8433/(0.5x118) = 143 kips. This shear will be compared to the capacity
provided by the 4-leg #4 hoops spaced at 6 in. on center. If this capacity is well in excess of the demand,
the columns will be acceptable for shear.

For the design of column shear capacity, the concrete contribution to shear strength may be considered
because P, > A f7/20. Using a shear strength reduction factor of 0.85 for sand-LW concrete (ACI 318
Sec. 11.2.1.2) in addition to the capacity reduction factor for shear, the design shear strength contributed
by concrete is:

M, = $0.75,[f.b,d; =0.75(0.85)(1/4,000(30)(27.5) = 33.2 kips
A, = A, ,d /s =0.75(4)(0.2)(60)(27.5)/6 = 165 kips

V., =@V, + ¢V, =33.2+165=198.2 kips > 143 kips OK

The column with the minimum transverse steel is therefore adequate for shear. The final column detail
with both longitudinal and transverse reinforcement is given in Figure 6-26. The spacing of
reinforcement through the joint has been reduced to 4 in. on center. This is done for practical reasons
only. Column bar splices, where required, should be located in the center half of the of the column and
must be proportioned as (Class B) tension splices.
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Figure 6-26 Details of reinforcement for column (1.0 in = 25.4 mm).

6.4.5.4 Design of Haunched Girder

The design of a typical haunched girder of Level 5 of Frame 3 is now illustrated. This girder is of
variable depth with a maximum depth of 32 in. at the support and a minimum depth of 20 in. for the
middle half of the span. The length of the haunch at each end (as measured from the face of the support)
is 8 ft-9 in. The width of the web of girder is 22.5 in. throughout.

Based on a tributary gravity load analysis, this girder supports an average of 3.375 kips/ft of dead load
and 0.90 kips/ft of reduced live load. For the purpose of estimating gravity moments, a separate analysis
of the girder was carried out using the SAP2000 program. End A of the girder was supported with
half-height columns pinned at midstory and End B, which is supported by a shear wall, was modeled as
fixed. Each haunch was divided into four segments with nonprismatic section properties used for each
segment. The loading and geometry of the girder is shown in Figure 6-27a.

For determining earthquake forces, the entire structure was analyzed using the ETABS program. This
analysis included 100 percent of the earthquake forces in the E-W direction and 30 percent of the
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earthquake force in the N-S direction, and accidental torsion. Each of these systems of lateral forces was
placed at a 5 percent eccentricity with the direction of the eccentricity set to produce the maximum
seismic shear in the member.

W =0.90 Kips/ft

f W= 3.38 Kips/ft
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Figure 6-27 Design forces and detailing of haunched girder (1.0 ft = 0.3048 m, 1.0

k/ft = 14.6 kN/m, 1.0 in.-kip = 0.113 KN-m).
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6.4.5.4.1 Design and Detailing of Longitudinal Reinforcement

The results of the analysis for five different load combinations are shown in Figure 6-27b. Envelopes of
maximum positive and negative moment are shown on the figure indicate that 1.42D + 0.5L + E controls
negative moment at the support, 0.68D % E controls positive moment at the support, and 1.2D + 1.6L
controls positive moment at midspan. The maximum positive moment at the support is less than 50
percent of the maximum negative moment and the positive and negative moment at midspan is less than
25 percent of the maximum negative moment; therefore, the design for negative moment controls the
amount of reinforcement required at all sections per ACI 318 Sec. 21.3.2.2.

For a factored negative moment of 12,600 in.-kips at Support B, try seven #11 bars, and assuming #3
hoops:

A, =7x154=10.92in.>
d=32-15-3/8-1.41/2=29.4in.
p=10.92/(29.4 x 22.5) = 0.0165 < 0.025, O.K.

b=225in.
Depth of compression block, a = [10.92 (60)]/[0.85 (4) 22.5] = 8.56 in.
Design strength, gM, = [0.8 (10.92) 60](29.4 - 8.56/2) = 13,167 in.-kips > 12,600 in.-kips OK

For positive moment at the support, try five #9 bars, which supplies about half the negative moment
reinforcement:

A,=5(1.0)=5.00in.?
d=32-15-3/8-1.128/2=29.6in.

p =5.00/(29.6 x 22.5) = 0.0075 > 0.033, O.K.

b = 86.5 in. (assuming stress block in flange)

a =[5.00 (60)]/(0.85 (4) 86.5] = 1.02 in.

oM, = [0.8 (5.00) 60] (29.6 - 1.02/2) = 6,982 in.-kips.

This moment is larger than the design moment and, as required by ACI 318 Sec. 21.3.2.2, is greater than
50 percent of the negative moment capacity at the face of the support.

For positive moment at midspan the same five #9 bars used for positive moment at the support will be
tried:

A,=5(1.0)=5.00 in.2
d=20-15-3/8-1.128/2=17.6in.
p =5.00/(17.6 x 22.5) = 0.0126

b =86.5 in.
a = [5.00 (60))/[0.85 (4) 86.5] = 1.02 in.
A, = [0.8 (5.00) 60] (17.6 - 1.02/2) = 4,102 in.-kips > 3,282 in.-Kips. oK

The five #9 bottom bars are adequate for strength and satisfy ACI 318 Sec. 21.3.2.2, which requires that
the positive moment capacity be not less than 25 percent of the negative moment capacity at the face of
the support.

For negative moment in the 20-ft span between the haunches, four #11 bars (p = 0.016) could be used at
the top. These bars provide a strength greater than 25 percent of the negative moment capacity at the
support. Using four bars across the top also eliminates the possibility that a negative moment hinge will
form at the end of the haunch (8 ft-9 in. from the face of the support) when the 0.68D - E load
combination is applied. These four top bars are part of the negative moment reinforcement already sized
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for negative moment at the support. The other three bars extending from the support are not needed for
negative moment in the constant depth region and would be cut off approximately 6 ft beyond the

haunch; however, this detail results in a possible bar cutoff in a plastic hinge region (see below) that is not
desirable. Another alternative would be to extend all seven #11 bars across the top and thereby avoid the
bar cutoff in a possible plastic hinge region; however, seven #11 bars in 20-in. deep portion of the girder
provide p = 0.028, which is a violation of ACI 21.3.2.1 (p,., = 0.025). The violation is minor and will be
accepted in lieu of cutting off the bars in a potential plastic hinge region. Note that these bars provide a
negative design moment capacity of 6,824 in.-kips in the constant depth region of the girder.

The layout of longitudinal reinforcement used for the haunched girder is shown in Figure 6-27c, and the
flexural strength envelope provided by the reinforcement is shown in Figure 6-27b. As noted in Table
6-13, the hooked #11 bars can be developed in the confined core of the columns. Finally, where seven
#11 top bars are used, the spacing between bars is approximately 1.4 in., which is greater than the
diameter of a #11 bar and is therefore acceptable. This spacing should accommodate the vertical column
reinforcement.

Under combined gravity and earthquake load, a negative moment plastic hinge will form at the support
and, based on the moment envelopes from the loading (Figure 6-27b), the corresponding positive moment
hinge will form in the constant depth portion of the girder. As discussed in the following sections, the
exact location of plastic hinges must be determined in order to design the transverse reinforcement.

6.4.5.4.2 Design and Detailing of Transverse Reinforcement

The design for shear of the haunched girder is complicated by its variable depth; therefore, a tabular
approach is taken for the calculations. Before the table may be set up, however, the maximum probable
strength must be determined for negative moment at the support and for positive moment in the constant
depth region,

For negative moment at the face of the support and using seven #11 bars:

A, =7 (1.56) = 10.92 in.2
d=32-15-3/8-1.41/2=29.4in.

b=225in.

a =[10.92 (1.25) 60]/[0.85 (4) 22.5] = 10.71 in.

M, = 1.0(10.92)(1.25)(60)(29.4 - 10.71/2) = 19,693 in.-kips.

For positive moment in the constant depth region and using five #9 bars:

A, =5 (1.0) = 5.00 in.2
d=20-15-3/8-1.128/2=17.6in.

b=86.5in.

a = [5.00 (1.25) 60]/[0.85 (4) 86.5] = 1.28 in.

M, = [1.0 (5.00) 1.25 (60)] (17.6 - 1.28/2) = 6,360 in.-kips

Before the earthquake shear may be determined, the location of the positive moment hinge that will form

in the constant depth portion of the girder must be identified. To do so, consider the free-body diagram of
Figure 6-28a. Summing moments (clockwise positive) about point B gives:

2
. - WX
Mpr+Mp,+Rx—T=0

At the positive moment hinge the shear must be zero, thus R —wx = 0
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By combining the above equations:

- [2(M} + M)
w

Using the above equation with M, as computed and w = 1.42(3.38) + 0.5(0.90) = 5.25 k/ft = 0.437 k/in.,
x = 345 in., which is located exactly at the point where the right haunch begins.*

The reaction is computed as R = 345 (0.437) = 150.8 kips.
The earthquake shear is computed as Ve =R =wL/2 = 150.8-(0.437)(450)/2 = 52.5 kips

This earthquake shear is smaller than would have been determined if the positive moment hinge had
formed at the face of support.

The earthquake shear is constant along the span but changes sign with the direction of the earthquake. In
Figure 6-28a, this shear is shown for the equivalent lateral seismic forces acting to the west. The factored
gravity load shear (1.42V, + 0.5V,) varies along the length of the span as shown in Figure 6-28b. At
Support A, the earthquake shear and factored gravity shear are additive, producing a design ultimate shear
of 150.8 kips. At midspan, the shear is equal to the earthquake shear acting alone and, at Support C, the
ultimate design shear is -45.8 kips. Earthquake, gravity, and combined shears are shown in Figures 6-28a
through 6-28c and are tabulated for the first half of the span in Table 6-16. For earthquake forces acting
to the east, the design shears are of the opposite sign of those shown in Figure 6-28.

According to ACI 318 Sec. 21.3.4.2, the contribution of concrete to member shear strength must be taken
as zero when V¢/V, is greater than 0.5 and P /A f¢ is less than 0.05. As shown in Table 6-16, the V/V,,
ratio is less than 0.5 within the first three-fourths of the haunch length but is greater than 0.50 beyond this
point. In this example, it is assumed that if V/V, is less than 0.5 at the support, the concrete strength can
be used along the entire length of the member.

The concrete contribution to the design shear strength is computed as:

WV, = $(0.85)2/1.b,d

where the ASCE 7 compatible ¢ = 0.75 for shear, and the 0.85 term is the shear strength reduction factor
for sand-LW concrete. [Note that this is the basic strength reduction factor for shear per ACI 318-02 Sec
9.3. See Sec 6.4.2 for discussion.] The remaining shear, ¢V, =V, - ¢V., must be resisted by closed hoops
within a distance 2d from the face of the support and by stirrups with the larger of 6d, or 3.0 in. hook
extensions elsewhere. The 6d,, or 3.0 in. “seismic hook™ extension is required by ACI 318 Sec. 21.3.3.3.

*The equation for the location of the plastic hinge is only applicable if the hinge forms in the constant depth region of the girder.
If the computed distance x is greater than 28 ft - 9 in. (345 in.), the result is erroneous and a trial and error approach is required to
find the actual hinge location.
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Figure 6-28 Computing shear in haunched girder (1.0 in = 25.4 mm, 1.0 kip = 4.45kN).
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Table 6-16 Design of Shear Reinforcement for Haunched Girder

Distance from Center of Support (in.)
Item Units
15 42.25 67.5 93.75 120 180 240
V, 52.5 52.5 52.5 52.5 52.5 52.5 52.5
1.42V, + 0.5V, 98.3 86.4 75.4 63.9 52.4 26.2 0.0 Kips
V, 150.8  139.2 1279 1166  104.9 78.7 52.5
VeV 0.35 0.38 0.41 0.45 0.50 0.67 1.00
d 29.4 26.5 23.5 20.5 17.6 17.6 17.6 in.
N 53.3 48.1 42.6 37.2 0.0 0.0 0.0 )
YA 97.5 91.2 85.3 79.4 104.9 78.7 52.5 Kips
s 5.97 5.78 5.46 5.12 3.32 4.43 6.64
d/4 7.35 6.63 5.88 5.13 4.40 4.40 4.40 in.
Spacing #3at6 #3at5 #3at5 #3at5 #3at4 #3at4 #3at4

1.0in. = 25.4 mm, 1.0 kip = 4.45 kN.

In Table 6-16, spacings are computed for four #3 vertical leg hoops or stirrups. As an example, consider
four #3 vertical legs at the section at the face of the support:

AV, = $(0.85)2./ f, db = 0.75(0.85)2(4000)°°29.4(22.5) = 53,300 Ib = 53.3 kips

N, =V, - ¢V, =150.8 - 53.3 = 97.5 Kips
V= gAfdls = 97.5 Kips
s =1[0.75(4)0.11(60)29.4]/97.5 = 5.97 in.

The maximum spacing allowed by ACI 318 is shown in Table 6-16. These spacings govern only in the
center portion of the beam. In the last line of the table, the hoop and stirrup spacing as actually used is
shown. This spacing, together with hoop and stirrup details, is illustrated in Figure 6-28d. The double
U-shaped stirrups (and cap ties) in the central portion of the beam work well with the #11 top bars and
with the #9 bottom bars.

6.4.5.4.3 Design of Beam-Column Joint

The design of the beam-column joint at Support A of the haunched girder is controlled by seismic forces
acting to the west, which produces negative moment at Support A. ACI 318 Sec. 21.5 provides
requirements for the proportioning and detailing of the joint.

A plastic mechanism of the beam is shown in Figure 6-29a. Plastic hinges have formed at the support
and at the location of the far haunch transition. With a total shear at the face of the support of 150.8 Kips,
the moment at the centerline of the column may be estimated as

MeL = M,, + 15(150.6) = 19,693 + 15(150.6) = 21,955 in.-kips.

The total shear in the columns above and below the joint is estimated as 21,955/(150) = 146.3 Kips.
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The stresses in the joint are computed from equilibrium considering the reinforcement in the girder to be
stressed at 1.25f,. A detail of the joint is shown in Figure 6-30. Compute the joint shear V;:

Force in the top reinforcement = 1.25Af, = 1.25(7)1.56(60) = 819 kips
Joint shear = V; = 819.0 - 146.3 = 672.7 kips

The joint shear stress v; = V;/d” = 672.7/[30 (30)] = 0.819 ksi

® ©

+ (3
Plastic mechanism

19,693
(b)
Plastic moment
(in.-kips)
6,360
: 10,800 :
15" 450" 15"
7 4
1463 kips
2 61.1 kips ©
S L Column shears
. (Kips)
0
“F—— 146.3 kips
288"
4

Figure 6-29 Computation of column shears for use in joint
design (1.0 in = 25.4 mm, 1.0 kip = 4.45 kN).

In the case being considered, all girders framing into the joint have a width equal to 0.75 times the
column dimension so confinement is provided on three faces of the joint. According to ACI 318 Sec.
21.5.3, the allowable joint shear stress = 0.75¢(15)2\/fc'. The 0.75 term is the strength reduction factor for
LW concrete. Compute the allowable joint shear stress:

= 0.75(0.80)15(4,000)°%
= 569 psi = 0.569 Ksi

Vj,allowable
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This allowable stress is significantly less than the applied joint shear stress. There are several ways to
remedy the situation:

1. Increase the column size to approximately 35 x 35 (not recommended)

2. Increase the depth of the haunch so that the area of reinforcement is reduced to seven #10 bars. This
will reduce the joint shear stress to a value very close to the allowable stress.

2. Use 5000 psi NW concrete for the column. This eliminates the 0.75 reduction factor on allowable
joint stress, and raises the allowable stress to 848 psi.

For the remainder of this example, it is assumed that the lower story columns will be constructed from
5000 psi NW concrete.

Because this joint is confined on three faces, the reinforcement within the joint must consist of the same
amount and spacing of transverse reinforcement in the critical region of the column below the joint. This
reinforcement is detailed in the following section.

146 kips
P ——

=P T =819 kips

V; =819-146 = 673 kips

C =819 kips

30"

Figure 6-30 Computing joint shear force (1.0 kip =
4.45kN).

6.4.5.5 Design and Detailing of Typical Interior Column of Frame 3

The column supporting the west end of the haunched girder between Gridlines A and B is shown in
Figure 6-31. This column supports a total unfactored dead load of 804 kips and a total unfactored live
load of 78 kips. From the ETABS analysis, the axial force on the column from seismic forces is +129
kips. The design axial force and bending moment in the column are based on one or more of the load
combinations presented below.

Earthquake forces acting to the west are:

P,=1.42(804) + 0.5(78) + 1.0(129)
= 1310 kips (compression)
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Figure 6-31 Column loading (1.0 ft = 0.3048 m,
1.0in = 25.4 mm, 1.0 kip = 4.45kN).

This axial force is greater than 0.1f'A; = 360 Kips; therefore, according to ACI 318 Sec. 21.4.2.1, the
column flexural strength must be at least 6/5 of the nominal strength (using ¢= 1.0 and 1.0 f,) of the beam
framing into the column. The nominal beam moment capacity at the face of the column is 16,458
in.-kips. The column must be designed for six-fifths of this moment, or 19,750 in-kips. Assuming a
midheight inflection point for the column above and below the beam, the column moment at the
centerline of the beam is 19,750/2 = 9,875 in.-kips, and the column moment corrected to the face of the
beam is 7,768 in.-Kips.

Earthquake forces acting to the east are:

P, =0.68(804) - 1.0(129) = 424 Kips (compression)
This axial force is greater than 0.1f 'A; = 360 kips. For this loading, the end of the beam supported by the
column is under positive moment, with the nominal beam moment at the face of the column being 8,715
in.-kips. Because P, > 0.1f;'A;, the column must be designed for 6/5 of this moment, or 10,458 in.-kips.
Assuming midheight inflection points in the column, the column moment at the centerline and the face of
the beam is 5,229 and 4,113 in.-Kips, respectively.

Axial force for gravity alone is:

P, =1.6(804) + 1.2(78) = 1,380 Kkips (compression)
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This is approximately the same axial force as designed for earthquake forces to the west, but as can be
observed from Figure 6-25, the design moment is significantly less. Hence, this loading will not control.

6.4.5.5.1 Design of Longitudinal Reinforcement

Figure 6-32 shows an axial force-bending moment interaction diagram for a 30 in. by 30 in. column with
12 bars ranging in size from #8 to #10. A horizontal line is drawn at each of the axial load levels
computed above, and the required flexural capacity is shown by a solid dot on the appropriate line. The
column with twelve #8 bars provides more than enough strength for all loading combinations.

Pu (kips)
5,000

(12)#10
4000 [
\K/_ (12)?9 )
12) #8
3,000 \& /[

R
0 ANN

AN
1,000 ) ) /)
g
0 / %
-1,000 /
2000
0 500 1,000 1,500 2000
M (ft-kips)

Figure 6-32 Interaction diagram and column design forces
(1.0 kip = 4.45kN, 1.0 ft-kip = 1.36 kN-m).

6.4.5.5.2 Design of Transverse Reinforcement

In Sec. 6.4.5.3, an interior column supporting Level 5 of Frame 1 was designed. This column has a shear
strength of 198.2 kips, which is significantly greater than the imposed seismic plus gravity shear of 146.3
kips. For details on the computation of the required transverse reinforcement for this column, see the
“Transverse Reinforcement” and “Transverse Reinforcement Required for Shear” subsections in Sec.
6.4.5.3. A detail of the reinforcement of the column supporting Level 5 of Frame 3 is shown in Figure 6-
33. The section of the column through the beams shows that the reinforcement in the beam-column joint
region is relatively uncongested.
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Figure 6-33 Column detail (1.0 in = 25.4 mm).

6.4.5.6 Design of Structural Wall of Frame 3

The factored forces acting on the structural wall of Frame 3 are summarized in Table 6-17. The axial
compressive forces are based on a tributary area of 1,800 square ft for the entire wall, an unfactored dead
load of 160 psf, and an unfactored (reduced) live load of 20 psf. For the purposes of this example it is
assumed that these loads act at each level, including the roof. The total axial force for a typical floor is:

P,=1.42D + 0.5L = 1,800((1.42x0.16) + 0.50x0.02)) = 427 kips for maximum compression
P,=0.68D = 1,800(0.68x0.16) = 196 kips for minimum compression

The bending moments come from the ETABS analysis. Note the reversal in the moment sign due to the
effects of frame-wall interaction. Each moment contains two parts: the moment in the shear panel and the
couple resulting from axial forces in the boundary elements. For example, at the base of Level 2:
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ETABS panel moment =162,283 in.-Kips
ETABS column force = 461.5 kips
Total moment, M, = 162,283 + 240(461.5) = 273,043 in.-kips

The shears in Table 6-17 also consist of two parts, the shear in the panel and the shear in the column.
Using Level 2 as an example:

ETABS panel shear = 527 kips
ETABS column shear = 5.90 kips
Total shear, V, = 527 + 2(5.90) = 539 Kkips

As with the moment, note the reversal in wall shear, not only at the top of the wall but also at Level 1
where the first floor slab acts as a support. If there is some in-plane flexibility in the first floor slab, or if
some crushing were to occur adjacent to the wall, the shear reversal would be less significant, or might
even disappear. For this reason, the shear force of 539 kips at Level 2 will be used for the design of
Level 1 as well.

Recall from Sec. 6.2.2 that the structural wall boundary elements are 30 in. by 30 in. in size. The basic
philosophy of this design will be to use these elements as “special” boundary elements where a close
spacing of transverse reinforcement is used to provide extra confinement. This avoids the need for
confining reinforcement in the wall panel. Note, however, that there is no code restriction on extending
the special boundary elements into the panel of the wall.

It should also be noted that preliminary calculations (not shown) indicate that a 12-in. thickness of the

wall panel is adequate for this structure. This is in lieu of the 18-in. thickness assumed when computing
structural mass.

Table 6-17 Design Forces for Structural Wall

Supporting  Axial Compressive Force P, (kips) Moment M, Shear V,
Level 1.42D + 0.5L 0.68D (in.-Kips) (kips)
R 427 196 -30,054 -145
12 854 392 -39,725 -4
11 1,281 588 -49,954 62
10 1,708 783 -51,838 118
9 2,135 979 -45,929 163
8 2,562 1,175 -33,817 203
7 2,989 1,371 17,847 240
6 3,416 1,567 45,444 274
5 3,843 1,763 78,419 308
4 4,270 1,958 117,975 348
3 4,697 2,154 165,073 390
2 5,124 2,350 273,043 539
1 5,550 2,546 268,187 -376 (use 539)

1.0 kip = 4.45 kN, 1.0 in.-kip = 0.113 KN-m.
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6.4.5.6.1 Design of Panel Shear Reinforcement

First determine the required shear reinforcement in the panel and then design the wall for combined
bending and axial force. The nominal shear strength of the wall is given by ACI 318 Eq. 21-7:

V, = Acv(ac\/1:7cl"*'pn fy)
where a, = 2.0 because h,/l,, = 155.5/22.5 = 6.91 > 2.0. Note that the length of the wall was taken as the
length between boundary element centerlines (20 ft) plus one-half the boundary element length (2.5 ft) at

each end of the wall.

Using f' = 4000 psi, f, = 40 ksi, A, = (270)(12) = 3240 in.?, and taking ¢ for shear = 0.55, the ratio of
horizontal reinforcement is computed:

VU: ¢Vn

(5309;;00] —(0.85x2,/4,000)3,240
3,240(40,000)

=0.0049

Pn =

Note that the factor of 0.85 on concrete strength accounts for the use of LW concrete. Reinforcement
ratios for the other stories are given in Table 6-18. This table gives requirements using f,' = 4,000 psi, as
well as 6,000 psi NW concrete. As shown later, the higher strength NW concrete is required to manage
the size of the boundary elements of the wall. Also shown in the table is the required spacing of
horizontal reinforcement assuming that two curtains of #4 bars will be used. If the required steel ratio is
less than 0.0025, a ratio of 0.0025 is used to determine bar spacing.

Table 6-18 Design of Structural Wall for Shear

Level f.' = 4,000 psi (lightweight) f.' = 6,000 psi (normal weight)
Reinforcement Spacing* Reinforcement Spacing
ratio (in.) ratio (in.)

R 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)
12 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)
11 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)
10 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

9 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

8 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

7 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

6 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

5 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

4 0.00250 13.33 (12.0) 0.00250 13.33 (12.0)

3 0.00278 12.00 (6.0) 0.00250 13.33(9.0)

2 0.00487 6.84 (6.0) 0.00369 9.03 (9.0)

1 0.00487 6.84 (6.0) 0.00369 9.03 (9.0)

“ Values in parentheses are actual spacing used.
1.0in. =25.4 mm.

For LW concrete, the required spacing is 6.84 in. at Levels 1 and 2. Minimum reinforcement
requirements control all other levels. For the final design, it is recommended to use a 6-in. spacing at
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Levels 1, 2, and 3 and a 12-in. spacing at all levels above. The 6-in. spacing is extended one level higher
that required because it is anticipated that an axial-flexural plastic hinge could propagate this far.

For the NW concrete, the required spacing is 9.03 in. at Levels 1 and 2 and minimum reinforcement
requirements control elsewhere. For the final design, a 9-in. spacing would be used at Levels 1, 2, and 3
with a 12-in. spacing at the remaining levels.

ACI 318 Sec. 21.6.4.3 [21.7.4.3] requires the vertical steel ratio to be greater than or equal to the
horizontal steel ratio if h,l/\w is less than 2.0. As this is not the case for this wall, the minimum vertical
reinforcement ratio of 0.0025 is appropriate. Vertical steel consisting of two curtains of #4 bars at 12 in.
on center provides a reinforcement ratio of 0.0028, which ill be used at all levels.

6.4.5.6.2 Design for Flexure and Axial Force

The primary consideration in the axial-flexural design of the wall is determining whether or not special
boundary elements are required. ACI 318 provides two methods for this. The first approach, specified in
ACI 318 Sec. 21.6.6.2 [21.7.6.2], uses a displacement based procedure. The second approach, described
in ACI 318 Sec. 21.6.6.3 [21.7.6.3], is somewhat easier to implement but, due to its empirical nature, is
generally more conservative. In the following presentation, only the displacement based method will be
used for the design of the wall.

Using the displacement based approach, boundary elements are required if the length of the compression
block, c, satisfies ACI 318 Eq. 21-8:

L

C2———
600(5, /h,,)

where 9, is the total elastic plus inelastic deflection at the top of the wall. From Table 6-9b, the total
elastic roof displacement is 4.36 in., and the inelastic drift is C, times the elastic drift, or 6.5(4.36) = 28.4
in. or 2.37 feet. Recall that this drift is based on cracked section properties assuming g eeq = 0.5 Igoss @nd
assuming that flexure dominates. Using this value together with I, = 22.5 ft, and h,, = 155.5 ft:

1, 22.5

= = 2.46 ft = 29.52 in.
600(5, /h,) 600(2.37/155.5)

To determine if c is greater than this value, a strain compatibility analysis must be performed for the wall.
In this analysis, it is assumed that the concrete reaches a maximum compressive strain of 0.003 and the
wall reinforcement is elastic-perfectly plastic and yields at the nominal value. A rectangular stress block
was used for concrete in compression, and concrete in tension was neglected. A straight line strain
distribution was assumed (as allowed by ACI 318 Sec. 21.6.5.1 [21.7.5.1]). Using this straight line
distribution, the extreme fiber compressive strain was held constant at 0.003, and the distance ¢ was
varied from 100,000 in. (pure compression) to 1 in. (virtually pure tension). For each value of c, a total
cross sectional nominal axial force (P,) and nominal bending moment (M,) were computed. Using these
values, a plot of the axial force (P,) versus neutral axis location (c) was produced. A design value axial
force-bending moment interaction diagram was also produced.

The analysis was performed using an Excel spreadsheet. The concrete was divided into 270 layers, each
with a thickness of 1 in. The exact location of the reinforcement was used. When the reinforcement was
in compression, an adjustment was made to account for reinforcement and concrete sharing the same
physical volume.
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Two different sections were analyzed: one with f.' = 4,000 psi (LW concrete) and the other with f_' =
6,000 psi (NW concrete). In each case, the boundary elements were assumed to be 30 in. by 30 in. and
the panel was assumed to be 12 in. thick. Each analysis also assumed that the reinforcement in the
boundary element consisted of twelve #9 bars, producing a reinforcement ratio in the boundary element
of 1.33 percent. Panel reinforcement consisted of two curtains of #4 bars spaced at approximately 12 in.
on center. For this wall the main boundary reinforcement has a yield strength of 60 ksi, and the vertical
panel steel yields at 40 ksi.

The results of the analysis are shown in Figures 6-34 and 6-35. The first of these figures is the nominal
interaction diagram multiplied by ¢ = 0.65 for tied sections. Also plotted in the figure are the factored
P-M combinations from Table 6-17. The section is clearly adequate for both 4,000 psi and 6,000 psi
concrete because the interaction curve fully envelopes the design values.
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Figure 6-34 Interaction diagram for structural wall (1.0 kip = 4.45kN, 1.0 in.-kip = 0.113 kKN-m).
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Figure 6-35 Variation of neutral axis depth with compressive force (1.0 in = 25.4 mm, 1.0 kip = 4.45kN).

Figure 6-35 shows the variation in neutral axis depth with axial force. For a factored axial force of 5,550
kips, the distance c is approximately 58 in. for the 6,000 psi NW concrete and c is in excess of 110 in. for
the 4,000 psi LW concrete. As both are greater than 29.52 in., special boundary elements are clearly
required for the wall.

According to ACI 318 Sec. 21.6.6.4 [21.7.6.4], the special boundary elements must have a plan length of
c - 0.11,, or 0.5c, whichever is greater. For the 4,000 psi concrete, the first of these values is 110 -
0.1(270) = 83 in., and the second is 0.5(110) = 55 in. Both of these are significantly greater than the 30
in. assumed in the analysis. Hence, the 30-in. boundary element is not adequate for the lower levels of
the wall if f' = 4,000 psi. For the 6,000 psi concrete, the required length of the boundary element is
58-0.1(270) = 31 in., or 0.5(58) = 29 in. The required value of 31 in. is only marginally greater than the
30 in. provided and will be deemed acceptable for the purpose of this example.

The vertical extent of the special boundary elements must not be less than the larger of I, or M /4V,. The
wall length I, = 22.5 ft and, of the wall at Level 1, M /4V, = 273,043/4(539) =126.6 in., or 10.6 ft. 22.5 ft
controls and will be taken as the required length of the boundary element above the first floor. The
special boundary elements will begin at the basement level, and continue up for the portion of the wall
supporting Levels 2 and 3. Above that level, boundary elements will still be present, but they will not be
reinforced as special boundary elements.

Another consideration for the boundary elements is at what elevation the concrete may change from 6,000
psi NW to 4,000 LW concrete. Using the requirement that boundary elements have a maximum plan
dimension of 30 in., the neutral axis depth (c) must not exceed approximately 57 in. As may be seen from
Figure 6-35, this will occur when the factored axial force in the wall falls below 3,000 kips. From Table
6-17, this will occur between Levels 6 and 7. Hence, 6,000 psi concrete will be continued up through
Level 7. Above Level 7, 4,000 psi LW concrete may be used.
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Where special boundary elements are required, transverse reinforcement must conform to ACI 318 Sec.
21.6.6.4(c) [21.7.6.4(c)], which refers to Sec. 21.4.4.1 through 21.4.4.3. If rectangular hoops are used,
the transverse reinforcement must satisfy ACI 318 Eq. 21-4:

f.

A,, = 0.09sh,
yh

If #5 hoops are used in association with two crossties in each direction, A, = 4(0.31) = 1.24 in.?, and h, =
30 - 2(1.5) - 0.525 = 26.37 in. With f.' = 6 ksi and f,,, = 60 ksi:

0.09(26.37)
60

If 4,000 psi concrete is used, the required spacing increases to 7.83 in.

Maximum spacing is the lesser of h/4, 6d,, or s, where s, = 4 + (14-h,)/3. With h, = 8.83 in., the third of
these spacings controls at 5.72 in. The 5.22-in. spacing required by ACI 318 Eqg. 21-4 is less than this, so
a spacing of 5 in. on center will be used wherever the special boundary elements are required.

Details of the panel and boundary element reinforcement are shown in Figures 6-36 and 6-37,
respectively. The vertical reinforcement in the boundary elements will be spliced as required using Type
2 mechanical splices at all locations. According to Table 6-13 (prepared for 4,000 psi LW concrete),
there should be no difficulty in developing the horizontal panel steel into the 30-in.-by-30-in. boundary
elements.
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Figure 6-36 Details of structural wall boundary element (1.0 in = 25.4 mm).
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Figure 6-37 Overall details of structural wall (1.0 in = 25.4 mm).

ACI 318 Sec. 21.6.6.4(d) [21.7.6.4(d)] also requires that the boundary element transverse reinforcement
be extended into the foundation tie beam a distance equal to the tension development length of the #9 bars
used as longitudinal reinforcement in the boundary elements. Assuming the tie beam consists of 6,000 psi
NW concrete, the development length for the #9 bar is 2.5 times the value given by ACI 318 Eq. 21-6:

f.d
| —25| | 5 560.000(1.126)
65 f, 65./6,000

=33.6 in.

Hence, the transverse boundary element reinforcement consisting of #5 hoops with two crossties in each
direction, spaced at 5 in. on center, will extend approximately 3 ft into the foundation tie beam.

6.5 STRUCTURAL DESIGN OF THE HONOLULU BUILDING

The structure illustrated in Figure 6-1 and 6-2 is now designed and detailed for the Honolulu building.
Because of the relatively moderate level of seismicity, the lateral load resisting system will consist of a
series of intermediate moment-resisting frames in both the E-W and N-S directions. This is permitted for
Seismic Design Category C buildings under Provisions Sec. 9.6 [9.4]. Design guidelines for the
reinforced concrete framing members are provided in ACI 318 Sec. 21.10 [21.12].
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Preliminary design for the Honolulu building indicated that the size of the perimeter frame girders could
be reduced to 30 in. deep by 20 in. wide (the Berkeley building has girders that are 32 in. deep by 22.5 in.
wide) and that the columns could be decreased to 28 in. square (the Berkeley building uses 30-in.-by-30-
in. columns). The haunched girders along Frames 2 through 7 have a maximum depth of 30 in. and a
width of 20 in. in the Honolulu building (the Berkeley building had haunches with a maximum depth of
32 in. and a width of 22.5in.). The Frame 2 through Frame 7 girders in Bays B-C have a constant depth
of 30 in. Using these reduced properties, the computed drifts will be increased over those shown in
Figure 6-6, but will clearly not exceed the drift limits.

6.5.1 Material Properties
ACI 318 has no specific limitations for materials used in structures designed for moderate seismic risk.

For the Honolulu building, 4,000 psi sand-LW concrete is used with ASTM A615 Grade 60 rebar for
longitudinal reinforcement and Grade 60 or Grade 40 rebar for transverse reinforcement.

6.5.2 Combination of Load Effects

For the design of the Honolulu building, all masses and superimposed gravity loads generated for the
Berkeley building are used. This is conservative because the members for the Honolulu building are
slightly smaller than the corresponding members for the Berkeley building. Also, the Honolulu building
does not have reinforced concrete walls on Gridlines 3, 4, 5, and 6 (these walls are replaced by infilled,
nonstructural masonry designed with gaps to accommodate frame drifts in the Honolulu building).

Provisions Sec. 5.2.7 [4.2.2] and Eq. 5.2.7-1 and 5.2.7-2 [4.2-1 and 4.2-2] require a combination of load
effects to be developed on the basis of ASCE 7, except that the earthquake load (E) is defined as:

E = pQg +0.2SD
when gravity and seismic load effects are additive and as:

E = pQg —0.2S,,D
when the effects of seismic load counteract gravity.
For Seismic Design Category C buildings, Provisions Sec. 5.2.4.1 [4.3.3.1] permits the reliability factor
(p) to be taken as 1.0. The special load combinations of Provisions Eq. 5.2.7-1 and 5.2.7-2 [4.2-3 and
4.2-4] do not apply to the Honolulu building because there are no discontinuous elements supporting
stiffer elements above them. (See Provisions Sec. 9.6.2 [9.4.1].)
For the Honolulu structure, the basic ASCE 7 load combinations that must be considered are:

1.2D +1.6L

1.2D +0.5L + 1.0E

0.9D £ 1.0E

The ASCE 7 load combination including only 1.4 times dead load will not control for any condition in
this building.
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Substituting E from the Provisions and with p taken as 1.0, the following load combinations must be used
for earthquake:

(1.2 +0.2S,)D + 0.5L + E
(1.2 + 0.2S,)D + 0.5L - E
(0.9-0.2S,)D + E

(0.9 - 0.2S,)D -E

Finally, substituting 0.472 for Sy (see Sec. 6.1.1), the following load combinations must be used for
earthquake:

1.30D+05L+E
1.30D +0.5L-E
0.80D + E
0.80D - E

Note that the coefficients on dead load have been slightly rounded to simplify subsequent calculations.

As E-W wind loads apparently govern the design at the lower levels of the building (see Sec. 6.2.6 and
Figure 6-4), the following load combinations should also be considered:

1.2D + 0.5L + 1.6W
1.2D +0.5L - 1.6W
0.9D - 1.6W

The wind load (W) from ASCE 7 includes a directionality factor of 0.85.

It is very important to note that use of the ASCE 7 load combinations in lieu of the combinations given in
ACI 318 Chapter 9 requires use of the alternate strength reduction factors given in ACI 318 Appendix C:

Flexure without axial load ¢ = 0.80

Axial compression, using tied columns ¢ = 0.65 (transitions to 0.8 at low axial loads)
Shear if shear strength is based on nominal axial-flexural capacity ¢ = 0.75

Shear if shear strength is not based on nominal axial-flexural capacity ¢ = 0.55
Shear in beam-column joints ¢ = 0.80

[The strength reduction factors in ACI 318-02 have been revised to be consistent with the ASCE 7 load
combinations. Thus, the factors that were in Appendix C of ACI 318-99 are now in Chapter 9 of ACI
318-02, with some modification. The strength reduction factors relevant to this example as contained in
ACI 318-02 Sec. 9.3 are:

Flexure without axial load ¢ = 0.9 (tension-controlled sections)

Axial compression, using tied columns ¢ = 0.65 (transitions to 0.9 at low axial loads)
Shear if shear strength is based o nominal axial-flexural capacity ¢ = 0.75

Shear if shear strength is not based o nominal axial-flexural capacity ¢ = 0.60

Shear in beam-column joints ¢ = 0.85]

6.5.3 Accidental Torsion and Orthogonal Loading (Seismic Versus Wind)
As has been discussed and as illustrated in Figure 6-4, wind forces appear to govern the strength

requirements of the structure at the lower floors, and seismic forces control at the upper floors. The
seismic and wind shears, however, are so close at the midlevels of the structure that a careful evaluation
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must be made to determine which load governs for strength. This determination is complicated by the
differing (wind versus seismic) rules for applying accidental torsion and for considering orthogonal
loading effects.

Because the Honolulu building is in Seismic Design Category C and has no plan irregularities of Type 5
in Provisions Table 5.2.3.2 [4.3-2], orthogonal loading effects need not be considered per Provisions Sec.
5.2.5.2.2 [4.4.2.2]. However, as required by Provisions Sec. 5.4.4.2 [5.2.4.2], seismic story forces must
be applied at a 5 percent accidental eccentricity. Torsional amplification is not required per Provisions
Sec. 5.4.4.3 [5.2.4.3] because the building does not have a Type 1a or 1b torsional irregularity. (See Sec.
6.3.2 and 6.3.4 for supporting calculations and discussion.)

For wind, ASCE 7 requires that buildings over 60 ft in height be checked for four loading cases. The
required loads are shown in Figure 6-38, which is reproduced directly from Figure 6-9 of ASCE 7. In
Cases 1 and 2, load is applied separately in the two orthogonal directions. Case 2 may be seen to produce
torsional effects because 7/8 of the total force is applied at an eccentricity of 3.57% the building width.
This is relatively less severe than required for seismic effects, where 100 percent of the story force is
applied at a 5 percent eccentricity.

0.75 Py

W bydid

0.75Pyy 0.75P

Vil
Vil

P PL biddd

0.75P,

Casel Case 3

0.75Pyy

11 Tl

P 0.75Pyy 0.75P,

> > > >
075 Py [, | Jorsp, 056 Py | | Josep,

I I

0.75P, 0.56 P
P, 0.75P,

Case 2 Case 4

Figure 6-38 Wind loading requirements from ASCE 7.

For wind, Load Cases 3 and 4 require that 75 percent of the wind pressures from the two orthogonal
directions be applied simultaneously. Case 4 is similar to Case 2 because of the torsion inducing pressure
unbalance. As mentioned earlier, the Honolulu building has no orthogonal seismic loading requirements.
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In this example, only loading in the E-W direction is considered. Hence, the following lateral load
conditions were applied to the ETABS model:

100% E-W Seismic applied at 5% eccentricity
ASCE 7 Wind Case 1 applied in E-W direction only
ASCE 7 Wind Case 2 applied in E-W direction only
ASCE 7 Wind Case 3

ASCE 7 Wind Case 4

All cases with torsion are applied in such a manner as to maximize the shears in the elements of Frame 1.
6.5.4 Design and Detailing of Members of Frame 1

In this section, the girders and a typical interior column of Level 5 of Frame 1 are designed and detailed.
For the five load cases indicated above, the girder shears produced from seismic effects control at the fifth
level, with the next largest forces coming from direct E-W wind without torsion. This is shown
graphically in Figure 6-39, where the shears in the exterior bay of Frame 1 are plotted vs. story height.
Wind controls at the lower three stories and seismic controls for all other stories. This is somewhat
different from that shown in Figure 6-4, wherein the total story shears are plotted and where wind
controlled for the lower five stories. The basic difference between Figures 6-4 and 6-39 is that Figure 6-
39 includes accidental torsion and, hence, Frame 1 sees a relatively larger seismic shear.
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Figure 6-39 Wind vs. seismic shears in exterior bay of Frame 1 (1.0 ft = 0.3048 m, 1.0 kip = 4.45kN).

6.5.4.1 Initial Calculations

The girders of Frame 1 are 30 in. deep and 20 in. wide. For positive moment bending, the effective width
of the compression flange is taken as 20 + 20(12)/12 = 40.0 in. Assuming 1.5 in. cover, #3 stirrups and
#8 longitudinal reinforcement, the effective depth for computing flexural and shear strength is 27.6 in.

6.5.4.2 Design of Flexural Members

ACI 318 Sec. 21.10.4 [21.12.4] gives the minimum requirements for longitudinal and transverse
reinforcement in the beams of intermediate moment frames. The requirements for longitudinal steel are
as follows:

1. The positive moment strength at the face of a joint shall be at least one-third of the negative moment
strength at the same joint.

2. Neither the positive nor the negative moment strength at any section along the length of the member
shall be less than one-fifth of the maximum moment strength supplied at the face of either joint.
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The second requirement has the effect of requiring top and bottom reinforcement along the full length of
the member. The minimum reinforcement ratio at any section is taken from ACI 318 Sec. 10.5.1 as 200/f,
or 0.0033 for fy =60 ksi. However, according to ACI 318 Sec. 10.5.3, the minimum reinforcement
provided need not exceed 1.3 times the amount of reinforcement required for strength.

The gravity loads and design moments for the first three spans of Frame 1 are shown in Figure 6-40. The
seismic moments are taken directly from the ETABS analysis, and the gravity moments were computed
by hand using the ACI coefficients. All moments are given at the face of the support. The gravity
moments shown in Figures 6-40c and 6-40d are slightly larger than those shown for the Berkeley building
(Figure 6-14) because the clear span for the Honolulu building increases due to the reduction in column
size from 30 in. to 28 in.

Based on preliminary calculations, the reinforcement layout of Figure 6-41 will be checked. Note that the
steel clearly satisfies the detailing requirements of ACI 318 Sec. 21.10.4 [21.12.4].

® ® ® e ©

W = 0.66 kips/ft

q M4 Wp = 2.14 Kips/ft N N
T | e | B | B8
| I L e
| @
L 17.67 L Span layout
L 20.0 i 20.0 L 200 | and loading
K K K K

Earthquake moment
W (in.-kips)
2,835

729
nfactore moment
\/ \/ \—0—/ (in.-kips)

2,796 2,886 ,835
HWWM Hﬂmﬂﬂm [Hﬂmﬁﬂm (b)
\729

573 502 502
|'\155 ZA‘yI 225 225 | 225 225 | )
I S B R S Unfactored LL moment
176 155 155 (in.-kips)
\3 56 35? 3,946 3’%} \3910 3 ?
(e) ] )
—————————— S~—f— Required strengt|
_ - 969~ —|_~ 850 2;69\ _ - 850\ _ envelopes (in.-Kips)
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— ——08D-E
————— 1.2D+1.6L

Figure 6-40 Bending moment envelopes at Level 5 of Frame 1 (1.0 ft = 0.3048 m, 1.0 kip/ft
=14.6 kN/m, 1.0 in.-kip = 0.113 kN-m).
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Figure 6-41 Preliminary reinforcement layout for Level 5 of Frame 1 (1.0 in=25.4
mm, 1.0 ft = 0.3048 m).

6.5.4.2.1 Design for Negative Moment at Face of Support A
M, =-1.3 (502) - 0.5 (155) - 1.0 (2,796) = -3,526 in.-kips
Try three #7 short bars and two #8 long bars.
A, =3(0.60) + 2 (0.79) = 3.38 in.?
p =0.0061
Depth of compression block, a = [3.38 (60)]/[0.85 (4) 20] = 2.98 in.
Nominal moment capacity, M, = Af (d - a/2) = [3.38 (60.0)] [27.6 - 2.98/2] = 5,295 in.-kips
Design capacity, ¢M, = 0.8(5,295) = 4,236 in.-kips > 3,526 in.-Kips OK
6.5.4.2.2 Design for Positive Moment at Face of Support A
M, =-0.8 (502) + 1.0 (2,796) = 2,394 in.-kips
Try three #8 long bars.

Af,=3(0.79) =2.37in?

p =0.0043

a =2.37 (60)/[0.85 (4) 40] = 1.05 in.

M, = Af,(d - a/2) = [2.37 (60.0)][27.6 - 1.05/2] = 3,850 in.-Kips

oM, = 0.8(3850) = 3,080 in.-kips > 2,394 in.-kips OK
This reinforcement also will work for positive moment at all other supports.
6.5.4.2.3 Design for Negative Moment at Face of Support A'

M, =-1.3 (729) - 0.5 (225) - 1.0 (2,886) = 3,946 in.-kips
Try four #8 long bars and one #7 short bar:

A,=4(0.79) + 1 (0.6) = 3.76 in.2
p = 0.0068
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a =[3.76 (60)]/[0.85 (4) 20] = 3.32Iin.
M, = Af (d - a/2) = [3.76 (60.0)][27.6 - 3.32/2] = 5,852 in.-Kips
#M, = 0.8(5,852) = 4,681 in.-kips > 3,946 in.-Kips OK

This reinforcement will also work for negative moment at Supports B and C. Therefore, the flexural
reinforcement layout shown in Figure 6-41 is adequate. The top short bars are cut off 5 ft-0 in. from the
face of the support. The bottom bars are spliced in Spans A'-B and C-C' with a Class B lap length of 48
in. Unlike special moment frames, there are no requirements that the spliced region of the bars in
intermediate moment frames be confined by hoops over the length of the splice.

6.5.4.2.4 Design for Shear Force in Span A'-B:

ACI 318 Sec. 21.10.3 [21.12.3] provides two choices for computing the shear strength demand in a
member of an intermediate moment frame:

1. The first option requires that the design shear force for earthquake be based on the nominal moment
strength at the ends of the members. Nominal moment strengths are computed with a flexural
reinforcement tensile strength of 1.0f, and a flexural ¢ factor of 1.0. The earthquake shears computed
from the nominal flexural strength are added to the factored gravity shears to determine the total
design shear.

2. The second option requires that the design earthquake shear force be 2.0 times the factored
earthquake shear taken from the structural analysis. This shear is used in combination with the
factored gravity shears.

For this example, the first option is used. The nominal strengths at the ends of the beam were computed
earlier as 3850 in.-kips for positive moment at Support A" and 5,852 in.-kips for negative moment at
Support B. Compute the design earthquake shear Vg:

_ 5,852+3,850

V,
E 212

=45.8 kips

where 212 in. is the clear span of the member. For earthquake forces acting in the other direction, the
earthquake shear is 43.1 kips.

The gravity load shears at the face of the supports are:

_ 2.14(20-2.33)

Vp =18.9 kips

~ 0.66(20—2.33)

A =5.83 kips

The factored design shear V, = 1.3(18.9) + 0.5(5.8) + 1.0(45.8) = 73.3 kips. This shear force applies for
earthquake forces coming from either direction as shown in the shear strength design envelope in Figure
6-42.

The design shear force is resisted by a concrete component (V,) and a steel component (V). Note that the
concrete component may be used regardless of the ratio of earthquake shear to total shear. The required
design strength is:
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VUS¢VC+¢\/S

where ¢ = 0.75 for shear.

\Y

_(085) (ZW)ZOW-G) _59.3 kips

The factor of 0.85 above reflects the reduced shear capacity of sand-LW concrete.

The shear to be resisted by steel, assuming stirrups consist of two #3 legs (A, = 0.22) and f, = 40 ksi is:

_V, —¢V,  73.3-0.75(59.3)

Vv
: P 0.75

= 38.4 kips

Using Vs = A, f.dIs:

s _ (0.22)(40)(27.6)
B 38.4

=6.32 in.

Minimum transverse steel requirements are given in ACI 318 Sec. 21.10.4.2 [21.12.4.2]. The first stirrup
should be placed 2 in. from the face of the support, and within a distance 2h from the face of the support,
the spacing should be not greater than d/4, eight times the smallest longitudinal bar diameter, 24 times the
stirrup diameter, or 12 in. For the beam under consideration d/4 controls minimum transverse steel, with
the maximum spacing being 27.6/4 = 6.9 in. This is slightly greater, however, than the 6.32 in. required
for strength. In the remainder of the span, stirrups should be placed at a maximum of d/2 (ACI 318 Sec.
21.10.4.3 [21.12.4.3)).

Because the earthquake shear (at midspan) is greater than 50 percent of the shear strength provided by
concrete alone, the minimum requirements of ACI 318 Sec. 11.5.5.3 must be checked:

0.2(40,000)
Sy =————2=8.01n
mex 50(20)

This spacing controls over the d/2 requirement. The final spacing used for the beam is shown in Figure 6-
41. This spacing is used for all other spans as well. The stirrups may be detailed according to ACI 318
Sec. 7.1.3, which requires a 90-degree hook with a 6d, extension. This is in contrast to the details of the
Berkeley building where full hoops with 135-degree hooks are required in the critical region (within 2d
from the face of the support) and stirrups with 135-degree hooks are required elsewhere.
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Figure 6-42 Shear strength envelopes for Span A'-B of Frame 1 (1.0 in =
25.4 mm, 1.0 kip = 4.45kN, 1.0 in.-kip =0.113 kN-m).

6-86



Chapter 6, Reinforced Concrete

6.5.4.3 Design of Typical Interior Column of Frame 1

This section illustrates the design of a typical interior column on Gridline A'. The column, which
supports Level 5 of Frame 1, is 28 in. square and is constructed from 4,000 psi LW concrete, 60 ksi
longitudinal reinforcement, and 40 ksi transverse reinforcement. An isolated view of the column is

shown in Figure 6-43.

The column supports an unfactored axial dead load of 528 kips and an unfactored axial live load of 54
kips. The ETABS analysis indicates that the axial earthquake force is £33.2 kips, the earthquake shear
force is £41.9 Kkips, and the earthquake moments at the top and the bottom of the column are £2,137 and

+2,708 in.-Kips, respectively. Moments and shears due to gravity loads are assumed to be negligible.

® ®
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Figure 6-43 lIsolated view of column A' (1.0 ft = 0.3048 m, 1.0 kip =

4.45kN).

6.5.4.3.1 Design of Longitudinal Reinforcement

The factored gravity force for maximum compression (without earthquake) is:

P, = 1.2(528) + 1.6(54) = 720 kips

This force acts with no significant gravity moment.

The factored gravity force for maximum compression (including earthquake) is:

P,=1.3(528) + 0.5(54) + 33.2 = 746.6 Kips

The factored gravity force for minimum compression (including earthquake) is:

P, = 0.8(528) - 33.2 = 389.2 kips
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Since the frame being designed is unbraced in both the N-S and E-W directions, slenderness effects
should be checked. For a 28-in.-by-28-in. column with a clear unbraced length. I, =120 in., r = 0.3(28)
=8.4in. (ACI 318 Sec. 10.11.3) and I /r = 120/8.4 = 14.3.

ACI 318 Sec. 10.11.4.2 states that the frame may be considered braced against sidesway if the story
stability factor is less than 0.05. This factor is given as:

_2Rd
Q_ Vulc

which is basically the same as Provisions Eq. 5.4.6.2-1 [5.2-16] except that in the ACI equation, the
gravity forces are factored. [Note also that the equation to determine the stability coefficient has been
changed in the 2003 Provisions. The importance factor, I, has been added to 2003 Provisions Eq. 5.2-16.
However, this does not affect this example because | = 1.0.] ACI is silent on whether or not ¢, should
include C,. In this example, d, does not include C,, and is therefore consistent with the Provisions. As
can be seen from earlier calculations shown in Table 6-12b, the ACI story stability factor will be in excess
of 0.05 for Level 5 of the building responding in the E-W direction. Hence, the structure must be
considered unbraced.

Even though the frame is defined as unbraced, ACI 318 Sec. 10.13.2 allows slenderness effects to be
neglected when kl /r < 22. This requires that the effective length factor k for this column be less than
1.54. For use with the nomograph for unbraced columns (ACI 318 Figure R10.12.1b):

(ﬂj _E(45000) 467 5¢
L Girder 240

According to ACI 318 Sec. 10.12.3:

0.4El oy j

(Ej _ [ 1+ 4)
Column

L 150

Using the 1.2 and 1.6 load factors on gravity load:

_1.2(528)
720

3
cotumn = 281(228) =51,221in.*

=0.88

Pa

0.4(51, 221E)

L Column 150

Because there is a column above and below as well as a beam on either side:

72.7

¥ ==L
Bottom 1875

v =0.39

Top —
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and the effective length factor k = 1.15 (ACI 318 Figure R10.12.1b). As the computed effective length
factor is less than 1.54, slenderness effects need not be checked for this column.®

Continuing with the design, an axial-flexural interaction diagram for a 28-in.-by-28-in. column with 12
#8 bars (p = 0.0121) is shown in Figure 6-44. The column clearly has the strength to support the applied
loads (represented as solid dots in the figure).
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Figure 6-44 Interaction diagram for column (1.0 kip =
4.45kN, 1.0 ft-kip = 1.36 KN-m).

-500

6.5.4.3.2 Design and Detailing of Transverse Reinforcement

ACI 318 Sec. 21.10.3 [21.12.3] allows the column to be checked for 2.0 times the factored shear force as
derived from the structural analysis. The ETABS analysis indicates that the shear force is 41.9 kips and
the design shear is 2.0(41.9) = 83.8 kips.

The concrete supplies a capacity of:

V, =0.85(2),/ f/h,d = 0.85(2),/4,000(28)(25.6) = 77.1 kips

>For loading in the N-S direction, the column under consideration has no beam framing into it in the direction of loading. If the
stiffness contributed by the joists and the spandrel beam acting in torsion is ignored, the effective length factor for the column in
the N-S direction is effectively infinity. However, this column is only one of four in a story containing a total of 36 columns.
Since each of the other 32 columns has a lateral stiffness well in excess of that required for story stability in the N-S direction,
the columns on Lines A" and C' can be considered to be laterally supported by the other 32 columns and therefore can be
designed using an effective length factor of 1.0. A P-delta analysis carried out per the ACI Commentary would be required to
substantiate this.
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The requirement for steel reinforcement is:

v, Vo= He _838-0T5(T78) gy 0 e
p 0.75

Using ties with four #3 legs, s = [4(0.11)] [40.0 (25.6/34.6)] = 13.02 in.

ACI 318 Sec. 21.10.5 [21.12.5] specifies the minimum reinforcement required. Within a region |, from
the face of the support, the tie spacing should not exceed:

8.0d, = 8.0 (1.008) = 8.00 in. (using #8 longitudinal bars)

24d;, = 24 (3/8) = 9.0 in. (using #3 ties)

1/2 the smallest dimension of the frame member = 28/2 = 14 in.
12in.

The 8.0 in. maximum spacing controls. Ties at this spacing are required over a length I, of:

1/6 clearspan of column = 120/6 = 20 in.
maximum cross section dimension = 28 in.
18.0in.

Given the above, a four-legged #3 tie spaced at 8 in. over a depth of 28 in. will be used. One tie will be
provided at 4 in. below the beam soffit, the next tie is placed 4 in. above the floor slab, and the remaining
ties are spaced at 8 in. on center. The final spacing is as shown in Figure 6-45. Note that the tie spacing
is not varied beyond ..
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Figure 6-45 Column reinforcement (1.0 in = 25.4 mm).

6.5.4.4 Design of Beam-Column Joint

Joint reinforcement for intermediate moment frames is addressed in ACI 318 Sec. 21.10.5.3 [21.12.5.5],
which refers to Sec. 11.11.2. ACI 318 Sec. 11.11.2 requires that all beam-column connections have a
minimum amount of transverse reinforcement through the beam-column joints. The only exception is in
nonseismic frames where the column is confined on all four sides by beams framing into the column. The
amount of reinforcement required is given by ACI 318 Eq. 11-13:

b,s
A, =50 [LJ
fy
This is the same equation used to proportion minimum transverse reinforcement in beams. Assuming A,

is supplied by four #3 ties and f, = 40 ksi:

_ 4(0.11)(40,000)
~ 50(28)

=12.6in.
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This effectively requires only two ties within the joint. However, the first tie will be placed 3 in. below
the top of the beam and then three additional ties will be placed below this hoop at a spacing of 8 in. The
final arrangement of ties within the beam-column joint is shown in Figure 6-45.

6.5.5 Design of Members of Frame 3
6.5.5.1 Design of Haunched Girder

A typical haunched girder supporting Level 5 of Frame 3 is now illustrated. This girder, located between
Gridlines A and B, has a variable depth with a maximum depth of 30 in. at the support and a minimum
depth of 20 in. for the middle half of the span. The length of the haunch at each end (as measured from
the face of the support) is 106 in. The width of the girder is 20 in. throughout. The girder frames into 28-
in.-by-28-in. columns on Gridlines A and B. As illustrated in Figure 6-46c¢, the reinforcement at Gridline
B is extended into the adjacent span (Span B-C) instead of being hooked into the column.

W__=0.90 Kips/ft @
Wp, = 0.90 kips/ft
\ T

R e | | —Level 5
8 N ~ T
(a) Span geometry
and loading
| |
/L |
| Bx
L, 8-10 100 L 10407 810" ||
(K 7 7 7 1
1'-2"—) K_]_'.z"
-12,000 (b) Moment envelope
-10,000 y (in.-kips)
-8,000 /,/ / /
6,000 N 4 13D+05L+E
4,000 AR A 1.3D+05L - E
2,000 N A 08D+ E
-2, N = S | —-—08D-E
0 PN I L — — —12D+16L
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2,000 e ——
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Figure 6-46 Loads, moments, and reinforcement for haunched girder (1.0 in = 25.4 mm, 1.0 ft = 0.3048
m, 1.0 Kip/ft = 14.6 kN/m, 1.0 in.-kip = 0.113 kN-m).
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Based on a tributary gravity load analysis, this girder supports an average of 3.38 kips/ft of dead load and
0.90 kips/ft of reduced live load. A gravity load analysis of the girder was carried out in a similar manner
similar to that described above for the Berkeley building.

For determining earthquake forces, the entire structure was analyzed using the ETABS program. This
analysis included 100 percent of the earthquake forces in the E-W direction placed at a 5 percent
eccentricity with the direction of the eccentricity set to produce the maximum seismic shear in the
member.

6.5.5.2 Design of Longitudinal Reinforcement

The results of the analysis are shown in Figure 6-46b for five different load combinations. The envelopes
of maximum positive and negative moment indicate that 1.2D + 1.6L and 1.3D + 0.5L * E produce
approximately equal negative end moments. Positive moment at the support is nearly zero under 0.8D -
E, and gravity controls midspan positive moment. Since positive moment at the support is negligible, a
positive moment capacity of at least one-third of the negative moment capacity will be supplied per ACI
318 Sec. 21.10.4.1 [21.12.4.1]. The minimum positive or negative moment strength at any section of the
span will not be less than one-fifth of the maximum negative moment strength.

For a factored negative moment of 8,106 in.-kips on Gridline A, try six #10 bars. Three of the bars are
short, extending just past the end of the haunch. The other three bars are long and extend into Span B-C.

A, =6(1.27)=7.62in.?

d=30-15-0.375-1.27/2=27.49in.

p =17.62/[20 (27.49)] = 0.0139

Depth of compression block, a = [7.62 (60)]/[0.85 (4) 20.0] = 6.72 in.

Nominal capacity, M, = [7.62 (60)](27.49 - 6.72/2) = 11,031 in-Kips

Design capacity, M, = 0.8(11,031) = 8,824 in.-kips > 8,106 in.-kips OK

The three #10 bars that extend across the top of the span easily supply a minimum of one-fifth of the
negative moment strength at the face of the support.

For a factored negative moment of 10,641 in.-kips on Gridline B, try eight #10 bars. Three of the bars
extend from Span A-B, three extend from Span B-C, and the remaining two are short bars centered over
Support B.

A,=8(1.27)=10.16 in.?

d=30-15-0.375-1.27/2=27.49in.

p =10.16/[20 (27.49)] = 0.0185

a =[10.16 (60)]/[0.85 (4) 20.0] = 8.96 in.

M, = [10.16 (60)](27.49 - 8.96/2) = 13,996 in.-kips

#M, = 0.8(13,996) = 11,221 in.-kips > 10,641 in.-kips OK

For the maximum factored positive moment at midspan of 2,964 in-kips., try four #9 bars:

A,=4(1.0)=4.00in.2

d=20-15-0.375-1.128/2 =17.56 in.

p = 4.0/[20 (17.56)] = 0.0114

a=1[4.00 (60)]/[0.85 (4) 84] = 0.84 in. (effective flange width = 84 in.)

M, = [4.00 (60)](17.56 - 0.84/2) = 4,113 in.-kips

oM, = 0.8(4,113) = 3,290 in.-kips > 2,964 OK
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Even though they provide more than one-third of the negative moment strength at the support, the four #9
bars will be extended into the supports as shown in Figure 6-46. The design positive moment strength for
the 30-in.-deep section with four #9 bars is computed as follows:

A, =4 (1.00) = 1.00 in.2

d=30-15-0.375- 1.128/2 = 27.56 in.

p = 4.00/[20 (27.56)] = 0.0073

a = [4.0 (60)]/[0.85 (4) 20.0] = 0.84 in.

M, = [4.00 (60)] (27.56 - 0.84/2) = 6,514 in.-kips
A, = 0.8(6,514) = 5,211 in.-kips

The final layout of longitudinal reinforcement used is shown in Figure 6-46. Note that the supplied
design strengths at each location exceed the factored moment demands. The hooked #10 bars can easily
be developed in the confined core of the columns. Splices shown are Class B and do not need to be
confined within hoops.

6.5.5.3 Design of Transverse Reinforcement
For the design for shear, ACI 318 Sec. 21.10.3 [21.12.3] gives the two options discussed above. For the
haunched girder, the approach based on the nominal flexural capacity (¢ = 1.0) of the girder will be used
as follows:

For negative moment and six #10 bars, the nominal moment strength = 11,031 in.-Kips

For negative moment and eight #10 bars, the nominal strength =13,996 in.-kips

For positive moment and four #9 bars, the nominal moment strength = 6,514 in.-kips
Earthquake shear when Support A is under positive seismic moment is:

Ve = (13,996 + 6,514)/(480 - 28) = 45.4 kips

Earthquake shear when Support B is under positive seismic moment is:

Ve = (11,031 + 6,514)/(480 - 28) = 38.8 kips
Vo =1.3V, + 0.5V, = 1.3 (63.6) + 0.5(16.9) = 91.1 kips

Maximum total shear occurs at Support B:

V, = 45.4+91.1 = 136.5 kips
The shear at Support A is 38.8 + 91.9 = 130.1 kips. The complete design shear (demand) strength
envelope is shown in Figure 6-47a. Due to the small difference in end shears, use the larger shear for

designing transverse reinforcement at each end.

Stirrup spacing required for strength is based on two #4 legs with f, = 60 ksi.

_ (0.85)(2)/4,000)(20)(27.6) _ g , Kips

¢ 1,000
v Vo 165075
4 075
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Using V, = A, f,d/s:
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Figure 6-47 Shear force envelope for haunched girder (1.0 ft =
0.3048m, 1.0 in = 25.4 mm, 1.0 kip = 4.45kN).

Following the same procedure as shown above, the spacing required for other stations is:

At support, h =30 in., V,= 136.4 kips s=5.39in.
Middle of haunch, h =25 in., V|, = 114.9 Kips S=6.67in.
End of haunch, h =20 in., V;=93.4 Kips s=7.61in.
Quarter point of region of 20-in. depth, V,= 69.2 kips s=12.11in.
Midspan, V,= 45.1 kips §=29.7in.

Within a region 2h from the face of the support, the allowable maximum spacing is d/4 = 6.87 in. at the
support and approximately 5.60 in. at midhaunch. Outside this region, the maximum spacing is d/2 =
11.2 in. at midhaunch and 8.75 in. at the end of the haunch and in the 20-in. depth region. At the
haunched segments at either end of the beam, the first stirrup is placed 2 in. from the face of the support
followed by four stirrups at a spacing of 5 in, and then 13 stirrups at 6 in. through the remainder of the
haunch. For the constant 20-in.-deep segment of the beam, a constant spacing of 8 in. is used. The final
spacing of stirrups used is shown in Figure 6-47b. Three additional stirrups should be placed at each
bend or “kink” in the bottom bars. One should be located at the kink and the others approximately 2 in.
on either side of the Kink.

6-95



FEMA 451, NEHRP Recommended Provisions: Design Examples

6.5.5.4 Design of Supporting Column

The column on Gridline A which supports Level 5 of the haunched girder is 28 in. by 28 in. and supports
a total unfactored dead load of 803.6 kips and an unfactored reduced live load of 78.4 kips. The layout of
the column is shown in Figure 6-48. Under gravity load alone, the unfactored dead load moment is 2,603
in.-kips and the corresponding live load moment is 693.0 in.-kips. The corresponding shears are 43.4 and
11.5 kips, respectively. The factored gravity load combinations for designing the column are as follows:

Bending moment, M = 1.2(2,603) + 1.6(693)
= 4,232 in.-Kips

This moment causes tension on the outside face of the top of the column and tension on the inside face of
the bottom of the column.

Shear, V = 1.2(43.4) + 0.5(11.5) = 57.8 Kips

Axial compression, P =1.2(803.6) + 1.6(78.4)
= 1,090 Kips

For equivalent static earthquake forces acting from west to east, the forces in the column are obtained
from the ETABS analysis as follows:

Moment at top of column = 690 in.-kips (tension on inside face subtracts from gravity)
Moment at bottom of column = 874 in.-kips (tension on outside face subtracts from gravity)
Shear in column = 13.3 kips (opposite sign of gravity shear)

Axial force = 63.1 Kips tension

The factored forces involving earthquake from west to east are:

Moment at top 0.80(2603) - 690 = 1,392 in.-Kips

Moment at bottom = 0.80(2603) - 874 = 1,208 in.-kips

Shear = 0.80(43.4) - 2(13.3) = 8.1 kips (using the second option for computing EQ shear)
Axial force = 0.80(803.6) - 63.1 = 580 kips

For earthquake forces acting from east to west, the forces in the column are obtained from the ETABS
analysis as follows:

Moment at top of column = 690 in.-kips (tension on outside face adds to gravity)
Moment at bottom of column = 874 in.-kips (tension on inside face adds to gravity)
Shear in column = 13.3 kips (same sign of gravity shear)

Axial force = 63.1 kips compression

6-96



Chapter 6, Reinforced Concrete

N

P, =78.4 kips Includes
Pp=803.6 kips J level 5

Y .

_/4 — Level 5

30"

12'-6"

28"

20"

L—\f — Level 4
I—

30"

Figure 6-48 Loading for Column A, Frame 3 (1.0 ft =
0.3048 m, 1.0 in = 25.4 mm, 1.0 kip = 4.45kN).

The factored forces involving earthquake from east to west are:

Moment at top 1.3(2,603) + 0.5(693) + 690 = 4,420 in.-kips

Moment at bottom = 1.3(2,603) + 0.5(693) + 874 = 4,604 in.-Kips

Shear = 1.3(43.4) + 0.5(11.5) + 2(13.3) = 94.6 kips (using second option for computing EQ shear)
Axial force = 1.3(803.6) + 0.5(78.4) + 63.1 = 1,147 kips

As may be observed from Figure 6-49, the column with 12 #8 bars is adequate for all loading
combinations. Since the maximum design shear is less than that for the column previously designed for
Frame 1 and since minimum transverse reinforcement controlled that column, the details for the column
currently under consideration are similar to those shown in Figure 6-45. The actual details for the column
supporting the haunched girder of Frame 3 are shown in Figure 6-50.
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6.5.5.5 Design of Beam-Column Joint

The detailing of the joint of the column supporting Level 5 of the haunched girder is the same as that for
the column interior column of Frame A. The joint details are shown in Figure 6-50.
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7

PRECAST CONCRETE DESIGN
Gene R. Stevens, P.E. and James Robert Harris, P.E., Ph.D.

This chapter illustrates the seismic design of precast concrete members using the NEHRP Recommended
Provisions (referred to herein as the Provisions) for buildings in several different seismic design
categories. Very briefly, for precast concrete structural systems, the Provisions:

1.

Requires the system (even if the precast carries only gravity loads) to satisfy one of the following two
sets of provisions:

a. Resist amplified chord forces in diaphragms and, if moment-resisting frames are used as the
vertical system, provide a minimum degree of redundancy measured as a fraction of available
bays, or

b. Provide a moment-resisting connection at all beam-to-column joints with positive lateral support
for columns and with special considerations for bearing lengths.

(In the authors’ opinion this does not apply to buildings in Seismic Design Category A.)

Requires assurance of ductility at connections that resist overturning for ordinary precast concrete
shear walls. (Because ordinary shear walls are used in lower Seismic Design Categories, this
requirement applies in Seismic Design Categories B and C.)

Allows special moment frames and special shear walls of precast concrete to either emulate the
behavior of monolithic concrete or behave as jointed precast systems. Some detail is given for special
moment frame designs that emulate monolithic concrete. To validate designs that do not emulate
monolithic concrete, reference is made to a new ACI testing standard (ACI T1.1-01).

Defines that monolithic emulation may be achieved through the use of either:

a. Ductile connections, in which the nonlinear response occurs at a connection between a precast
unit and another structural element, precast or not, or

b. Strong connections, in which the nonlinear response occurs in reinforced concrete sections
(generally precast) away from connections that are strong enough to avoid yield even as the
forces at the nonlinear response location increase with strain hardening.

Defines both ductile and strong connections can be either:
a. Wet connections where reinforcement is spliced with mechanical couplers, welds, or lap splices

(observing the restrictions regarding the location of splices given for monolithic concrete) and the
connection is completed with grout, or
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b. Dry connections, which are defined as any connection that is not a wet connection.
6. Requires that ductile connections be either:

a. Type Y, with a minimum ductility ratio of 4 and specific anchorage requirements, or
b. Type Z, with a minimum ductility ratio of 8 and stronger anchorage requirements.

Many of these requirements have been adopted into the 2002 edition of ACI 318, but some differences
remain. Where those differences are pertinent to the examples illustrated here, they are explained.

The examples in Sec. 7.1 illustrate the design of untopped and topped precast concrete floor and roof
diaphragms of the five-story masonry buildings described in Sec. 9.2 of this volume of design examples.
The two untopped precast concrete diaphragms of Sec. 7.1.1 show the requirements for Seismic Design
Categories B and C using 8-in.-thick hollow core precast, prestressed concrete planks. Sec. 7.1.2 shows
the same precast plank with a 2 %2 in.-thick composite lightweight concrete topping for the five-story
masonry building in Seismic Design Category D described in Sec. 9.2. Although untopped diaphragms
are commonly used in regions of low seismic hazard, the only place they are addressed in the Provisions
is the Appendix to Chapter 9. The reader should bear in mind that the appendices of the Provisions are
prepared for trial use and comment, and future changes should be expected.

The example in Sec. 7.2 illustrates the design of an ordinary precast concrete shear wall building in a
region of low or moderate seismicity, which is where most precast concrete seismic-force-resisting
systems are constructed. The precast concrete walls in this example resist the seismic forces for a three-
story office building, located in southern New England (Seismic Design Category B). There are very few
seismic requirements for such walls in the Provisions. One such requirement qualifies is that overturning
connections qualify as the newly defined Type Y or Z. ACI 318-02 identifies this system as an
“intermediate precast concrete shear wall” and does not specifically define the Type Y or Z connections.
Given the brief nature of the requirements in both the Provisions and ACI 318, the authors offer some
interpretation. This example identifies points of yielding for the system and connection features that are
required to maintain stable cyclic behavior for yielding.

The example in Sec. 7.3 illustrates the design of a special precast concrete shear wall for a single-story
industrial warehouse building in the Los Angeles. For buildings in Seismic Design Category D,
Provisions Sec. 9.1.1.12 [9.2.2.4] requires that the precast seismic-force-resisting system emulate the
behavior of monolithic reinforced concrete construction or that the system’s cyclic capacity be
demonstrated by testing. The Provisions describes methods specifically intended to emulate the behavior
of monolithic construction, and dry connections are permitted. Sec. 7.3 presents an interpretation of
monolithic emulation of precast shear wall panels with ductile, dry connections. Whether this connection
would qualify under ACI 318-02 is a matter of interpretation. The design is computed using the
Provisions rules for monolithic emulation; however, the system probably would behave more like a
jointed precast system. Additional clarity in the definition and application of design provisions of such
precast systems is needed.

Tilt-up concrete wall buildings in all seismic zones have long been designed using the precast wall panels
as shear walls in the seismic-force-resisting system. Such designs have usually been performed using
design force coefficients and strength limits as if the precast walls emulated the performance of cast-in-
place reinforced concrete shear walls, which they usually do not. In tilt-up buildings subject to strong
ground shaking, the in-plane performance of the precast panels has rarely been a problem, primarily
because there has been little demand for post-elastic performance in that direction. Conventional tilt-up
buildings may deserve a unique treatment for seismic-resistant design, and they are not the subject of any
of the examples in this chapter, although tilt-up panels with large height-to-width ratios could behave in
the fashion described in design example 7.3.
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In addition to the Provisions, the following documents are either referred to directly or are useful design
aids for precast concrete construction:

ACI 318-99 American Concrete Institute. 1999. Building Code Requirements and
Commentary for Structural Concrete.

ACI 318-02 American Concrete Institute. 2002. Building Code Requirements and
Commentary for Structural Concrete.

AISC LRFD American Institute of Steel Construction. 2002. Manual of Steel Construction,
Load & Resistance Factor Design, Third Edition.

ASCE 7 American Society of Civil Engineers. 1998 [2002]. Minimum Design Loads for
Buildings and Other Structures.

Hawkins Hawkins, Neil M., and S. K. Ghosh. 2000. “Proposed Revisions to 1997
NEHRP Recommended Provisions for Seismic Regulations for Precast Concrete
Structures, Parts 1, 2, and 3.” PCI Journal, Vol. 45, No. 3 (May-June), No. 5
(Sept.-Oct.), and No. 6 (Nov.-Dec.).

Moustafa Moustafa, Saad E. 1981 and 1982. “Effectiveness of Shear-Friction
Reinforcement in Shear Diaphragm Capacity of Hollow-Core Slabs.” PCI
Journal, Vol. 26, No. 1 (Jan.-Feb. 1981) and the discussion contained in PCI
Journal, Vol. 27, No. 3 (May-June 1982).

PCI Handbook Precast/Prestressed Concrete Institute. 1999. PCI Design Handbook, Fifth
Edition.
PCI Details Precast/Prestressed Concrete Institute. 1988. Design and Typical Details of

Connections for Precast and Prestressed Concrete, Second Edition.

SEAA Hollow Core Structural Engineers Association of Arizona, Central Chapter. Design and
Detailing of Untopped Hollow-Core Slab Systems for Diaphragm Shear.

The following style is used when referring to a section of ACI 318 for which a change or insertion is
proposed by the Provisions: Provisions Sec. xxx (ACI Sec. yyy) where “xxx” is the section in the
Provisions and “yyy” is the section proposed for insertion into ACI 318-99.

Although this volume of design examples is based on the 2000 Provisions, it has been annotated to reflect
changes made for the 2003 Provisions. Annotations within brackets, [ ], indicate both organizational
changes (as a result of a reformatting of all chapters for the 2003 Provisions) and substantive technical
changes to the Provisions and its primary reference documents. Although the general conepts of the
changes are described, the design examples and calculations have not been revised to reflect the changes
made for the 2003 Provisions.

The most significant change related to precast concrete in the 2003 Provisions is that precast shear wall
systems are now recognized separately from cast-in-place systems. The 2003 Provisions recognizes
ordinary and intermediate precast concrete shear walls. The design of ordinary precast shear walls is
based on ACI 318-02 excluding Chapter 21 and the design of intermediate shear walls is based on ACI
318-02 Sec. 21.13 (with limited modifications in Chapter 9 of the 2003 Provisions). The 2003 Provisions
does not distinguish between precast and cast-in-place concrete for special shear walls. Special precast
shear walls either need to satisfy the design requirements for special cast-in-place concrete shear walls
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(ACI 318-02 Sec. 21.7) or most be substantiated using experimental evidence and analysis (2003
Provisions Sec. 9.2.2.4 and 9.6). Many of the design provisions for precast shear walls in the 2000
Provisions have been removed, and the requirements in ACI 318-02 are in some ways less specific.
Where this occurs, the 2000 Provisions references in this chapter are simply annotated as “[not applicable
in the 2003 Provisions].” Commentary on how the specific design provision was incorporated into ACI
318-02 is included where appropriate.

Some general technical changes for the 2003 Provisions that relate to the calculations and/or designs in
this chapter include updated seismic hazard maps, revisions to the redundancy requirements, and
revisions to the minimum base shear equation. Where they affect the design examples in the chapter,
other significant changes for the 2003 Provisions and primary reference documents are noted. However,
some minor changes may not be noted.
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7.1 HORIZONTAL DIAPHRAGMS

Structural diaphragms are horizontal or nearly horizontal elements, such as floors and roofs, that transfer
seismic inertial forces to the vertical seismic-force-resisting members. Precast concrete diaphragms may
be constructed using topped or untopped precast elements depending on the Seismic Design Category of
the building. Reinforced concrete diaphragms constructed using untopped precast concrete elements are
addressed in the Appendix to Chapter 9 of the Provisions. Topped precast concrete elements, which act
compositely or noncompositely for gravity loads, are designed using the requirements of ACI 318-99 Sec.
21.7 [ACI 318-02 Sec. 21.9].

7.1.1 Untopped Precast Concrete Units for Five-Story Masonry Buildings Located in
Birmingham, Alabama, and New York, New York

This example illustrates floor and roof diaphragm design for the five-story masonry buildings located in
Birmingham, Alabama, on soft rock (Seismic Design Category B) and in New York, New York (Seismic
Design Category C). The example in Sec. 9.2 provides design parameters used in this example. The
floors and roofs of these buildings are to be untopped 8-in.-thick hollow core precast, prestressed concrete
plank. Figure 9.2-1 shows the typical floor plan of the diaphragms.

7.1.1.1 General Design Requirements

In accordance with the Provisions and ACI 318, untopped precast diaphragms are permitted only in
Seismic Design Categories A through C. The Appendix to Chapter 9 provides design provisions for
untopped precast concrete diaphragms without limits as to the Seismic Design Category. Diaphragms
with untopped precast elements are designed to remain elastic, and connections are designed for limited
ductility. No out-of-plane offsets in vertical seismic-force-resisting members (Type 4 plan irregularities)
are permitted with untopped diaphragms. Static rational models are used to determine shears and
moments on joints as well as shear and tension/compression forces on connections. Dynamic modeling of
seismic response is not required.

The design method used here is that proposed by Moustafa. This method makes use of the shear friction
provisions of ACI 318 with the friction coefficient, |, being equal to 1.0. To use u =1.0, ACI 318
requires grout or concrete placed against hardened concrete to have clean, laitance free, and intentionally
roughened surfaces with a total amplitude of about 1/4 in. (peak to valley). Roughness for formed edges
is provided either by sawtooth keys along the length of the plank or by hand roughening with chipping
hammers. Details from the SEAA Hollow Core reference are used to develop the connection details.

The terminology used is defined in ACI 318 Chapter 21 and Provisions Chapter 9. These two sources
occasionally conflict (such as the symbol |1 used above), but the source is clear from the context of the
discussion. Other definitions (e.g., chord elements) are provided as needed for clarity in this example.

7.1.1.2 General In-Plane Seismic Design Forces for Untopped Diaphragms

The in-plane diaphragm seismic design force (F ,) for untopped precast concrete in Provisions Sec.
9A.3.3[A9.2.2] “shall not be less than the forcee calculated from either of the following two criteria:”

1. pQ,F,, but not less than pQ,C w,, where
F, is calculated from Provisions Eq. 5.2.6.4.4 [4.6-3], which also bounds F,, to be not less than
0.2Spslw,, and not more than 0.4Sylw,,. This equation normally is specified for Seismic Design

'Note that this equation is incorrectly numbered as 5.2.5.4 in the first printing of the 2000 Provisions.
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Categories D and higher; it is intended in the Provisions Appendix to Chapter 9 that the same
equation be used for untopped diaphragms in Seismic Design Categories B and C.

p is the reliability factor, which is 1.0 for Seismic Design Categories A through C per Provisions Sec.
5.2.4.1[4.3.3.1].

Q, is the overstrength factor (Provisions Table 5.2.2 [4.3-1])
C, is the seismic response coefficient (Provisions Sec. 5.4.1.1 [5.2.1.1])
W, is the weight tributary to the diaphragm at Level x
Sps is the spectral response acceleration parameter at short periods (Provisions Sec. 4.1.2 [3.3.3])
I is the occupancy importance factor (Provisions Sec. 1.4 [1.3])
2. 1.25times the shear force to cause yielding of the vertical seismic-force-resisting system.

For the five-story masonry buildings of this example, the shear force to cause yielding is first
estimated to be that force associated with the development of the nominal bending strength of the
shear walls at their base. This approach to yielding uses the first mode force distribution along the
height of the building and basic pushover analysis concepts, which can be approximated as:

F .= 1.25KF,,~ where
K'is the ratio of the yield strength in bending to the demand, M,/M,,. (Note that ¢ = 1.0)

F,. is the seismic force at each level for the diaphragm as defined above by Provisions Eq. 5.2.6.4.4
[4.6-2] and not limited by the minima and maxima for that equation.

This requirement is different from similar requirements elsewhere in the Provisions. For components
thought likely to behave in a brittle fashion, the designer is required to apply the overstrength factor and
then given an option to check the maximum force that can be delivered by the remainder of the structural
system to the element in question. The maximum force would normally be computed from a plastic
mechanism analysis. If the option is exercised, the designer can then use the smaller of the two forces.
Here the Provisions requires the designer to compute both an overstrength level force and a yield level
force and then use the larger. This appears to conflict with the Commentary.

For Seismic Design Categories B and C, Provisions Sec. 5.2.6.2.6 [4.6.1.9] defines a minimum diaphragm
seismic design force that will always be less than the forces computed above.

For Seismic Design Category C, Provisions Sec. 5.2.6.3.1 [4.6.2.2] requires that collector elements,
collector splices, and collector connections to the vertical seismic-force-resisting members be designed in
accordance with Provisions Sec. 5.2.7.1 [4.2.2.2], which places the overstrength factor on horizontal
seismic forces and combines the horizontal and vertical seismic forces with the effects of gravity forces.
Because vertical forces do not normally affect diaphragm collector elements, splices, and connections, the
authors believe that Provisions Sec. 5.2.7.1 [4.2.2.2] is satisfied by the requirements of Provisions Sec.
9A.3.3 [A9.2.2], which requires use of the overstrength factor.

Parameters from the example in Sec. 9.2 used to calculate in-plane seismic design forces for the
diaphragms are provided in Table 7.1-1.
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Table 7.1-1 Design Parameters from Example 9.2

Design Parameter Birmingham 1 New York City
p 1.0 1.0
Q, 25 25
C, 0.12 0.156
w; (roof) 861 kips 869 kips
w; (floor) 963 kips 978 kips
Sbs 0.24 0.39
I 1.0 1.0

1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m.

The Provisions Appendix to Chapter 9 does not give the option of using the overstrength factor Q, to
estimate the yield of the vertical system, so M, for the wall is computed from the axial load moment
interaction diagram data developed in Sec. 9.2. The shape of the interaction diagram between the
balanced point and pure bending is far enough from a straight line (see Figure 9.2-6) in the region of
interest that simply interpolating between the points for pure bending and balanced conditions is
unacceptably unconservative for this particular check. An intermediate point on the interaction diagram
was computed for each wall in Sec. 9.2, and that point is utilized here. Yielding begins before the
nominal bending capacity is reached, particularly when the reinforcement is distributed uniformly along
the wall rather than being concentrated at the ends of the wall. For lightly reinforced walls with
distributed reinforcement and with axial loads about one-third of the balanced load, such as these, the
yield moment is on the order of 90 to 95 percent of the nominal capacity. It is feasible to compute the
moment at which the extreme bar yields, but that does not appear necessary for design. A simple factor
of 0.95 was applied to the nominal capacity here. Thus, Table 7.1-2 shows the load information from
Sec. 9.2 (the final numbers in this section may have changed, because this example was completed first).

The factor K is large primarily due to consideration of axial load. The strength for design is controlled by
minimum axial load, whereas K is maximum for the maximum axial load, which includes some live load
and a vertical acceleration on dead load.
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Table 7.1-2 Shear Wall Overstrength

Birmingham 1 New York City

Pure Bending, M, 963 ft-kips 1,723 ft-kips
Intermediate Load, M5 5,355 ft-kips 6,229 ft-kips
Intermediate Load, P,g 335 kips 363 kips
Maximum Design Load, P, 315 kips 327 kips
Interpolated M, 5,092 ft-kips 5,782 ft-kips
Approximate M, 4,837 ft-Kips 5,493 ft-kips
Desigh M, 2,640 ft-kips 3,483 ft-kips
Factor K = M,/M, 1.83 1.58

7.1.1.3 Diaphragm Forces for Birmingham Building 1

The weight tributary to the roof and floor diaphragms (w,,) is the total story weight (w;) at Level i minus
the weight of the walls parallel to the direction of loading.

Compute diaphragm weight (w,,) for the roof and floor as follows:

Roof
Total weight = 861 Kips
Walls parallel to force = (45 psf)(277 ft)(8.67 ft/2) = -54 Kips
Wiy = 807 Kips
Floors
Total weight = 963 Kips
Walls parallel to force = (45 psf)(277 ft)(8.67 ft) = -108 Kips
Wiy = 855 Kips

Compute diaphragm demands in accordance with Provisions Eq. 5.2.6.4.4 [4.6.3.4]:

n
2R
_i=x
Fox =5 — Wi
2 W

1=X

Calculations for F, are provided in Table 7.1-3.
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Table 7.1-3 Birmingham 1 F,, Calculations

n n
> W SF =V,
Wi i=x I:i i=x pr pr
Level (kips) (Kips) (kips) (kips) (Kips) (Kips)
Roof 861 861 175 175 807 164
4 963 1,820 156 331 855 155
3 963 2,790 117 448 855 137
2 963 3,750 78 527 855 120
1 963 4,710 39 566 855 103

1.0 kip = 4.45 kN.

The values for F; and V; used in Table 7.1-3 are listed in Table 9.2-2.

The minimum value of F,, = 0.2S5y5lw,, =0.2(0.24)1.0(807 kips) = 38.7 Kips (at the roof)
=0.2(0.24)1.0(855 kips) = 41.0 Kips (at floors)

The maximum value of F, = 0.4Slw,, = 2(38.7 Kkips) = 77.5 kips (at the roof)
= 2(41.0 kips) = 82.1 Kips (at floors)

Note that F,, by Table 7.1-3 is substantially larger than the maximum F . This is generally true at upper
levels if the R factor is less than 5. The value of F,, used for the roof diaphragm is 82.1 kips. Compare
this value to Cyw,, to determine the minimum diaphragm force for untopped diaphragms as indicated
previously.

Cyw,, = 0.12(807 kips) = 96.8 Kips (at the roof)
Cyw,,, = 0.12(855 kips) = 103 Kips (at the floors)

Since C,w,, is larger than F,, the controlling force is C\w,,. Note that this will always be true when | =
1.0 and R is less than or equal to 2.5. Therefore, the diaphragm seismic design forces are as follows:

Fox = p2,CWw,, = 1.0(2.5)(96.8 Kips) = 242 kips (at the roof)
Fox = p2,Cw,, = 1.0(2.5)(103 kips) = 256 Kips (at the floors)

The second check on design force is based on yielding of the shear walls:

Fx = 1.25KF,* = 1.25(1.85)164 kips = 379 Kips (at the roof)
Fx = 1.25KF,* = 1.25(1.85)155 kips = 358 Kips (at the floors)

For this example, the force to yield the walls clearly controls the design. To simplify the design, the
diaphragm design force used for all levels will be the maximum force at any level, 379 Kips.

7.1.1.4 Diaphragm Forces for New York Building

The weight tributary to the roof and floor diaphragms (w,,) is the total story weight (w;) at Level i minus
the weight of the walls parallel to the force.
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Compute diaphragm weight (w,,) for the roof and floor as follows:

Roof
Total weight = 870 kips
Walls parallel to force = (48 psf)(277 ft)(8.67 ft/2) = _-58 Kips
Woy = 812 kips
Floors
Total weight = 978 kips
Walls parallel to force = (48 psf)(277 ft)(8.67 ft) = -115 Kips
Woy = 863 kips

Calculations for F, using Provisions Eq. 5.2.6.4.4 [4.6.3.4] are not required for the first set of forces
because C,w,, will be greater than or equal to the maximum value of F,, = 0.4S¢lw,, when I =1.0 and R
is less than or equal to 2.5. Compute Cw,, as:

Caw,, = 0.156(812 kips) = 127 Kips (at the roof)
Caw,, = 0.156(863 kips) = 135 Kips (at the floors)

The diaphragm seismic design forces are:

F }X = p,Cw,, = 1.0(2.5)(127 k!ps) =318 k!ps (at the roof)
Fx = p2,Cw,, = 1.0(2.5)(135 Kips) = 337 kips (at the floors)

Calculations for F, using Provisions Eq. 5.2.6.4.4 [4.6.3.4] are required for the second check F 7, =
1.25KF,,. Following the same procedure as illustrated in the previous section, the maximum F, is 214
kips at the roof. Thus,

1.25KF,,* = 1.25(1.58)214 kips = 423 kips (at the roof)
To simplify the design, the diaphragm design force used for all levels will be the maximum force at any
level. The diaphragm seismic design force (423 kips) is controlled by yielding at the base of the walls,
just as with the Birmingham 1 building.

7.1.1.5 Static Analysis of Diaphragms

The balance of this example will use the controlling diaphragm seismic design force of 423 kips for the
New York building. In the transverse direction, the loads will be distributed as shown in Figure 7.1-1.
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Figure 7.1-1 Diaphragm force distribution and analytical model (1.0 ft =
0.3048 m).

Assuming the four shear walls have the same stiffness and ignoring torsion, the diaphragm reactions at
the transverse shear walls (F as shown in Figure 7.1-1) are computed as follows:

F = 423 kips/4 = 105.8 kips

The uniform diaphragm demands are proportional to the distributed weights of the diaphragm in different
areas (see Figure 7.1-1).

W, = [67 psf(72 ft) + 48 psf(8.67 ft)4](423 kips / 863 kips) = 3,180 Ib/ft
W, = [67 psf(72 ft)](423 kips / 863 kips) = 2,364 Io/ft

Figure 7.1-2 identifies critical regions of the diaphragm to be considered in this design. These regions
are:

Joint 1 — maximum transverse shear parallel to the panels at panel-to-panel joints

Joint 2 — maximum transverse shear parallel to the panels at the panel-to-wall joint

Joint 3 — maximum transverse moment and chord force

Joint 4 — maximum longitudinal shear perpendicular to the panels at the panel-to-wall connection
(exterior longitudinal walls) and anchorage of exterior masonry wall to the diaphragm for out-of-

plane forces

Joint 5 — collector element and shear for the interior longitudinal walls
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Figure 7.1-2 Diaphragm plan and critical design regions (1.0 ft = 0.3048 m).

Provisions Sec. 9.1.1.4 [not applicable in 2003 Provisions] defines a chord amplification factor for
diaphragms in structures having precast gravity-load systems. [The chord amplification factor has been
dropped in the 2003 Provisions and does not occur in ASC 318-02. See the initial section of this chapter
for additional discussion on changes for the 2003 Provisions.] This amplification factor appears to apply
to buildings with vertical seismic-force-resisting members constructed of precast or monolithic concrete.
Because these masonry wall buildings are similar to buildings with concrete walls, this amplification
factor has been included in calculating the chord forces. The amplification factor is:

ol

12h

>1.0

by

S
where

L. = length of the diaphragm between inflection points. Since the diaphragms have no infection
points, twice the length of the 40-ft-long cantilevers is used for L, = 80 ft

h, = story height = 8.67 ft

by = diaphragm width = 72 ft

The amplification factor = (72) 12(8.67) =1.03
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Joint forces are;

Joint 1 — Transverse forces

Shear, V,, = 3.18 kips/ft (36 ft) =114.5 kips
Moment, M, = 114.5 kips (36 ft/2) = 2,061 ft-kips
Chord tension force, T,, = M/d = 1.03(2,061 ft-kips/71 ft) =29.9 kips

Joint 2 — Transverse forces

Shear, V, = 3.18 kips/ft (40 ft) =127 Kips
Moment, M, = 127 kips (40 ft/2) = 2,540 ft-kips
Chord tension force, T, = M/d = 1.03(2,540 ft-Kips/71 ft) = 36.9 kips

Joint 3 — Transverse forces

Shear, V, = 127 kips + 2.36 kips/ft (24 ft) - 105.8 kips =78.1 kips
Moment, M, = 127 kips (44 ft) + 56.7 Kips (12 ft) - 105.8 Kips (24 ft) = 3,738 ft-kips
Chord tension force, T,; = M/d = 1.03(3,738 ft-kips/71 ft) =54.2 kips

Joint 4 — Longitudinal forces

Wall Force, F = 423 kips/8 =52.9 kips
Wall shear along wall length, V,, = 52.9 kips (36 ft)/(152 ft /2) = 25.0 kips
Collector force at wall end, T, = C,, = 52.9 kips - 25.0 Kips = 27.9 kips

Joint 4 — Out-of-plane forces

The Provisions have several requirements for out-of-plane forces. None are unique to precast
diaphragms and all are less than the requirements in ACI 318 for precast construction regardless
of seismic considerations. Assuming the planks are similar to beams and comply with the
minimum requirements of Provisions Sec. 5.2.6.1.1 [4.6.1.1] (Seismic Design Category A and
greater) [In the 2003 Provisions, all requirements for Seismic Design Category A are in Sec. 1.5
but they generally are the same as those in the 2000 Provisions. The design and detailing
requirements in 2003 Provisions Sec. 4.6 apply to Seismic Design Category B and greater], the
required out-of-plane horizontal force is:

0.05(D + L),jary = 0.05(67 psf + 40 psf)(24 t/2) = 64.2 pIf

According to Provisions Sec. 5.2.6.1.2 [4.6.1.2] (Seismic Design Category A and greater), the
minimum anchorage for masonry walls is:

F, = 400(Sps)! = 400(0.39)1.0 = 156 plf

According to Provisions Sec. 5.2.6.2.7 [4.6.1.3] (Seismic Design Category B and greater),
bearing wall anchorage shall be designed for a force computed as:

0.4(Sps)W, . = 0.4(0.39)(48 psf)(8.67 ft) = 64.9 pIf

Provisions Sec. 5.2.6.3.2 [4.6.2.1] (Seismic Design Category C and greater) requires masonry
wall anchorage to flexible diaphragms to be designed for a larger force. This diaphragm is
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considered rigid with respect to the walls, and considering that it is designed to avoid yield under
the loads that will yield the walls, this is a reasonable assumption.

F, = 1.2(Sps)lw, = 1.2(0.39)1.0[(48 psf)(8.67 ft)] =195 plf
[In the 2003 Provisions, Eq. 4.6-1 in Sec. 4.6.2.1 has been changed to 0.85S5IW,,.]
The force requirements in ACI 318 Sec. 16.5 will be described later.

Joint 5 — Longitudinal forces

Wall force, F = 423 kips/8 =52.9 kips
Wall shear along each side of wall, V,, = 52.9 kips [2(36 ft)/152 ft]/2 =12.5 kips
Collector force at wall end, T,s = C,s = 52.9 kips - 25.0 Kips = 27.9 kips

ACI 318 Sec. 16.5 also has minimum connection force requirements for structural integrity of precast
concrete bearing wall building construction. For buildings over two stories there are force requirements
for horizontal and vertical members. This building has no vertical precast members. However, ACI 318
Sec. 16.5.1 specifies that the strengths “. . . for structural integrity shall apply to all precast concrete
structures.” This is interpreted to apply to the precast elements of this masonry bearing wall structure.
The horizontal tie force requirements are:

1. 1,500 Ib/ft parallel and perpendicular to the span of the floor members. The maximum spacing of ties
parallel to the span is 10 ft. The maximum spacing of ties perpendicular to the span is the distance
between supporting walls or beams.

2. 16,000 Ib parallel to the perimeter of a floor or roof located within 4 ft of the edge at all edges.

ACI’s tie forces are far greater than the minimum tie forces given in the Provisions for beam supports and
anchorage for of masonry walls. They do control some of the reinforcement provided, but most of the
reinforcement is controlled by the computed connections for diaphragm action.

7.1.1.6 Diaphragm Design and Details

Before beginning the proportioning of reinforcement, a note about ACI’s ¢ factors is necessary. The
Provisions cites ASCE 7 for combination of seismic load effects with the effects of other loads. Both
ASCE 7 and the Provisions make it clear that the appropriate ¢ factors within ACI 318 are those
contained within Appendix C of ACI 318-99. These factors are about 10% less than the comparable
factors within the main body of the standard. The 2002 edition of ACI 318 has placed the ASCE 7 load
combinations within the main body of the standard and revised the ¢ factors accordingly. This example
uses the ¢ factors given in the 2002 edition of ACI 318, which are the same as those given in Appendix C
of the 1999 edition with one exception. Thus, the ¢ factors used here are:

Tension control (bending and ties) ¢=0.90
Shear ¢=0.75
Compression control in tied members ¢ = 0.65.

The minimum tie force requirements given in ACI 318 Sec. 16.5 are specified as nominal values, meaning
that ¢ = 1.00 for those forces.
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7.1.1.6.1 Design and Detailing at Joint 3

Joint 3 is designed first to check the requirements of Provisions Sec. 9A.3.9 [A9.2.4], which references
ACI 318 Sec. 21.7.8.3 [21.9.8.3], which then refers to ACI 318 Sec. 21.7.5.3 [21.9.5.3]. This section
provides requirements for transverse reinforcement in the chords of the diaphragm. The compressive
stress in the chord is computed using the ultimate moment based on a linear elastic model and gross
section properties. To determine the in-plane section modulus (S) of the diaphragm, an equivalent
thickness (t) based on the cross sectional area is used for the hollow core precast units as follows.

t = area/width = 215/48 = 4.5 in.
S =td%6

Chord compressive stress is computed as:

M,/S = 6M,/td® = 6(3,738 x 12)/(4.5)(72 x 12)? = 80.1 psi
The design 28-day compressive strength of the grout is 4,000 psi. Since the chord compressive stress is
less than 0.2 f,' = 0.2(4,000) = 800 psi, the transverse reinforcement indicated in ACI 318 Sec. 21.4.4.1
through 21.4.4.3 is not required.
Compute the required amount of chord reinforcement as:

Chord reinforcement, A = T,/ ¢f, = (54.2 Kips)/[0.9(60 ksi)] = 1.00 in.2
Use two #7 bars, A, = 2(0.60) = 1.20 in.? along the exterior edges (top and bottom of the plan in Figure
7.1- 2). Require cover for chord bars and spacing between bars at splices and anchorage zones by ACI

318 Sec. 21.7.8.3 [21.9.8.3].

Minimum cover = 2.5(7/8) = 2.19 in., but not less than 2.0 in.
Minimum spacing = 3(7/8) = 2.63 in., but not less than 1-1/2 in.

Figure 7.1-3 shows the chord element at the exterior edges of the diaphragm. The chord bars extend
along the length of the exterior longitudinal walls and act as collectors for these walls in the longitudinal
direction (see Joint 4 collector reinforcement and Figure 7.1-7).

4"@ spiral of 4" wire
with 2" pitch over each

| li b ired Atrtificially roughened Prestressed
a%zgelr(]:ginmga;én Zerg(rqnu;trrey surfaces of void as hollow core
i lank
of specific voids in plank. required plan
(2) #7 bars o —
(chord bars) | =, /\¥\ -
Contact] 4 ¥ T
on — - )
lap splice + = ZQF -
Splice bars — "] — .
:+I il 4 a9 \/ o ’ ¢ 4 e
o~ - N B "
Ar hd 4 2 < 4
'IL 3 3\ Grouted
chord / collector

element along exterior
edge of precast plank

Figure 7.1-3 Joint 3 chord reinforcement at the exterior edge (1.0 in. = 25.4 mm).
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Joint 3 must also be checked for the minimum ACI tie forces. The chord reinforcement obviously
exceeds the 16 kip perimeter force requirement. The 1.5 kips per foot requirement requires a 6 kip tie at
each joint between the planks, which is satisfied with a #3 bar in each joint (0.11 in.? at 60 ksi = 6.6 kips).
This bar is required at all bearing walls and is shown in subsequent details.

7.1.1.6.2 Joint 1 Design and Detailing

The design must provide sufficient reinforcement for chord forces as well as shear friction connection
forces as follows:

Chord reinforcement, A, = T,,,/¢f, = (29.9 kips)/[0.9(60 ksi)] = 0.55 in.> (collector force from Joint 4
calculations at 27.9 kips is not directly additive).

Shear friction reinforcement, A, = V,,/guf, = (114.5 kips)/[(0.75)(1.0)(60 ksi)] = 2.54 in.?
Total reinforcement required = 2(0.55 in.?) + 2.54 in.? = 3.65 in.?
ACI tie force = (3 kips/ft)(72 ft) = 216 Kips; reinforcement = (216 kips)/(60 ksi) = 3.60 in.?

Provide four #7 bars (two at each of the outside edges) plus four #6 bars (two each at the interior joint at
the ends of the plank) for a total area of reinforcement of 4(0.60 in?) + 4(0.44 in.?) =4.16 in.2

Because the interior joint reinforcement acts as the collector reinforcement in the longitudinal direction
for the interior longitudinal walls, the cover and spacing of the two # 6 bars in the interior joints will be
provided to meet the requirements of ACI 318 Sec. 21.7.8.3 [21.9.8.3]:

Minimum cover = 2.5(6/8) = 1.88 in., but not less than 2.0 in.
Minimum spacing = 3(6/8) = 2.25 in., but not less than 1-1/2 in.

Figure 7.1-4 shows the reinforcement in the interior joints at the ends of the plank, which is also the
collector reinforcement for the interior longitudinal walls (Joint 5). The two #6 bars extend along the

length of the interior longitudinal walls as shown in Figure 7.1-8.
S/

. () #6
| (collector bars)

|
A I PR l . #3 x 4-0" (behind)
o — o M —— T o at each joint
: A i el between planks

2
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a
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Figure 7.1-4 Interior joint reinforcement at the ends of plank
and the collector reinforcement at the end of the interior
longitudinal walls - Joints 1 and 5 (1.0 in. = 25.4 mm).
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Figure 7.1-5 shows the extension of the two #6 bars of Figure 7.1-4 into the region where the plank is
parallel to the bars. The bars will need to be extended the full length of the diaphragm unless
supplemental plank reinforcement is provided. This detail makes use of this supplement plank
reinforcement (two #6 bars or an equal area of strand per ACI 318-99 Sec. 21.7.5.2 [21.9.5.2]) and shows
the bars anchored at each end of the plank. The anchorage length of the #6 bars is calculated using ACI
318-99 Sec. 21.7.5.4 [21.9.5.4] which references ACI 318 Sec. 21.5.4:

f,d 60,000(d, )
ly =16(2.5)] —~= |=1.6(2.5)| ——— |=58.2d
o =18 {6&/1‘7} ( ){ 65\/4,000} °

The 2.5 factor is for the difference between straight and hooked bars, and the 1.6 factor applies when the
development length is not within a confined core. Using #6 bars, the required |, = 58.2(0.75 in.) = 43.7
in. Therefore, use |, = 4 ft, which is the width of the plank.

’i'l’/_l (2) #6 anchored 4'-0"

K into plank at ends.
-
v

=

Figure 7.1-5 Anchorage region of shear reinforcement for Joint 1 and collector
reinforcement for Joint 5 (1.0 in. = 25.4 mm).

|

2y2||

lyzu

7.1.1.6.3 Joint 2 Design and Detailing
The chord design is similar to the previous calculations:
Chord reinforcement, A, = T,/ ¢f, = (36.9 Kips)/[0.9(60 ksi)] = 0.68 in.2

The shear force may be reduced along Joint 2 by the shear friction resistance provided by the
supplemental chord reinforcement (2A,..q - As;) and by the four #6 bars projecting from the interior
longitudinal walls across this joint. The supplemental chord bars, which are located at the end of the
walls, are conservatively excluded here. The shear force along the outer joint of the wall where the plank
is parallel to the wall is modified as:

Vg™ =V, =[ ¢ f,21(Asys ) | =127 ~[ 0.75(60)(1.0)(4x 0.44) | = 47.8 kips

This force must be transferred from the planks to the wall. Using the arrangement shown in Figure 7.1-6,
the required shear friction reinforcement (A,;,) is computed as:
Vyp™ 47.8
Atz = 2 '

- = =0.79in.2
¢fy(,u sin o + oS af) 0.75(60)(1.0 sin 26.6° + cos 26.6°)
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Use two #3 bars placed at 26.6 degrees (2-to-1 slope) across the joint at 4 ft from the ends of the plank
and at 8 ft on center (three sets per plank). The angle () used above provides development of the #3 bars
while limiting the grouting to the outside core of the plank. The total shear reinforcement provided is
9(0.11in.?) =0.99 in.?

The shear force between the other face of this wall and the diaphragm is:
Vy, - F =127 - 106 = 21 Kkips

The shear friction resistance provided by #3 bars in the grout key between each plank (provided for the
1.5 kif requirement of the ACI) is computed as:

#A 1 = (0.75)(10 bars)(0.11 in.?)(60 ksi)(1.0) = 49.5 kips

The development length of the #3 and #4 bars will now be checked. For the 180 degree standard hook
use ACI 318 Sec. 12.5, |4, = I, times the factors of ACI 318 Sec. 12.5.3, but not less than 8d, or 6 in.
Side cover exceeds 2-1/2 in. and cover on the bar extension beyond the hook is provided by the grout and
the planks, which is close enough to 2 in. to apply the 0.7 factor of ACI 318 Sec. 12.5.3.2. The
continuous #5 provides transverse reinforcement, but it is not arranged to take advantage of ACI 318’s
0.8 factor. For the #3 hook:

~ 0.7(1,200)d, 0.7(1,200)0.375

[, =
a ! 4,000
T Jaow

The available distance for the perpendicular hook is about 5-1/2 in. The bar will not be fully developed at
the end of the plank because of the 6 in. minimum requirement. The full strength is not required for shear
transfer. By inspection, the diagonal #3 hook will be developed in the wall as required for the computed
diaphragm-to-shear-wall transfer. The straight end of the #3 will now be checked. The standard
development length of ACI 318 Sec. 12.2 is used for 1.

=4.95in. (6" minimum)

f,d, _60,000(0375) _ .

|, =
°25/f/ 254,000

Figure 7.1-6 shows the reinforcement along each side of the wall on Joint 2.
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Figure 7.1-6 Joint 2 transverse wall joint reinforcement (1.0 in. = 25.4 mm,
1.0 ft =0.3048 m).

7.1.1.6.4 Joint 4 Design and Detailing
The required shear friction reinforcement along the wall length is computed as:

Ay = Vol guf, = (25.0 kips)/[(0.75)(1.0)(60 ksi)] = 0.56 in.?
Based upon the ACI tie requirement, provide #3 bars at each plank-to-plank joint. For eight bars total, the
area of reinforcement is 8(0.11) = 0.88 in.?, which is more than sufficient even considering the marginal
development length, which is less favorable at Joint 2. The bars are extended 2 ft into the grout key,
which is more than the development length and equal to half the width of the plank.
The required collector reinforcement is computed as:

Ay, = T,/ o, = (27.9 kips)/[0.9(60 ksi)] = 0.52 in.?
The two #7 bars, which are an extension of the transverse chord reinforcement, provide an area of

reinforcement of 1.20 in.?

The reinforcement required by the Provisions for out-of-plane force is (195 plf) is far less than the ACI
318 requirement.

Figure 7.1-7 shows this joint along the wall.
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Figure 7.1-7 Joint 4 exterior longitudinal walls to diaphragm
reinforcement and out-of-plane anchorage (1.0 in. = 25.4 mm,
1.0 ft = 0.3048 m).

7.1.1.6.5 Joint 5 Design and Detailing

The required shear friction reinforcement along the wall length is computed as:
Ass = Vol guf, = (12.5 kips)/[(0.75)(1.0)(60 ksi)] = 0.28 in.?

Provide #3 bars at each plank-to-plank joint for a total of 8 bars.

The required collector reinforcement is computed as:
Ay = Tyl f, = (27.9 kips)/[0.9(60 ksi)] = 0.52 in.?

Two #6 bars specified for the design of Joint 1 above provide an area of reinforcement of 0.88 in.> Figure
7.1-8 shows this joint along the wall.
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Figure 7.1-8 Wall-to-diaphragm reinforcement along interior
longitudinal walls - Joint 5 (1.0 in. = 25.4 mm, 1.0 ft = 0.3048 m).

7.1.2 Topped Precast Concrete Units for Five-Story Masonry Building, Los Angeles,
California (see Sec. 9.2)

This design shows the floor and roof diaphragms using topped precast units in the five-story masonry
building in Los Angeles, California. The topping thickness exceeds the minimum thickness of 2 in. as
required for composite topping slabs by ACI 318 Sec. 21.7.4 [21.9.4]. The topping shall be lightweight
concrete (weight = 115 pcf) with a 28-day compressive strength (f,' ) of 4,000 psi and is to act
compositely with the 8-in.-thick hollow-core precast, prestressed concrete plank. Design parameters are
provided in Sec. 9.2. Figure 9.2-1 shows the typical floor and roof plan.

7.1.2.1 General Design Requirements

Topped diaphragms may be used in any Seismic Design Category. ACI 318 Sec. 21.7 [21.9]provides
design provisions for topped precast concrete diaphragms. Provisions Sec. 5.2.6 [4.6] specifies the forces
to be used in designing the diaphragms. The amplification factor of Provisions Sec. 9.1.1.4 [not
applicable in the 2003 Provisions] is 1.03, the same as previously computed for the untopped diaphragm.

7-21



FEMA 451, NEHRP Recommended Provisions: Design Examples

[As noted above, the chord amplification factor has been dropped for the 2003 Provisions and does not
occur in ASC 318-02.]

7.1.2.2 General In-Plane Seismic Design Forces for Topped Diaphragms

The in-plane diaphragm seismic design force (F,,) is calculated using Provisions Eq. 5.2.6.4.4 [4.6-2] but

must not be less than 0.2Sy5lw,, and need not be more than 0.4Sp¢lw,,. V, must be added to F,, calculated

using Eq. 5.2.6.4.4 [4.6-2] where:

W, the weight tributary to the diaphragm at Level x

the spectral response acceleration parameter at short periods (Provisions Sec. 4.1.2 [3.3.5])

I occupancy importance factor (Provisions Sec. 1.4 [1.3])

V, the portion of the seismic shear force required to be transferred to the components of the
vertical seismic-force-resisting system due to offsets or changes in stiffness of the vertical
resisting member at the diaphragm being designed.

px
DS

w

For Seismic Design Category C and higher, Provisions Sec. 5.2.6.3.1 [4.6.2.2] requires that collector
elements, collector splices, and collector connections to the vertical seismic-force-resisting members be
designed in accordance with Provisions Sec. 5.2.7.1 [4.2.2.2], which combines the diaphragm forces
times the overstrength factor (£2,) and the effects of gravity forces. The parameters from example in Sec.
9.2 used to calculate in-plane seismic design forces for the diaphragms are provided in Table 7.1-4.

Table 7.1-4 Design Parameters from Sec. 9.2

Design Parameter Value

Q 2.5
w; (roof) 1,166 kips
w; (floor) 1,302 kips

Sbs 1.0

I 1.0

Seismic Design Category D

1.0 kip = 4.45 kN.

7.1.2.3 Diaphragm Forces

As indicated previously, the weight tributary to the roof and floor diaphragms (w,,) is the total story
weight (w;) at Level i minus the weight of the walls parallel to the force.

Compute diaphragm weight (w,,) for the roof and floor as:

Roof
Total weight = 1,166 kips
Walls parallel to force = (60 psf)(277 ft)(8.67 ft/2) = __-72Kips
Woy = 1,094 Kips
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Floors
Total weight = 1,302 kips
Walls parallel to force = (60 psf)(277 ft)(8.67 ft) = _-144 Kips
Woy = 1,158 kips

Compute diaphragm demands in accordance with Provisions Eq. 5.2.6.4.4 [4.6-2]:

mn

Dyl

n
I
=

o
x
k=)
x

L=
=

Calculations for F, are provided in Table 7.1-5. The values for F; and V; are listed in Table 9.2-17.

Table 7.1-5 F, Calculations from Sec. 9.2

n n
2 W 2 F =V,
W 1= Fi I=x Wox Foc
Level (kips) (Kips) (kips) (kips) (kips) (Kips)
Roof 1,166 1,166 564 564 1,094 529
4 1,302 2,468 504 1,068 1,158 501
3 1,302 3,770 378 1,446 1,158 444
2 1,302 5,072 252 1,698 1,158 387
1 1,302 6,384 126 1,824 1,158 331
1.0 kip = 4.45 kN.
The minimum value of F,, = 0.2Sy5lw,, =0.2(1.0)1.0(1,094 kips) = 219 kips (at the roof)
=0.2(1.0)1.0(1,158 kips) = 232 kips (at floors)
The maximum value of F,, = 0.455lw,, = 2(219 Kips) = 438 kips (at the roof)
= 2(232 Kips) = 463 kips (at floors)

The value of F, used for design of the diaphragms is 463 kips, except for collector elements where forces
will be computed below.

7.1.2.4 Static Analysis of Diaphragms

The seismic design force of 463 kips is distributed as in Sec. 7.1.1.6 (Figure 7.1-1 shows the distribution).
The force is only 9.5 percent higher than that used to design the untopped diaphragm for the New York
design due to the intent to prevent yielding in the untopped diaphragm. Figure 7.1-2 shows critical
regions of the diaphragm to be considered in this design. Collector elements will be designed for 2.5
times the diaphragm force based on the overstrength factor (£2,).

Joint forces taken from Sec. 7.1.1.5 times 1.095 are as:

7-23



FEMA 451, NEHRP Recommended Provisions: Design Examples

Joint 1 — Transverse forces

Shear, V; = 114.5 kips x 1.095 =125 Kkips
Moment, M, = 2,061 ft-kips x 1.095 = 2,250 ft-kips
Chord tension force, T,1 = M/d = 1.03 x 2,250 ft-kips / 71 ft = 32.6 kips

Joint 2 — Transverse forces

Shear, V, = 127 Kkips x 1.095 =139 kips
Moment, M, = 2,540 ft-kips x 1.095 = 2,780 ft-kips
Chord tension force, T,, = M/d = 1.03 x 2,780 ft-kips / 71 ft = 39.3 kips

Joint 3 — Transverse forces

Shear, V ;= 78.1 kips x 1.095 = 85.5 kips
Moment, M, = 3,738 ft-kips x 1.095 = 4,090 ft-kips
Chord tension force, T,; = M/d = 1.03 x 4,090 ft-kips/71 ft =59.3 kips

Joint 4 — Longitudinal forces

Wall Force, F =52.9 kips x 1.095 =57.9 kips
Wall shear along wall length, V,, =25 kips x 1.095 = 27.4 kips
Collector force at wall end, Q,T,, = 2.5(27.9 kips)(1.095) = 76.4 kips

Out-of-Plane forces

Just as with the untopped diaphragm, the out-of-plane forces are controlled by ACI 318 Sec. 16.5,
which requires horizontal ties of 1.5 kips per foot from floor to walls.

Joint 5 — Longitudinal forces

Wall Force, F = 463 kips / 8 walls =57.9 kips
Wall shear along each side of wall, V,, = 12.5 kips x 1.095 = 13.7 kips
Collector force at wall end, Q,T,, = 2.5(27.9 kips)(1.095) = 76.4 kips

7.1.2.5 Diaphragm Design and Details
7.1.2.5.1 Minimum Reinforcement for 2.5 in. Topping

ACI 318 Sec. 21.7.5.1 [21.9.5.1] references ACI 318 Sec. 7.12, which requires a minimum A, = 0.0018bd
for welded wire fabric. For a 2.5 in. topping, the required A, = 0.054 in.%/ft. WWF 10x10 - W4.5xW4.5
provides 0.054 in.?/ft. The minimum spacing of wires is 10 in. and the maximum spacing is 18 in. Note
that the ACI 318 Sec. 7.12 limit on spacing of five times thickness is interpreted such that the topping
thickness is not the pertinent thickness.

7.1.2.5.2 Boundary Members

Joint 3 has the maximum bending moment and is used to determine the boundary member reinforcement
of the chord along the exterior edge. The need for transverse boundary member reinforcement is
reviewed using ACI 318 Sec. 21.7.5.3 [21.9.5.3]. Calculate the compressive stress in the chord with the
ultimate moment using a linear elastic model and gross section properties of the topping. Itis
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conservative to ignore the precast units, but not necessary. As developed previously, the chord
compressive stress is:

6M,/td? = 6(4,090 x 12)/(2.5)(72 x 12)?= 158 psi

The chord compressive stress is less than 0.2f.' = 0.2(4,000) = 800 psi. Transverse reinforcement in the
boundary member is not required.

The required chord reinforcement is:
Ay = Tyol of, = (59.3 kips)/[0.9(60 ksi)] = 1.10 in.?
7.1.2.5.3 Collectors

The design for Joint 4 collector reinforcement at the end of the exterior longitudinal walls and for Joint 5
at the interior longitudinal walls is the same.

Ay = As = T,/ f, = (76.4 Kips)/[0.9(60 ksi)] = 1.41 in.?
Use two #8 bars (A, = 2 x 0.79 = 1.58 in.?) along the exterior edges, along the length of the exterior
longitudinal walls, and along the length of the interior longitudinal walls. Provide cover for chord and

collector bars and spacing between bars per ACI 318 Sec. 21.7.8.3 [21.9.8.3].

Minimum cover = 2.5(8/8) = 2.5 in., but not less than 2.0 in.
Minimum spacing = 3(8/8) = 3.0 in., but not less than 1-1/2 in.

Figure 7.1-9 shows the diaphragm plan and section cuts of the details and Figure 7.1-10, the boundary
member and chord/collector reinforcement along the edge. Given the close margin on cover, the
transverse reinforcement at lap splices also is shown.

>

i ” L -
i [

7.1 (7N - N -
SIS

Figure 7.1-9 Diaphragm plan and section cuts.
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Figure 7.1-10 Boundary member, and chord and collector reinforcement (1.0 in. = 25.4

mm).

Figure 7.1-11 shows the collector reinforcement for the interior longitudinal walls. The side cover of
2-1/2 in. is provided by casting the topping into the cores and by the stems of the plank. A minimum

space of 1 in. is provided between the plank stems and the sides of the bars
WWF

(2)#8
(collector bars)

N

» |

Figure 7.1-11 Collector reinforcement at the end
of the interior longitudinal walls - Joint 5 (1.0 in.
=25.4 mm, 1.0 ft = 0.3048 m).

7.1.2.5.4 Shear Resistance
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Thin composite and noncomposite topping slabs on precast floor and roof members may not have reliable
shear strength provided by the concrete. In accordance with ACI 318 Sec. 21.7.7.2 [21.9.7.2], all of the
shear resistance must be provided by the reinforcement (that is, V., = 0).

N, = gAp.f, = 0.75(0.054 in.?/ft)60 ksi = 2.43 kips/ft
The shear resistance in the transverse direction is:

2.43 Kips/ft (72 ft) = 175 Kips
which is greater than the Joint 2 shear (maximum transverse shear) of 139 kips. No. 3 dowels are used to
make the welded wire fabric continuous across the masonry walls. The topping is to be cast into the

masonry walls as shown in Figure 7.1-12, and the spacing of the No. 3 bars is set to be modular with the
CMU.

Vertical |_\ Cutﬂout alternat_e face shells
reinforcement “r (16 oc. each side) and place
~a | topping completely through
wall and between planks

#3x4'-0" at 16" to
lap with WWF

1" clear —{

A
j:/
S

X

1

A

WWF 10 x 10 )
W45 x W4.5

=
14

AN §

@) #8 |__/ o @) #5 in
collector bars A 11 masonry

bond beam

Figure 7.1-12 Wall-to-diaphragm reinforcement along interior
longitudinal walls - Joint 5 (1.0 in. = 25.4 mm, 1.0 ft = 0.3048 m).

The required shear reinforcement along the exterior longitudinal wall (Joint 4) is:
Aus = Vol U, = (27.4 Kips)/[(0.75)(1.0)(60 ksi)] = 0.61 in.?
7.1.2.5.5 Check Out-of-Plane Forces

At Joint 4 with bars at 2 ft on center, F, = 624 plf = 2 ft(624 plf) = 1.25 kips. The required reinforcement,
A, = 1.25/(0.9)(60ksi) = 0.023 in.%. Provide #3 bars at 2 ft on center, which provides a nominal strength
0f 0.11 x 60/ 2 = 3.3 kiIf. The detail provides more than required by ACI 318 Sec. 16.5 for the 1.5 klf tie
force. The development length was checked in the prior example. Using #3 bars at 2 ft on center will be
adequate, and the detail is shown in Figure 7.1-13. The detail at joint 2 is similar.
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Figure 7.1-13 Exterior longitudinal wall-to-diaphragm
reinforcement and out-of-plane anchorage - Joint 4 (1.0 in. =
25.4 mm, 1.0 ft = 0.3048 m).
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7.2 THREE-STORY OFFICE BUILDING WITH PRECAST CONCRETE SHEAR
WALLS

This example illustrates the seismic design of ordinary precast concrete shear walls that may be used in
regions of low to moderate seismicity. The Provisions has one requirement for detailing such walls:
connections that resist overturning shall be Type Y or Z. ACI 318-02 has incorporated a less specific
requirement, renamed the system as intermediate precast structural walls, and removed some of the detail.
This example shows an interpretation of the intent of the Provisions for precast shear wall systems in
regions of moderate and low seismicity, which should also meet the cited ACI 318-02 requirements.

[As indicated at the beginning of this chapter, the requirements for precast shear wall systems in the 2003
Provisions have been revised — primarily to point to ACI 318-02 by reference. See also Sec. 7.2.2.1 for
more discussion of system requirements.]

7.2.1 Building Description

This precast concrete building is a three-story office building (Seismic Use Group 1) in southern New
England on Site Class D soils. The structure utilizes 10-ft-wide by 18-in.-deep prestressed double tees
(DTs) spanning 40 ft to prestressed inverted tee beams for the floors and the roof. The DTs are to be
constructed using lightweight concrete. Each of the above-grade floors and the roof are covered with a 2-
in.-thick (minimum), normal weight cast-in-place concrete topping. The vertical seismic-force-resisting
system is to be constructed entirely of precast concrete walls located around the stairs and
elevator/mechanical shafts. The only features illustrated in this example are the rational selection of the
seismic design parameters and the design of the reinforcement and connections of the precast concrete
shear walls. The diaphragm design is not illustrated.

As shown in Figure 7.2-1, the building has a regular plan. The precast shear walls are continuous from
the ground level to 12 ft above the roof. Walls of the elevator/mechanical pits are cast-in-place below
grade. The building has no vertical irregularities. The story-to-story height is 12 ft.
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Figure 7.2-1 Three-story building plan (1.0 in. = 25.4 mm, 1.0 ft = 0.3048 m).

The precast walls are estimated to be 8 in. thick for building mass calculations. These walls are normal
weight concrete with a 28-day compressive strength, f.;' = 5,000 psi. Reinforcing bars used at the ends of
the walls and in welded connectors are ASTM A706 (60 ksi yield strength). The concrete for the
foundations and below-grade walls has a 28-day compressive strength, f.' = 4,000 psi.

7.2.2 Design Requirements

7.2.2.1 Seismic Parameters of the Provisions

The basic parameters affecting the design and detailing of the building are shown in Table 7.2-1.
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Table 7.2-1 Design Parameters

Design Parameter Value
Seismic Use Group | 1=1.0
S¢ (Map 1 [Figure 3.3-1]) 0.266
S; (Map 2 [Figure 3.3-2]) 0.08
Site Class D
F, 1.59
F, 2.4
Sus = FaSs 0.425
Sui = F.S; 0.192
Sps = 2/3 Sys 0.283
Sp1 =213 Sy, 0.128
Seismic Design Category B
Basic Seismic-Force-Resisting System Bearing Wall System
Wall Type * Ordinary Reinforced Concrete Shear Walls
R 4
Q, 25
Cq 4

" Provisions Sec. 9.1.1.3 [9.2.2.1.3] provides for the use of ordinary reinforced concrete shear
walls in Seismic Design Category B, which does not require adherence to the special seismic
design provisions of ACI 318 Chapter 21.

[The 2003 Provisions have adopted the 2002 U.S. Geological Survey probabilistic seismic hazard maps
and the maps have been added to the body of the 2003 Provisions as figures in Chapter 3. These figures
replace the previously used separate map package.]

[Ordinary precast concrete shear walls is recognized as a system in Table 4.3-1 of the 2003 Provisions.
Consistent with the philosophy that precast systems are not expected to perform as well as cast-in-place
systems, the design factors for the ordinary precast concrete shear walls per 2003 Provisions Table 4.3-1
are: R=3, Q,=2.5, and C, = 3. Note that while this system is permitted in Seismic Design Category B,
unline ordinary reinforced concrete shear walls, it is not permitted in Seismic Design Category C.
Alternatively, as this example indicates conceptually, this building could be designed incorporating
intermediate precast concrete shear walls with the following design values per 2003 Provisions Table 4.3-
1. R=4,0Q,=25andC,=41]

7.2.2.2 Structural Design Considerations

7.2.2.2.1 Precast Shear Wall System

This system is designed to yield in bending at the base of the precast shear walls without shear slippage at
any of the joints. Although not a stated design requirement of the Provisions or ACI 318-02 for this

Seismic Design Category, shear slip could kink the vertical rebar at the connection and sabotage the
intended performance, which counts on an R factor of 4. The flexural connections at the ends of the
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walls, which are highly stressed by seismic forces, are designed to be the Type Y connection specified in
the Provisions. See Provisions Sec. 9.1.1.2 [9.2.2.1.1] (ACI Sec. 21.1 [21.1]) for the definitions of
ordinary precast concrete structural walls and Provisions Sec. 9.1.1.12 [not applicable for the 2003
Provisions] (ACI Sec. 21.11.6) for the connections. The remainder of the connections (shear connectors)
are then made strong enough to ensure that the inelastic straining is forced to the intended location.

[Per 2003 Provisions Sec. 9.2.2.1.1 (ACI 318-02 Sec. 21.1), ordinary precast concrete shear walls need
only satisfy the requirements of ACI 318-02 Chapters 1-18 (with Chapter 16 superceding Chapter 14).
Therefore, the connections are to be designed in accordance with ACI 318-02 Sec. 16.6.]

Although it would be desirable to force yielding to occur in a significant portion of the connections, it
frequently is not possible to do so with common configurations of precast elements and connections. The
connections are often unavoidable weak links. Careful attention to detail is required to assure adequate
ductility in the location of first yield and that no other connections yield prematurely. For this particular
example, the vertical bars at the ends of the shear walls act as flexural reinforcement for the walls and are
selected as the location of first yield. The yielding will not propagate far into the wall vertically due to
the unavoidable increase in flexural strength provided by unspliced reinforcement within the panel. The
issue of most significant concern is the performance of the shear connections at the same joint. The
connections are designed to provide the necessary shear resistance and avoid slip without unwittingly
increasing the flexural capacity of the connection because such an increase would also increase the
maximum shear force on the joint. At the base of the panel, welded steel angles are designed to be
flexible for uplift but stiff for in-plane shear.

7.2.2.2.2 Building System

No height limitations are imposed (Provisions Table 5.2.2 [4.3-1]).

For structural design, the floors are assumed to act as rigid horizontal diaphragms to distribute seismic
inertial forces to the walls parallel to the motion. The building is regular both in plan and elevation, for
which, according to Provisions Table 5.2.5.1 [4.4-4], use of the ELF procedure (Provisions Sec. 5.4 [5.2])
is permitted.

Orthogonal load combinations are not required for this building (Provisions Sec. 5.2.5.2.1 [4.4.2.1]).

Ties, continuity, and anchorage (Provisions Sec. 5.2.6.1 and 5.2.6.2 [4.6.1.1 and 4.6.1.2]) must be
explicitly considered when detailing connections between the floors and roof, and the walls and columns.

This example does not include consideration of nonstructural elements.

Collector elements are required due to the short length of shear walls as compared to the diaphragm
dimensions, but are not designed in this example.

Diaphragms need to be designed for the required forces (Provisions Sec. 5.2.6.2.6 [4.6.1.9]), but that
design is not illustrated here.

The bearing walls must be designed for a force perpendicular to their plane (Provisions Sec. 5.2.6.2.7
[4.6.1.3]), but this requirement is of no real consequence for this building.

The drift limit is 0.025h, (Provisions Table 5.2.8 [4.5-1]), but drift is not computed here.
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ACI 318 Sec. 16.5 requires minimum strengths for connections between elements of precast building
structures. The horizontal forces were described in Sec. 7.1; the vertical forces will be described in this
example.

7.2.3 Load Combinations
The basic load combinations (Provisions Sec. 5.2.7 [4.2.2]) require that seismic forces and gravity loads
be combined in accordance with the factored load combinations presented in ASCE 7 except that the
factors for seismic loads (E) are defined by Provisions Eq. 5.2.7-1 and 5.2.7-2 [4.2-1 and 4.2-2]:

E = pQe £ 0.2S55D = (1.0)Qg % (0.2)(0.283)D = Qg + 0.0567D

According to Provisions Sec. 5.2.4.1 [4.3.3.1], p = 1.0 for structures in Seismic Design Categories A, B,
and C, even though this seismic resisting system is not particularly redundant.

The relevant load combinations from ASCE 7 are:

1.2D +1.0E + 0.5L
0.9D +£1.0E

Into each of these load combinations, substitute E as determined above:
1.26D + Q¢ + 0.5L
1.14D - Q¢ + 0.5L (will not control)
0.96D + Q¢ (will not control)
0.843D - Q¢
These load combinations are for loading in the plane of the shear walls.
7.2.4 Seismic Force Analysis

7.2.4.1 Weight Calculations

For the roof and two floors

18 in. double tees (32 psf) + 2 in. topping (24 psf) = 56.0 psf
Precast beams at 40 ft = 125 psf
16 in. square columns = 45psf
Ceiling, mechanical, miscellaneous = 4.0 psf
Exterior cladding (per floor area) = 5.0psf
Partitions = 10.0 psf
Total = 92.0 psf

The weight of each floor including the precast shear walls is:
(120 ft)(150 ft)(92 psf/1,000) + [15 ft(4) + 25 ft(2)](12 ft)(0.10 ksf) = 1,790 kips

Considering the roof to be the same weight as a floor, the total building weight is W = 3(1,790 Kips) =
5,360 Kips.

7.2.4.2 Base Shear
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The seismic response coefficient (C,) is computed using Provisions Eq. 5.4.1.1-1 [5.2-2]:

Cy - 0283 1708

TR/ 41
except that it need not exceed the value from Provisions Eq. 5.4.1.1-2 [5.2-3] computed as:

c_ So __ 0128 .
STT(R/1) 029(4/1)

where T is the fundamental period of the building computed using the approximate method of Provisions
Eq. 5.4.2.1-1 [5.2-6]:

T, = C,h* = (0.02)(36)"" = 0.29sec

Therefore, use C, = 0.0708, which is larger than the minimum specified in Provisions Eq. 5.4.1.1-3 [not
applicable in the 2003 Provisions]:

C, = 0.0441S,5 = (.044)(1.0)(0.283) = 0.0125
[The minimum C, has been changed to 0.01 in the 2003 Provisions.]
The total seismic base shear is then calculated using Provisions Eq. 5.4-1 [5.2-1] as:

V =CW = (0.0708)(5,370) = 380 kips
Note that this force is substantially larger than a design wind would be. If a nominal 20 psf were applied
to the long face and then amplified by a load factor of 1.6, the result would be less than half this seismic
force already reduced by an R factor of 4.

7.2.4.3 Vertical Distribution of Seismic Forces

The seismic lateral force (F,) at any level is determined in accordance with Provisions Sec. 5.4.3 [5.2.3]:

F, =C,V
where
k
C, - W hy
W hik
i=1

Since the period, T < 0.5 sec, k = I in both building directions. With equal weights at each floor level, the
resulting values of C, and F, are as follows:

Roof C, =050 F, =190 kips
Third Floor C;=0.33 F, =127 Kips
Second Floor C,=0.17 F, =63.0 kips
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7.2.4.4 Horizontal Shear Distribution and Torsion
7.2.4.4.1 Longitudinal Direction
Design each of the 25-ft-long walls at the elevator/mechanical shafts for half the total shear. Since the

longitudinal walls are very close to the center of rigidity, assume that torsion will be resisted by the 15-ft-
long stairwell walls in the transverse direction. The forces for each of the longitudinal walls are shown in

Figure 7.2-2.
[ o
95 Kkips
~ >
o
y
63.5 kips
X »
S
q
31.5 kips
K »
o
q
Grade
_—
V = xF =190 kips
25'-0"

Figure 7.2-2 Forces on the longitudinal walls
(1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m).

7.2.4.4.2 Transverse Direction
Design the four 15-ft-long stairwell walls for the total shear including 5 percent accidental torsion
(Provisions Sec. 5.4.4.2 [5.2.4.2]). A rough approximation is used in place of a more rigorous analysis
considering all of the walls. The maximum force on the walls is computed as:

V = 380/4 + 380(0.05)(150)/[(100 ft moment arm) x (2 walls in each set)] = 109 Kips
Thus

F, = 109(0.50) = 54.5 kips

F, =109(0.33) = 36.3 kips

F, =109(0.167) = 18.2 kips

Seismic forces on the transverse walls of the stairwells are shown in Figure 7.2-3.
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54.5 Kkips
N >
o
i“.
36.3 kips
N »
o
q
18.2 kips
N »
o
y
Grade
——
V = sF =|109 kips
15'-0"

Figure 7.2-3 Forces on the transverse walls
(1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m).

7.2.5 PROPORTIONING AND DETAILING

The strength of members and components is determined using the strengths permitted and required in
ACI 318 excluding Chapter 21 (see Provisions Sec. 9.1.1.3 [9.2.2.1.3]).

7.2.5.1 Overturning Moment and End Reinforcement

Design shear panels to resist overturning by means of reinforcing bars at each end with a direct tension
coupler at the joints. A commonly used alternative is a threaded post-tensioning bar inserted through the
stack of panels, but the behavior is different, and the application of the rules for a Type Y connection to
such a design is not clear.

7.2.5.1.1 Longitudinal Direction

The free-body diagram for the longitudinal walls is shown in Figure 7.2-4. The tension connection at the
base of the precast panel to the below grade wall is governed by the seismic overturning moment and the
dead loads of the panel and supported floors and roof. In this example, the weights for an elevator
penthouse, with a floor and equipment at 180 psf between the shafts and a roof at 20 psf, are included.
The weight for the floors includes double tees, ceiling and partition (total of 70 psf), but not beams and
columns. Floor live load is 50 psf, except 100 psf is used in the elevator lobby. Roof snow load is 30 psf.
(The elevator penthouse is so small that it was ignored in computing the gross seismic forces on the
building, but it is not ignored in the following calculations.)
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12'-0"

95 kips
p»

63.5 kips
x |

12'-0"

31.5 kips
* >

12'-0"

12'-0
«— «— — «—

T 12'-0"

9" 23-6" Jqu"

Figure 7.2-4 Free-body diagram for
longitudinal walls (1.0 Kip = 4.45 kN,
1.0 ft = 0.3048 m).

V=100 4
1

At the base
Mg = (95 kips)(36 ft) + (63.5 kips)(24 ft) + (31.5 kips)(12 ft) = 5,520 ft-kips
Y D = wall + exterior floors (& roof) + lobby floors + penthouse floor + penthouse roof
= (25 ft)(48 ft)(0.1 ksf) + (25 ft)(48 t/2)(0.070 ksf)(3) + (25 ft)(8 t/2)(0.070 ksf)(2) +
(25 ft)(8 ft/2)(0.18 ksf) + (25ft )(24 ft/2)(0.02 ksf)
=120 + 126 + 14 + 18 + 6 = 284 kips
Y L = (25 ft)(48 ft/2)(0.05 ksf)(2) + (25 ft)(8 ft/2)(0.1 ksf) = 60 + 10 = 70 kips
}'S = (25ft)(48 ft + 24 ft)(0.03 ksf)/2 = 27 kips

Using the load combinations described above, the vertical loads for combining with the overturning
moment are computed as:

Prax =1.26 D+ 0.5L + 0.2 S = 397 Kips
Puin = 0.843 D = 239 kips

The axial load is quite small for the wall panel. The average compression P, / A, = 0.165 ksi (3.3
percent of f'.). Therefore, the tension reinforcement can easily be found from the simple couple shown on
Figure 7.2-4.

The effective moment arm is:

jd=25-15=235ft
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and the net tension on the uplift side is:

M Py, 5320 239

““jd 2 235 2

=107 Kkips

The required reinforcement is:
A, =T,/ ¢f, = (107 kips)/[0.9(60 ksi)] = 1.98 in.?

Use two #9 bars (A,= 2.0 in.?) at each end with direct tension couplers for each bar at each panel joint.
Since the flexural reinforcement must extend a minimum distance d (the flexural depth)beyond where it is
no longer required, use both #9 bars at each end of the panel at all three levels for simplicity.

At this point a check of ACI 318 Sec. 16.5 will be made. Bearing walls must have vertical ties with a
nominal strength exceeding 3 kips/ft, and there must be at least two ties per panel. With one tie at each
end of a 25 ft panel, the demand on the tie is:

T, = (3 kip/ft)(25 ft)/2 = 37.5 kip
The two #9 bars are more than adequate for the ACI requirement.

Although no check for confinement of the compression boundary is required for ordinary precast concrete
shear walls, it is shown here for interest. Using the check from ACI 318-99 Sec. 21.6.6.2 [21.7.6.2], the
depth to the neutral axis is:

Total compression force = A f, + P, = (2.0)(60) + 397 = 517 Kkips
Compression block a = (517 kips)/[(0.85)(5 ksi)(8 in. width)] = 15.2 in.
Neutral axis depth ¢ = a/(0.80) = 19.0 in.

The maximum depth (c) with no boundary member per ACI 318-99 Eq. 21-8 [21-8] is:

|
¢ 600(s, /h, )

where the term (J,/h,) shall not be taken less than 0.007. Once the base joint yields, it is unlikely that
there will be any flexural cracking in the wall more than a few feet above the base. An analysis of the
wall for the design lateral forces using 50% of the gross moment of inertia, ignoring the effect of axial
loads, and applying the C, factor of 4 to the results gives a ratio (d,/h,,) far less than 0.007. Therefore,
applying the 0.007 in the equation results in a distance ¢ of 71 in., far in excess of the 19 in. required.
Thus, ACI 318-99 would not require transverse reinforcement of the boundary even if this wall were
designed as a special reinforced concrete shear wall. For those used to checking the compression stress as
an index:

389 6(5,520)
oc=—+—= + ;
A S 8(25)12 8(25)° (12)

=742 psi

The limiting stress is 0.2f,' , which is 1000 psi, so no transverse reinforcement is required at the ends of
the longitudinal walls.

7.2.5.1.2 Transverse Direction
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The free-body diagram of the transverse walls is shown in Figure 7.2-5. The weight of the precast
concrete stairs is 100 psf and the roof over the stairs is 70 psf.

Aé —_— —_— —_—
o
5 Ik
54.5 kips
»x —>
5
& lD
—
36.3 kips
N — >
)
5 Ik
Av18'2 kips
o
; le
\V; C
70" |
T A
9 13-6" L9

Figure 7.2-5 Free-body diagram of the transverse walls
(1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m).

The transverse wall is similar to the longitudinal wall.
At the base
M = (54.5 kips)(36 ft) + (36.3 kips)(24 ft) + (18.2 kips)(12 ft) = 3,052 ft-kips

YD = (15 ft)(48 ft)(0.1 ksf) + 2(12.5 ft/2)(10 ft/2)(0.07 ksf)(3) + (15 t)(8 ft/2)[(0.1 ksf)(3) +
(0.07 ksf)] = 72 + 13 + 18 + 4 = 107 Kips

YL = 2(12.5 ft/2)(10 ft/2)(0.05 ksf)(2) + (15 ft)(8 ft/2)(0.1 ksf)(3) = 6 + 18 = 24 kips
Y'S = [2(12.5 ft/2)(10 ft/2) + (L5 ft)(8 ft/2)](0.03 ksf) = 3.7 Kips

P, = 1.26(107) + 0.5(24) + 0.2(4) = 148 kips

P, = 0.843(107) = 90.5 kips

jd=15-15=1351t

T, = (M,/jd) - P,,,/2 = (3,052/13.5) - 90.5/2 = 181 kips

A, = T,/ 4, = (181 kips)/[0.9(60 ksi)] = 3.35 in.?
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Use two #10 and one #9 bars (A,= 3.54 in.? ) at each end of each wall with a direct tension coupler at each
bar for each panel joint. All three bars at each end of the panel will also extend up through all three levels
for simplicity. Following the same method for boundary member check as on the longitudinal walls:

Total compression force = A f, + P, = (3.54)(60) + 148 = 360 Kips
Compression block a = (360 kips)/[(0.85)(5 ksi)(8 in. width)] = 10.6 in.
Neutral axis depth ¢ = a/(0.80) = 13.3 in.

Even though this wall is more flexible and the lateral loads will induce more flexural cracking, the
computed deflections are still small and the minimum value of 0.007 is used for the ratio (6,/h,). This
yields a maximum value of ¢ = 42.9 in., thus confinement of the boundary would not be required. The
check of compression stress as an index gives:

o= = + = 951 psi

M 140 _ 6(2930)
S 8(15)12 8(15)2(12)

P
—+
A

Since o < 1,000 psi, no transverse reinforcement is required at the ends of the transverse walls. Note how
much closer to the criterion this transverse wall is by the compression stress check.

The overturning reinforcement and connection are shown in Figures 7.2-6. Provisions Sec. 9.1.1.12 [not
applicable in the 2003 Provisions] (ACI 21.11.6.4) requires that this Type Y connection develop a
probable strength of 125% of the nominal strength and that the anchorage on either side of the connection
develop 130% of the defined probable strength. [As already noted, the connection requirements for
ordianry precast concrete shear walls have been removed in the 2003 Provisions and the ACI 318-02
requirements are less specific.] The 125% requirement applies to the grouted mechanical splice, and the
requirement that a mechanical coupler develop 125% of specified yield strength of the bar is identical to
the Type 1 coupler defined by ACI 318 Sec. 21.2.6.1. Some of the grouted splices on the market can
qualify as the Type 2 coupler defined by ACI, which must develop the specified tensile strength of the
bar. The development length, 1, for the spliced bars is multiplied by both the 1.25 and the 1.3 factors to
satisfy the Provisions requirement. The bar in the panel is made continuous to the roof, therefore no
calculation of development length is necessary in the panel. The dowel from the foundation will be
hooked, otherwise the depth of the foundation would be more than required for structural reasons. The
size of the foundation will provide adequate cover to allow the 0.7 factor on ACI’s standard development
length for hooked bars. For the # 9 bar:

(L.6.25)0.7(1200)d, _ 1365(1.128)

\/TC J4000

Similarly, for the #10 bar, the length is 27.4 in.

1'3(1'25)Idh = = 24.3 in.

Like many shear wall designs, this design does concentrate a demand for overturning resistance on the
foundation. In this instance the resistance may be provided by a large footing (on the order of 20 ft by 28
ft by 3 ft thick) under the entire stairwell, or by deep piers or piles with an appropriate cap for load
transfer. Refer to Chapter 4 for examples of design of each type of foundation, although not for this
particular example.
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/— 8" precast wall

. :
. \\A a”

— Direct tension .
coupler-(typical) |_\

1" shim and drypack
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(2) #9 ea. end, full height
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wall panel

(2) #10 & (1) #9 ea. end, B
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Development at Foundation

Transverse Wall

Reinforced foundation
not designed in the

Standard hook to develop
overturning reinforcement

Figure 7.2-6 Overturning connection detail at the base of the
walls (1.0 in =25.4 mm, 1.0 ft = 0.3048 m).

7.2.5.2 Shear Connections and Reinforcement

Panel joints often are designed to resist the shear force by means of shear friction but that technique is not
used for this example because the joint at the foundation will open due to flexural yielding. This opening
would concentrate the shear stress on the small area of the dry-packed joint that remains in compression.
This distribution can be affected by the shims used in construction. Tests have shown that this often leads
to slip of the joint, which could lead to a kink in the principal tension reinforcement at or near its splice
and destroy the integrity of the system. Therefore, the joint will be designed with direct shear connectors
that will prevent slip along the joint. This is the authors’ interpretation of the Provisions text indicating
that “Type Y connections shall develop under flexural, shear, and axial load actions, as required, a
probable strength. . . .” based upon 125 percent of the specified yield in the connection. It would not be
required by the ACI 318-02 rules for intermediate precast walls.
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7.2.5.2.1 Longitudinal Direction

The shear amplification factor is determined as:

Meapaciy _ AQL-25)F, jd + Py jd/2 (2.0 in.”)(1.25)(60 ksi)(23.5 ft) + (397 kip)(23.5 ft/2)
M M, 5320 ft-kip

demand
=1.54

Therefore, the design shear (V,) at the base is 1.54(190 kips) = 292 kips

The base shear connection is shown in Figure 7.2-7 and is to be flexible vertically but stiff horizontally in

the plane of the panel. The vertical flexibility is intended to minimize the contribution of these
connections to overturning resistance, which would simply increase the shear demand.

\ 2 o ‘o
1 L/__ #5,see(c) [ ¢ T m— — T A
Welded wire | - i ’__A_ . . 24 4 S
fabric | ] ) Plate %x4x1'-0 . L 4
a % 4 Ix < . .
T . :
™S W LAX3XHex0-8" | “ i .o
LLH <4 .
4
A 2| \

(b) Side elevation

%D H.AS.

Plate ¥5x12x1'-0" \ < 2\ /

g -

(c) Section through embedded assembly

|-
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<
\/\A 4

(a) Section through connection

Drypack

JEA
(n— I~
<
<
4
<
% .
< 4 p)
<
v
4

4
< 4 4
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Figure 7.2-7 Shear connection at base (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).

In the panel, provide an assembly with two face plates 3/8 in. x 4 in. x 12 in. connected by a C8x18.75
and with diagonal #5 bars as shown in the figure. In the foundation provide an embedded plate 1/2 x 12 x
1'-6" with six 3/4 in. diameter headed anchor studs. In the field, weld an L 4 x 3 x 5/16 x 0'-8", long leg
horizontal, on each face. The shear capacity of this connection is checked:
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Shear in the two loose angles
&V, = #0.6F)tl(2) = (0.75)(0.6)(58 ksi)(0.3125 in.)(8 in.)(2) = 130.5 kip
Weld at toe of loose angles
WV, = §0.6F)tI(2) = (0.75)(0.6)(70 ksi)(0.25 in. / v 2)(8 in.)(2) = 89.1 kip
Weld at face plates, using Table 8-9 in AISC Manual (3" edition; same table is 8-42 in 2" edition)

¢V, = CC,DI(2 sides)

C, = 1.0 for E70 electrodes

I=8in.

D = 4 (sixteenths of an inch)

k=2in./8in.=0.25

a = eccentricity, summed vectorially: horizontal component is 4 in.; vertical component is 2.67
in.; thus, al = 4.80 in. and a = 4.8 in./8 in. = 0.6 from the table. By interpolation, C = 1.29

&V, = (1.29)(1.0)(4)(8)(2) = 82.6 kip

Weld from channel to plate has at least as much capacity, but less demand.
Bearing of concrete at steel channel
f, = ¢(0.85f'.) = 0.65(0.85)(5 ksi) = 2.76 ksi
The C8 has the following properties:
t, =0.487 in.
b;=2.53in.
t; = 0.39 in. (average)
The bearing will be controlled by bending in the web (because of the tapered flange, the critical
flange thickness is greater than the web thickness). Conservatively ignoring the concrete’s
resistance to vertical deformation of the flange, compute the width (b) of flange loaded at 2.76 ksi
that develops the plastic moment in the web:
M, = ¢F t,2/4 = (0.9)(50 ksi)(0.487% in.?)/4 = 2.67 in.-kip/ir_l.
M, = f[(b-t,)%/2 - (t,/2)%2] = 2.76[(b - 0.243 in.)? - (0.243 in.)?]/2
setting the two equal results in b = 1.65 in.
Therefore bearing on the channel is

N, =2 -1,)(1) = (2.76 ksi)[(2(1.65) - 0.487 in.](6 in.) = 46.6 kip

To the bearing capacity on the channel is added the 4 - #5 diagonal bars, which are effective in
tension and compression; ¢ = 0.75 for shear is used here:

PV, = ¢f Acosa = (0.75)(60 ksi)(4)(0.31 in.?)(cos 45°) = 39.5 kip
Thus, the total capacity for transfer to concrete is:

N, = NV, + ¢V, =46.6 + 39.6 = 86.1 kip
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The capacity of the plate in the foundation is governed by the headed anchor studs. The Provisions
contain the new anchorage to concrete provisions that are in ACI 318-02 Appendix D. [In the 2003
Provisions, the anchorage to concrete provisions have been removed and replaced by the reference to
ACI 318-02.] Capacity in shear for anchors located far from an edge of concrete, such as these, and
with sufficient embedment to avoid the pryout failure mode is governed by the capacity of the steel:

N, = ¢gn A, f, = (0.65)(6 studs)(0.44 in.? per stud)(60 ksi) = 103 kip

Provisions Sec 9.2.3.3.2 (ACI 318-02 Sec. D.3.3.3) specifies an additional factor of 0.75 to derate
anchors in structures assigned to Seismic Design Categories C and higher.

In summary the various shear capacities of the connection are:

Shear in the two loose angles: 130.5 kip
Weld at toe of loose angles: 89.1 kip
Weld at face plates: 82.6 kip
Transfer to concrete: 86.1 kip

Headed anchor studs at foundation: 103 kip
The number of embedded plates (n) required for a panel is:
n=292/82.6 =3.5

Use four connection assemblies, equally spaced along each side (5'-0" on center works well to avoid the
end reinforcement). The plates are recessed to position the #5 bars within the thickness of the panel and
within the reinforcement of the panel.

It is instructive to consider how much moment capacity is added by the resistance of these connections to
vertical lift at the joint. The vertical force at the tip of the angle that will create the plastic moment in the
leg of the angle is:

T=M,/x=FIt/4/ (1K) = (36 ksi)(8 in)(0.31257 in.})/4]/(4 in. - 0.69 in.) = 2.12 Kips

There are four assemblies with two loose angles each, giving a total vertical force of 17 kips. The
moment resistance is this force times half the length of the panel, which yields 212 ft-kips. The total
demand moment, for which the entire system is proportioned, is 5320 ft - kips. Thus, these connections
will add about 4% to the resistance and ignoring this contribution is reasonable. If a straight plate 1/4 in.
x 8 in., which would be sufficient, were used and if the welds and foundation embedment did not fail first,
the tensile capacity would be 72 Kips each, a factor of 42 increase over the angles, and the shear
connections would have the unintended effect of more than doubling the flexural resistance, which could
easily cause failures in the system.

Using ACI 318 Sec. 11.10, check the shear strength of the precast panel at the first floor:

N, = $2A,[f, hd =0.85(2)/5,000(8)(23.5)(12) = 271 kips

Because ¢V, >V, = 190 kips, the wall is adequate for shear without even considering the reinforcement.
Note that the shear strength of wall itself is not governed by the overstrength required for the connection.
However, since V, > ¢V /2 = 136 kips, ACI Sec. 11.10.8 requires minimum wall reinforcement in
accordance with ACI 318 Sec. 11.10.9.4 rather than Chapter 14 or 16. For the minimum required p, =
0.0025, the required reinforcement is:
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A, = 0.0025(8)(12) = 0.24 in./ft

As before, use two layers of welded wire fabric, WWF 4x4 - W4.0xW4.0, one on each face. Shear
reinforcement provided, A, = 0.12(2) = 0.24 in.?/ft

Next, compute the shear strength at Level 2. Since the end reinforcement at the base extends to the top of
the shear wall, bending is not a concern. Yield of the vertical bars will not occur, the second floor joint
will not open (unlike at the base) and, therefore, shear friction could rationally be used to design the
connections at this level and above. Shear keys in the surface of both panels would be advisable. Also,
because of the lack of flexural yield at the joint, it is not necessary to make the shear connection be
flexible with respect to vertical movement. To be consistent with the seismic force increase from yielding
at the base, the shear at this level will be increased using the same amplification factor as calculated for
the first story.

The design shear, V,, = 1.54(95 + 63.5) = 244 kips.

Using the same recessed embedded plate assemblies in the panel as at the base, but welded with a straight
plate, the number of plates, n = 244/82.6 = 2.96. Use three plates, equally spaced along each side.

Figure 7.2-8 shows the shear connection at the second and third floors of the longitudinal precast concrete
shear wall panels.

s
X —
R
PN
4
S
J
A

xz\
J ‘ ‘l P See Figure 7.2-7
X X for embedded
, plates
X pa

Horizontal and
vertical edges

Plate %x5"x0'"-8"

Shimand| | 341

drypack / IQ
S X

X

) -

‘T/N.A/ A < S
Figure 7.2-8 Shear connections on each side of the wall at the
second and third floors (1.0 in = 25.4 mm).
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7.2.5.2.2 Transverse Direction

Use the same procedure as for the longitudinal walls:

Mecapacity _ A(L-25) fy jd + Py id /2 (3.54 in)(1.25)(60 ksi)(13.5 ft) + (148 kip)(23.5 ft/2)
M M 3052 ft-kip

demand u

=1.50
Design shear, V, at base is 1.50(105 kips) = 157.5 kips.
Use the same shear connections as at the base of the longitudinal walls (Figure 7.2-7). The connection
capacity is 82.6 kips and the number of connections required is n = 157.5/82.6 = 1.9. Provide two

connections on each panel.

Check the shear strength of the first floor panel as described previously:
M, = ¢2,/T/hd =0.85(2)/5,000(8)(13.5)(12) = 156 kips

Similar to the longitudinal direction, ¢V, >V, = 142 Kips, but V, > #V_/2 so provide two layers of welded
wire fabric, WWF 4x4 - W4.0xW4.0, one on each face as in the longitudinal walls.

Compute the shear demand at the second floor level joint as indicated below.
The design shear, V, = 1.50(52.3+ 34.9) = 130.8 kips.
Use the same plates as in the longitudinal walls. The number of plates, n = 130.8/82.6 = 1.6. Use two

plates, equally spaced. Use the same shear connections for the transverse walls as for the longitudinal
walls as shown in Figures 7.2-7 and 7.2-8.
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7.3 ONE-STORY PRECAST SHEAR WALL BUILDING

This example illustrates precast shear wall seismic design using monolithic emulation as defined in the
Provisions Sec. 9.1.1.12 [not applicable in the 2003 Provisions] (ACI Sec. 21.11.3) for a single-story
building in a region of high seismicity. For buildings in Seismic Design Category D, Provisions Sec.
9.1.1.12 [not applicable in the 2003 Provisions] (ACI Sec. 21.11.2.1) requires that the precast seismic-
force-resisting system emulate the behavior of monolithic reinforced concrete construction or that the
system’s cyclic capacity be demonstrated by testing. This example presents an interpretation of
monolithic emulation design with ductile connections. Here the connections in tension at the base of the
wall panels yield by bending steel angles out-of-plane. The same connections at the bottom of the panel
are detailed and designed to be very strong in shear and to resist the nominal shear strength of the
concrete panel.

[Many of the provisions for precast concrete shear walls in areas of high seismicity have been moved out
of the 2003 Provisions and into ACI 318-02. For structures assigned to Seismic Design Category D,
2003 Provisions Sec. 9.2.2.1.3 (ACI 318-02 Sec. 21.21.1.4) permits special precast concrete shear walls
(ACI 318-02 Sec. 21.8) or intermediate precast concrete shear walls (ACI 318-02 Sec. 21.13). The 2003
Provisions does not differentiate between precast or cast-in-place concrete for special shear walls. This is
because ACI 318-02 Sec. 21.8 essentially requires special precast concrete shear walls to satisfy the same
design requirements as special reinforced concrete shear walls (ACI 318-02 Sec. 21.7). Alternatively,
special precast concrete shear walls are permitted if they satisfy experimental and analytical requirements
contained in 2003 Provisions Sec. 9.2.2.4 and 9.6.]

7.3.1 Building Description

The precast concrete building is a single-story industrial warehouse building (Seismic Use Group 1)
located in the Los Angeles area on Site Class C soils. The structure has 8-ft-wide by 12-1/2-in.-deep
prestressed double tee (DT) wall panels. The roof is light gage metal decking spanning to bar joists that
are spaced at 4 ft on center to match the location of the DT legs. The center supports for the joists are
joist girders spanning 40 ft to steel tube columns. The vertical seismic-force-resisting system is the
precast/prestressed DT wall panels located around the perimeter of the building. The average roof height
is 20 ft, and there is a 3 ft parapet. The building is located in the Los Angeles area on Site Class C soils.
Figure 7.3-1 shows the plan of the building, which is regular.

7-47



FEMA 451, NEHRP Recommended Provisions: Design Examples

. 15 DT at 8-0" = 1200

1

A AN A N A N AN N AN AN N N A N A N A N __N__N__N__N AN N __N__N

A

480"

241 HO3
at 4'-0" o.c.

= 960"

Joist girder

~ ’ ’ ’ ’ ’ ’ " (typical)
Steel tube
columns

12 DT at 8'-0"

48'-0"
241 HO3
at 4'-0" o.c.

L 3DTat8-0"= L 16'-0" L 5DT at 8-0" = 40'-0" L 16'-0" L 3DTat8-0"= L
i 240" T oH 1 T oH 1 240" 7
door door

Figure 7.3-1 Single-story industrial warehouse building plan (1.0 ft = 0.3048 m).

The precast wall panels used in this building are typical DT wall panels commonly found in many
locations but not normally used in Southern California. For these wall panels, an extra 1/2 in. has been
added to the thickness of the deck (flange). This extra thickness is intended to reduce cracking of the
flanges and provide cover for the bars used in the deck at the base. The use of thicker flanges is
addressed later.

Provisions Sec. 9.1.1.5[9.2.2.1.5.4] (ACI Sec. 21.2.5.1 [21.2.5.1]) limits the grade and type of
reinforcement in boundary elements of shear walls and excludes the use of bonded prestressing tendons
(strand) due to seismic loads. ACI 318-99 Sec. 21.7.5.2 [21.9.5.2] permits the use of strand in boundary
elements of diaphragms provided the stress is limited to 60,000 psi. This design example uses the strand
as the reinforcement based on that analogy. The rationale for this is that the primary reinforcement of the
DT, the strand, is not working as the ductile element of the wall panel and is not expected to yield in an
earthquake.

The wall panels are normal-weight concrete with a 28-day compressive strength, f.'= 5,000 psi.
Reinforcing bars used in the welded connections of the panels and footings are ASTM A706 (60 ksi).
The concrete for the foundations has a 28-day compressive strength, f.'= 4,000 psi.
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7.3.2 Design Requirements
7.3.2.1 Seismic Parameters of the Provisions

The basic parameters affecting the design and detailing of the building are shown in Table 7.3-1.

Table 7.3-1 Design Parameters

Design Parameter Value
Seismic Use Group | 1=1.0
S¢ (Map 1 [Figure 3.3-1]) 15
S; (Map 2 [Figure 3.3-2]) 0.60
Site Class C
F, 1.0
F, 1.3
Sus = FaSs 15
Swi = F.S; 0.78
Sps = 2/3 Sys 1.0
Sp1 =213 Sy, 0.52
Seismic Design Category D
Basic Seismic-Force-Resisting System Bearing Walls System
Wall Type * Special Reinforced Concrete Shear Wall
R 5
Q, 25
Cq 5

" Provisions Sec. 9.7.1.2 [9.2.2.1.3] requires special reinforced concrete shear walls in Seismic
Design Category D and requires adherence to the special seismic design provisions of ACI 318
Chapter 21.

[The 2003 Provisions have adopted the 2002 U.S. Geological Survey seismic hazard maps and the maps
have been added to the body of the 2003 Provisions as figures in Chapter 3 (instead of the previously
used separate map package).]

7.3.2.2 Structural Design Considerations
7.3.2.2.1 Precast Shear Wall System

The criteria for the design is to provide yielding in a dry connection for bending at the base of each
precast shear wall panel while maintaining significant shear resistance in the connection. The flexural
connection for a wall panel at the base is located in one DT leg while the connection at the other leg is
used for compression. Per Provisions Sec. 9.1.1.12 (ACI Sec. 21.11.3.1) [not applicable in the 2003
Provisions], these connections resist the shear force equal to the nominal shear strength of the panel and
have a nominal strength equal to twice the shear that exists when the actual moment is equal to M,
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(which ACI defines as ¢ = 1.0 and a steel stress equal to 125% of specified yield). Yielding will develop
in the dry connection at the base by bending the horizontal leg of the steel angle welded between the
embedded plates of the DT and footing. The horizontal leg of this angle is designed in a manner to resist
the seismic tension of the shear wall due to overturning and then yield and deform inelastically. The
connections on the two legs of the DT are each designed to resist 50 percent of the shear. The anchorage
of the connection into the concrete is designed to satisfy the Type Z requirements in Provisions Sec.
9.1.1.12 (ACI Sec. 21.11.6.5) [not applicable in the 2003 Provisions.]. Careful attention to structural
details of these connections is required to ensure tension ductility and resistance to large shear forces that
are applied to the embedded plates in the DT and footing.

[Based on the 2003 Provisions, unless the design of special precast shear walls is substantiated by
experimental evidence and analysis per 2003 Provisions Sec. 9.2.2.4 (ACI 318-02 Sec. 21.8.2), the design
must satisfy ACI 318-02 Sec. 21.7 requirements for special structural walls as referenced by ACI 318-02
Sec. 21.8.1. The connection requirements are not as clearly defined as in the 2000 Provisions.]

7.3.2.2.2 Building System
Height limit is 160 ft (Provisions Table 5.2.2 [4.3-1]).

The metal deck roof acts as a flexible horizontal diaphragm to distribute seismic inertia forces to the walls
parallel to the earthquake motion (Provisions Sec. 5.2.3.1 [4.3.2.1]).

The building is regular both in plan and elevation.

The reliability factor, p is computed in accordance with Provisions Sec. 5.2.4.2 [4.3.3]. The maximum p,
value is given when I, isthe largest value. I, isthe ratio of design story shear resisted by the

single element carrying the most shear force to the total story shear. All shear wall elements (8-ft-wide
panels) have the same stiffness. Therefore, the shear in each element is the total shear along a side

divided by the number of elements (wall panels). The largest Maxy value is along the side with the least

number of panels. Along the side with 11 panels, I,

12
= —41 = 0.0455

maxy 1.0

ax, 1S computed as:

A, =96 ft x 120 ft = 11,520 ft?

om0y 20 _
" e A 0.0455,/11,520

Therefore, use p = 1.0.

[The redundancy requirements have been substantially changed for the 2003 Provisions. For a shear wall
building assigned to Seismic Design Category D, p = 1.0 as long as it can be shown that failure of a single
shear wall with an aspect ratio greater than 1.0 would not result in more than a 33 percent reduction in
story strength or create an extreme torsional irregularity. Based on the design procedures for the walls,
each individual panel should be considered a separate wall with an aspect ratio greater than 1.0.
Alternatively, if the structure is regular in plan and there are at least two bays of perimeter framing on
each side of the structure in each orthogonal direction, the exception in 2003 Provisions Sec. 4.3.3.2
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permits the use of D, p = 1.0. This exception could be interpreted as applying to this example, which is
regular and has more than two wall panels (bays) in both directions.]

The structural analysis to be used is the ELF procedure (Provisions Sec. 5.4 [5.2]) as permitted by
Provisions Table 5.2.5 [4.4-1].

Orthogonal load combinations are not required for flexible diaphragms in Seismic Design Category D
(Provisions Sec. 5.2.5.2.3 [4.4.2.3]).

This example does not include design of the foundation system, the metal deck diaphragm, or the
nonstructural elements.

Ties, continuity, and anchorage (Provisions 5.2.6.1 through 5.2.6.4 [4.6]) must be explicitly considered
when detailing connections between the roof and the wall panels. This example does not include the
design of these connections, but sketches of details are provided to guide the design engineer.

There are no drift limitations for single-story buildings as long as they are designed to accommodate
predicted lateral displacements (Provisions Table 5.2.8, footnote b [4.5-1, footnote c]).

7.3.3 Load Combinations
The basic load combinations (Provisions Sec. 5.2.7) require that seismic forces and gravity loads be
combined in accordance with the factored load combinations as presented in ASCE 7, except that the load
factor for earthquake effects (E) is defined by Provisions Eq. 5.2.7-1 and 5.2.7-2 [4.2-1 and 4.2-2]:

E = pQe £ 0.2S55D = (1.0)Q = (0.2)(1.0)D = Q £ 0.2D

The relevant load combinations from ASCE 7 are:

1.2D +1.0E+0.5L
0.9D + 1.0E

Note that roof live load need not be combined with seismic loads, so the live load term, L, can be omitted
from the equation.

Into each of these load combinations, substitute E as determined above:

1.4D + Q¢
1.0D - Q¢ (will not control)
11D+ Q¢ (will not control)
O.7D = QE

These load combinations are for the in-plane direction of the shear walls.
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7.3.4 Seismic Force Analysis
7.3.4.1 Weight Calculations

Compute the weight tributary to the roof diaphragm

Roofing = 20psf
Metal decking = 1.8psf
Insulation = 1.5 psf
Lights, mechanical, sprinkler system etc. = 3.2psf
Bar joists = 2.7 psf
Joist girder and columns = 0.8 psf
Total = 12.0 psf

The total weight of the roof is computed as:
(120 ft x 96 ft)(12 psf/1,000) = 138 Kips
The exterior double tee wall weight tributary to the roof is:
(20 ft/2 + 3 ft)[42 psf/1,000](120 ft + 96 ft)2 = 236 kips
Total building weight for seismic lateral load, W = 138 + 236 = 374 kips
7.3.4.2 Base Shear
The seismic response coefficient (C,) is computed using Provisions Eq. 5.4.1.1-1 [5.2-2] as:

S, 10

- =2--0.20
* R/l 51

except that it need not exceed the value from Provisions Eq. 5.4.1.1-2 [5.2-3] as follows:

Spy 052

S=T(R) " 0a89(51)

where T is the fundamental period of the building computed using the approximate method of Provisions
Eq. 5.4.2.1-1 [5.2-6]:

T, =C,h* = (0.02)(20.0)*"

=0.189 sec

Therefore, use C, = 0.20, which is larger than the minimum specified in Provisions Eq. 5.4.1.1-3 [not
applicable in the 2003 Provisions]:

C, = 0.0441S55 = (0.044)(1.0)(1.0) = 0 ..044
[The minimum C; value has been changed to 0.01 in. the 2003 Provisions.

The total seismic base shear is then calculated using Provisions Eq. 5.4-1 [5.2-1] as:
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V =CW = (0.20)(374) = 74.8 kips
7.3.4.3 Horizontal Shear Distribution and Torsion

Torsion is not considered in the shear distribution in buildings with flexible diaphragms. The shear along
each side of the building will be equal, based on a tributary area force distribution.

7.3.4.3.1 Longitudinal Direction

The total shear along each side of the building is V/2 = 37.4 kips. The maximum shear on longitudinal
panels (at the side with the openings) is:

V,, = 37.4/11 = 3.4 Kips

On each side, each longitudinal wall panel resists the same shear force as shown in the free-body diagram
of Figure 7.3-2, where D, represents roof joist reactions and D, is the panel weight.

8-0"

o lo

1 1
o
™

_\* ———
Vlu
D, D,
D,

5 2-0"  2-0"  2-0", 2-0"
Q

DT le
0

Foundation
] /
——
bt
T C

Figure 7.3-2 Free-body diagram of a panel in the
longitudinal direction (1.0 ft = 0.3048 m).
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7.3.4.3.2 Transverse Direction
Seismic forces on the transverse wall panels are all equal and are:
V,, = 37.4/12 = 3.12 kips
Figure 7.3-3 shows the transverse wall panel free-body diagram.
Note the assumption of uniform distribution to the wall panels in a line requires that the roof diaphragm
be provided with a collector element along its edge. The chord designed for diaphragm action in the

perpendicular direction will normally be capable of fulfilling this function, but an explicit check should
be made in the design.

I 8-0" b
1 1
S
™
B ——
Vi
D
= 20" 20"
o
(V]

DT le
i

/— Foundation
-~

———
T C

Figure 7.3-3 Free-body diagram of a panel in the
transverse direction (1.0 ft = 0.3048 m).

7.3.5 Proportioning and Detailing

The strength of members and components is determined using the strengths permitted and required in
ACI 318 including Chapter 21.
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7.3.5.1 Tension and Shear Forces at the Panel Base

Design each precast shear panel to resist the seismic overturning moment by means of a ductile tension
connector at the base of the panel. A steel angle connector will be provided at the connection of each leg
of the DT panel to the concrete footing. The horizontal leg of the angle is designed to yield in bending as
needed in an earthquake. Provisions Sec. 9.1.1.12 [not applicable in the 2003 Provisions] requires that
dry connections at locations of nonlinear action comply with applicable requirements of monolithic
concrete construction and satisfy the following:

1. Where the moment action on the connection is assumed equal to M
connection shall be no greater than 0.5S,connection @Nd

on the co-existing shear on the

2. The nominal shear strength for the connection shall not be less than the shear strengths of the
members immediately adjacent to that connection.

Precisely how ductile dry connections emulate monolithic construction is not clearly explained. The dry
connections used here do meet the definition of a yielding steel element at a connection contained in ACI
318-02. For the purposes of this example, these two additional requirements are interpreted as:

1. When tension from the seismic overturning moment causes 1.25 times the yield moment in the angle,
the horizontal shear on this connection shall not exceed one-half the nominal shear strength of the
connection. For this design, one-half the total shear will be resisted by the angle at the DT leg in
tension and the remainder by the angle at the DT leg in compression.

2. The nominal shear strength of the connections at the legs need to be designed to exceed the in-plane
shear strength of the DT.

Determine the forces for design of the DT connection at the base.
7.3.5.1.1 Longitudinal Direction
Use the free-body diagram shown in Figure 7.3-2. The maximum tension for the connection at the base
of the precast panel to the concrete footing is governed by the seismic overturning moment and the dead
loads of the panel and the roof. The weight for the roof is 11.2 psf, which excludes the joist girders and
columns.
At the base

Mg = (3.4 kips)(20 ft) = 68.0 ft-kips
Dead loads

D, =(11.2/1, 000)(‘%4 = 1.08 kips

D, =0.042(23)(8) = 7.73 kips
YD =2(1.08) + 7.73 = 9.89 kips
1.4D = 13.8 kips

0.7 D = 6.92 kips

Compute the tension force due to net overturning based on an effective moment arm, d = 4.0 ft (distance
between the DT legs). The maximum is found when combined with 0.7D:
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T,=Mg/d - 0.7D/2 = 68.0/4 - 6.92/2 = 13.5 kips
7.3.5.1.2 Transverse Direction
For the transverse direction, use the free-body diagram of Figure 7.3-3. The maximum tension for
connection at the base of the precast panel to the concrete footing is governed by the seismic overturning
moment and the dead loads of just the panel. No load from the roof is included, since it is negligible.
At the base
Mg = (3.12 kips)(20 ft) = 62.4 ft-kips
The dead load of the panel (as computed above) is D, = 7.73 kips, and 0.7D = 5.41.
The tension force is computed as above for d = 4.0 ft (distance between the DT legs):

T,=62.4/4 - 5.41/2 = 12.9 Kips

This tension force is less than that at the longitudinal wall panels. Use the tension force of the
longitudinal wall panels for the design of the angle connections.

7.3.5.2 Panel Reinforcement 25" 10m
.
Check the maximum compressive stress in the DT leg for the e I A
requirement of transverse boundary element reinforcement per ACI P
318 Sec. 21.6.6.3 [21.7.6.3]. Figure 7.3-4 shows the cross section .
used. The section is limited by the area of dry-pack under the DT at
the footing.
o €€— M
The reason to limit the area of dry-pack at the footing is to locate the SN
boundary elements in the legs of the DT, at least at the bottom of the
panel. The flange between the legs of the DT is not as susceptible to
cracking during transportation as are the corners of DT flanges o
outside the confines of the legs. The compressive stress due to the I S I %
overturning moment at the top of the footing and dead load is: X A; D B >
A =227 "_1'23 Figure 7.3-4 Cross section of the DT
S=3240 in. dry-packed at the footing (1.0 in = 25.4
o P Mc 13800, 12(68,000) _ 313psi mm, 1.0 ft = 0.3048 m).
A S 227 3,240

Roof live loads need not be included as a factored axial load in the compressive stress check, but the force
from the prestress steel will be added to the compression stress above because the prestress force will be
effective a few feet above the base and will add compression to the DT leg. Each leg of the DT will be
reinforced with one 1/2-in. diameter and one 3/8-in. diameter strand. Figure 7.3-5 shows the location of
these prestressed strands.
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/— Deck mesh
- z Yy

(1) %" dia. strand

(1) %" dia. strand

Leg mesh

average

Figure 7.3-5 Cross section of one DT leg showing the location of the
bonded prestressing tendons or strand (1.0 in = 25.4 mm).

Next, compute the compressive stress resulting from these strands. Note the moment at the height of
strand development above the footing, about 26 in. for the effective stress (f,), is less than at the top of
footing. This reduces the compressive stress by:

(3.4)(26)

x 1000 = 27 psi
3,240

In each leg, use

P = 0.58f,, A, = 0.58(270 ksi)[0.153 + 0.085] = 37.3 kips
A =168 in?
e =V, - CGyyung = 9.48 - 8.57 = 0.91 in.

S, =189 in.}

P Pe 37,300 0.91(37,300)

=402psi
A S 168 189

o

Therefore, the total compressive stress is approximately 313 + 402 - 27 = 688 psi.

The limiting stress is 0.2 f.', which is 1000 psi, so no special boundary elements are required in the
longitudinal wall panels.

Reinforcement in the DT for tension is checked at 26 in. above the footing. The strand reinforcement of
the DT leg resisting tension is limited to 60,000 psi. The rationale for using this stress is discussed at the
beginning of this example.

D, = (0.042)(20.83)(8) = 7.0 kips
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Prin = 0.7(7.0 + 2(1.08)) = 6.41 kips
Me = (3.4)(17.83) = 60.6 ft-kips
T,=M./d -Pi/2=12.0 kips

The area of tension reinforcement required is:

A, = T,/¢f, = (12.0 Kips)/[0.9(60 ksi)] = 0.22 in.?

The area of one ¥z in. diameter and one 3/8 in. diameter strand is 0.153 in.2 + 0.085 in.? = 0.236 in.” The
mesh in the legs is available for tension resistance, but not required in this check.

To determine the nominal shear strength of the concrete for the connection design, complete the shear
calculation for the panel in accordance with ACI Sec. 21.6 [21.7]. The demand on each panel is:

V,=V,, =3.4kips
Only the deck between the DT legs is used to resist the in-plane shear (the legs act like flanges, meaning

that the area effective for shear is the deck between the legs). First, determine the minimum required
shear reinforcement based on ACI Sec. 21.6.2.1 [21.7.2]. Since

Ay~ To =2.5(48)+/5,000 =8.49 kips

exceeds V, = 3.4 kips, the reinforcement of the deck is per ACI 318 Sec. 16.4.2. Using welded wire
fabric, the required areas of reinforcement are:

A, = A, = (0.001)(2.5)(12) = 0.03 in.¥ft
Provide 6 x 6 - W2.5 x W2.0 welded wire fabric.

A, = 0.05 in./ft
A,, = 0.04 in./ft

The nominal shear strength of the wall panel by ACI 318 Sec. 21.6.4.1 is:
V. = A, (ac\/f_c' +py f, ) = (2.5)(48)2—150'(()’000Jr 0.05(4)(60) = 29.0kips

where a is 2.0 for h, /I, = 23/4 = 5.75, which is greater than 2.0. Given that the connections will be
designed for a shear of 29 Kips, it is obvious that half the nominal shear strength will exceed the seismic
shear demand, which is 3.4 kips.

The prestress force and the area of the DT legs are excluded from the calculation of the nominal shear
strength of the DT wall panel. The prestress force is not effective at the base, where the connection is,
and the legs are like the flanges of a channel, which are not effective in shear.

7.3.5.3 Size the Yielding Angle

The angle, which is the ductile element of the connection, is welded between the plates embedded in the
DT leg and the footing. This angle isa L5 x 3-1/2 x 3/4 x 0 ft-5 in. with the long leg vertical. The steel
for the angle and embedded plates will be ASTM A572, Grade 50. The horizontal leg of the angle needs
to be long enough to provide significant displacement at the roof, although this is not stated as a
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requirement in either the Provisions or ACI 318. This will be examined briefly here. The angle and its
welds are shown in Figure 7.3-6.

. L5x3%x¥4x5 .

- TTu (LLV) Ty
y

'q V.

| MX‘ | i‘ MZ o
< My ;3 \“/Mx
—— . - \ Fillet
- | lwar
. v ® 4
Fillet lT“' Vo ll' W L L/— k=1%

weld ) i
Ty Location
of plastic

hinge

Y

>
M.

Figure 7.3-6 Free-body of the angle and the fillet weld connecting the embedded plates in
the DT and the footing (elevation and section) (1.0 in =25.4 mm).

The bending moment at a distance k from the heel of the angle (location of the plastic hinge in the angle)
is:

M, = T (3.5 - k) = 13.5(3.5 - 1.25) = 30.4 in.-kips
5(0.75)" o
#M,, =0.9F,Z =0.9(50) — =31.6 in.-kips

Providing a stronger angle (e.g., a shorter horizontal leg) will simply increase the demands on the
remainder of the assembly. Using Provisions Sec. 9.1.1.12 (ACI Sec. 21.11.6.5) [not applicable in the
2003 Provisions], the tension force for the remainder of this connection other than the angle is based upon
a probable strength equal to 140% of the nominal strength. Thus

1 _M,@4) _ E0)E)0.75) /4

) x 1.4=21.9 kips
3.5-k 3.5-1.25

Check the welds for the tension force of 21.9 kips and a shear force (V,")of 29.0/2 = 14.5 Kips, or the
shear associated with T,', whichever is greater. The bearing panel, with its larger vertical load, will give a
larger shear.
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1.4D = 13.8 kips, and V = [T,'(4) + 1.4D(2))/20 = [21.9/4 + 13.8(2)]/20 = 5.76 kips. V, for the panel
obviously controls.

But before checking the welds, consider the deformability of the system as controlled by the yielding
angle. Ignore all sources of deformation except the angle. (This is not a bad assumption regarding the
double tee itself, but other aspects of the connections, particularly the plate and reinforcement embedded
in the DT, will contribute to the overall deformation. Also, the diaphragm deformation will overwhelm
all other aspects of deformation, but this is not the place to address flexible diaphragm issues.) The angle
deformation will be idealized as a cantilever with a length from the tip to the center of the corner, then
upward to the level of the bottom of the DT, which amounts to:

L=35in.-t/2+1in.-t/2=3.75in.
Using an elastic-plastic idealization, the vertical deformation at the design moment in the leg is

8, = TL3/3EI = (13.5 kips)(3.75 in.)*/[3(29000 ksi)(5 in.)(0.75 in.)*/12] = 0.047 in.
This translates into a horizontal motion at the roof of 0.24 in. (20 ft to the roof, divided by the 4 ft from
leg to leg at the base of the DT.) With C, of 4, the predicted total displacement is 0.96 in. These
displacements are not very large, but now compare with the expectations of the Provisions. The

approximate period predicted for a 20-ft-tall shear wall building is 0.19 sec. Given a weight of 374 Kips,
as computed previously, this would imply a stiffness from the fundamental equation of dynamics:

T=2x WT/Q = K =47°W /(gT) = 47°374/(386 x 0.19) = 201 Kip/in.

Now, given the design seismic base shear of 74.8 kips, this would imply an elastic displacement of
on = 74.8 kip / (201 Kkip/in.) = 0.37 in.
This is about 50% larger than the simplistic calculation considering only the angle. The bending of angle
legs about their weak axis has a long history of providing ductility and, thus, it appears that this dry
connection will provide enough deformability to be in the range of expectation of the Provisions.
7.3.5.4 Welds to Connection Angle
Welds will be fillet welds using E70 electrodes.
For the base metal, R, = #(F,)Agy.
For which the limiting stress is ¢F, = 0.9(50) = 45.0 ksi.
For the weld metal, ¢R, = ¢(F,)A,, =0.75(0.6)70(0.707)A,.

For which limiting stress is 22.3 ksi.
Size afillet weld, 5 in. long at the angle to embedded plate in the footing:

Using an elastic approach

Resultant force = vV 2 + T2 = Y145 + 21.9% = 26.3kips

7-60



Chapter 7, Precast Concrete Design

A, =26.3/22.3=1.18in.?
t=A,/1=1.18in.%4/5in. = 0.24 in.

For a 3/4 in. angle leg, use a 5/16 in. fillet weld. Given the importance of this weld, increasing the size to
3/8 in. would be a reasonable step. With ordinary quality control to avoid flaws, increasing the strength
of this weld by such an amount should not have a detrimental effect elsewhere in the connection.

Now size the weld to the plate in the DT. Continue to use the conservative elastic method to calculate
weld stresses. Try a fillet weld 5 in. long across the top and 4 in. long on each vertical leg of the angle.
Using the free-body diagram of Figure 7.3-6 for tension and Figure 7.3-7 for shear, the weld moments
and stresses are:

M, =T, (3.5) = 21.9(3.5) = 76.7 in.-kips
M, =V,'(3.5) = (14.5)(3.5) = 50.8 in.-Kips
Mz = Vul(yb + 10)

=14.5(2.77 + 1.0) = 54.7 in.-kips

— \/

Figure 7.3-7 Free-body of angle with welds, top view,
showing only shear forces and resisting moments.

For the weld between the angle and the embedded plate in the DT as shown in Figure 7.3-7 the section
properties for a weld leg (t) are:

A=13tin?
1, =23.0tin.*
|, = 60.4tin.*
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l,=1.+1,=834tin*
Yo =2.77 in.
X, =2.5in.

To check the weld, stresses are computed at all four ends (and corners). The maximum stress is at the
lower right end of the inverted U shown in Figure 7.3-6.

Vi My, 145 (54)(277) :(2.93 jksi

z
I |

, . 60.4t 23.0t

t

TATT, T ssa t
oo T Mix 219 (4T)C9) :(0.045}@
AT, 1 ssa t
M
M My, (508)285) (167)@77)_ (_11.3) »

o =\ot +ol +o? = %\/(2.93)2 +(0.045)2 + (-11.3) = (ﬁj Ksi

Thus, t = 11.67/22.3 = 0.52 in., say 9/16 in. Field welds are conservatively sized with the elastic method
for simplicity and to minimize construction issues.

7.3.5.5 Tension and Shear at the Footing Embedment

Reinforcement to anchor the embedded plates is sized for the same tension and shear, and the
development lengths are lengthened by an additional 30%, per Provisions Sec. 9.1.1.12 (ACI Sec.
21.11.6.5) [not applicable in the 2003 Provisions]. Reinforcement in the DT leg and in the footing will be
welded to embedded plates as shown in Figure 7.3-8.

The welded reinforcement is sloped to provide concrete cover and to embed the bars in the central region
of the DT leg and footing. The tension reinforcement area required in the footing is:

T 29
#1,c080  0.9(60)(cos26.5' |

As,SIoped = =0.45in.2

Use two #5 bars (A, = 0.62 in.?) at each embedded plate in the footing.

The shear bars in the footing will be two #4 placed on an angle of two (plus)-to-one. The resultant shear
resistance is:

@V, = 0.75(0.2)(2)(60)(cos 26.5°) = 16.1 Kips
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\ (2) #4x48"

(See Fig 7.3-9)

(2) #4 with
standard hooks

DT
Plate 75 x 6 x 0"-10"

(2) #4x24"
(see Fig 7.3-9) %
Jl

MY

Ao Y65 (2) #3 with
L5x3Y5x¥4x5 standard hooks
(LLV) weld
’/_Hon #4
6 }_5\ | Plate 6x4%x%

Ve
-

/ / N AA (2) #4x

Interior slab / ) cip
L6x4x¥5x10" 4 concrete
“ PR footing

@) #5 /

Figure 7.3-8 Section at the connection of the precast/prestressed shear wall panel and
the footing (1.0 in = 25.4 mm).

7.3.5.6 Tension and Shear at the DT Embedment

The area of reinforcement for the welded bars of the embedded plate in the DT, which develop tension as
the angle bends through cycles is:

T 21.9

= = =0.408 in.?
¢f,cosd 0.9(60)cos6.3"

A

Two #4 bars are adequate. Note that the bars in the DT leg are required to extend upward 1.3 times the
development length, which would be 22 in. In this case they will be extended 22 in. past the point of
development of the effective stress in the strand, which totals about 48 in.

The same embedded plate used for tension will also be used to resist one-half the nominal shear. This
shear force is 14.5 kips. The transfer of direct shear to the concrete is easily accomplished with bearing
on the sides of the reinforcing bars welded to the plate. Two #5 and two #4 bars (explained later) are
welded to the plate. The available bearing area is approximately A,, = 4(0.5 in.)(5 in.(available)) = 10 in.2
and the bearing capacity of the concrete is ¢V, = (0.65)(0.85)(5 ksi)(10 in.?) = 27.6 kips > 14.5 kip
demand.
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The weld of these bars to the plate must develop both the tensile demand and this shear force. The weld
is a flare bevel weld, with an effective throat of 0.2 times the bar diameter along each side of the bar.
(Refer to the PCI Handbook.) For the #4 bar, the weld capacity is

#V, = (0.75)(0.6)(70 ksi)(0.2)(0.5 in.)(2) = 6.3 kips/in.
The shear demand is prorated among the four bars as (14.5 kip)/4 = 3.5 kip. The tension demand is the
larger of 1.25 f, on the bar (15 kip) or T,/2 (11.0 kip). The vectorial sum of shear and tension demand is
15.4 kip. Thus, the minimum length of weld is 15.4 /6.3 = 2.4 in.
7.3.5.7 Resolution of Eccentricities at the DT Embedment
Check the twisting of the embedded plate in the DT for M,.
Use M, = 54.7 in.-kips.

M, 54.7

“41,(jd)  0.9(60)(9.0) 0.11in

A

Use one #4 bar on each side of the vertical embedded plate in the DT as shown in Figure 7.3-9. This is
the same bar used to transfer direct shear in bearing.

Check the DT embedded plate for M, (50.8 in.-kips) and M, (76.7 in.-kips) using the two #4 bars welded
to the back side of the plate near the corners of the weld on the loose angle and the two #3 bars welded to
the back side of the plate near the bottom of the DT leg (as shown in Figure 7.3-9). It is relatively
straightforward to compute the resultant moment magnitude and direction, assume a triangular shaped
compression block in the concrete, and then compute the resisting moment. It is quicker to make a
reasonable assumption as to the bars that are effective and then compute resisting moments about the X
and Y axes. This approximate method is demonstrated here. The #4 bars are effective in resisting M,,
and one each of the #3 and #4 bars are effective in resisting M,. For M, assume that the effective depth
extends 1 in. beyond the edge of the angle (equal to twice the thickness of the plate). Begin by assigning
one-half of the “corner” #4 to each component.

With A, = 0.20 + 0.20/2 = 0.30 in.?,
M., = #Af, jd = (0.9)(0.3 in.2)(60 ksi)(0.95)(5 in.) = 77 in.-kips (>76.7).

With A, = 0.11 +0.20/2 = 0.21 in?,
M, = gA.f,jd = (0.9)(0.21 in.2)(60 ksi)(0.95)(5 in.) = 54 in.-kips (>50.8).

Each component is strong enough, so the proposed bars are satisfactory.
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Figure 7.3-9 Details of the embedded plate in the DT at the base (1.0 in = 25.4 mm).
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Figure 7.3-11 Sketch of connection of load-bearing DT wall panel at the roof (1.0 in =
25.4 mm).
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7.3.5.8 Other Connections

This design assumes that there is no in-plane shear transmitted from panel to panel. Therefore, if
connections are installed along the vertical joints between DT panels to control the out-of-plane
alignment, they should not constrain relative movement in-plane. In a practical sense, this means the
chord for the roof diaphragm should not be a part of the panels. Figures 7.3-10 and 7.3-11 show the
connections at the roof and DT wall panels. These connections are not designed here. Note that the
continuous steel angle would be expected to undergo vertical deformations as the panels deform laterally.

Because the diaphragm supports concrete walls out of their plane, Provisions Sec. 5.2.6.3.2 [4.6.2.1]
requires specific force minimums for the connection and requires continuous ties across the diaphragm.
Also, it specifically prohibits use of the metal deck as the ties in the direction perpendicular to the deck
span. In that direction, the designer may wish to use the top chord of the bar joists, with an appropriate
connection at the joist girder, as the continuous cross ties. In the direction parallel to the deck span, the
deck may be used but the laps should be detailed appropriately.

In precast double tee shear wall panels with flanges thicker than 2-1/2 in., consideration may be given to
using vertical connections between the wall panels to transfer vertical forces resulting from overturning
moments and thereby reduce the overturning moment demand. These types of connections are not
considered here, since the uplift force is small relative to the shear force and cyclic loading of bars in thin
concrete flanges is not always reliable in earthquakes.

Plate at each
DT leg
Deck straps
as needed
‘ Metal deck
#4 continuous 1 /
weld to platesl \‘3 / ) |
y / 7
’ L4x3x% Bar joist
continuous

e )

7 7

Figure 7.3-10 Sketch of connection of non-load-bearing DT wall panel at the
roof (1.0 in=25.4 mm, 1.0 ft =0.3048 m).
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COMPOSITE STEEL AND CONCRETE

James Robert Harris, P.E., Ph.D. and
Frederick R. Rutz, P.E., Ph.D.

This chapter illustrates application of the 2000 NEHRP Recommended Provisions to the design of
composite steel and concrete framed buildings using partially restrained composite connections. This
system is referred to as a “Composite Partially Restrained Moment Frame (C-PRMF)” in the Provisions.
An example of a multistory medical office building in Denver, Colorado, is presented. The Provisions set
forth a wealth of opportunities for designing composite steel and concrete systems, but this is the only one
illustrated in this set of design examples.

The design of partially restrained composite (PRC) connections and their effect on the analysis of frame
stiffness are the aspects that differ most significantly from a non-composite design. Some types of PRC
connections have been studied in laboratory tests and a design method has been developed for one in
particular, which is illustrated in this example. In addition, a method is presented by which a designer
using readily available frame analysis programs can account for the effect of the connection stiffness on
the overall frame.

The example covers only design for seismic forces in combination with gravity, although a check on drift
from wind load is included.

The structure is analyzed using three-dimensional static methods. The RISA 3D analysis program, v.4.5
(Risa Technologies, Foothill Ranch, California) is used in the example.

Although this volume of design examples is based on the 2000 Provisions, it has been annotated to reflect
changes made to the 2003 Provisions. Annotations within brackets, [ ], indicate both organizational
changes (as a result of a reformat of all of the chapters of the 2003 Provisions) and substantive technical
changes to the 2003 Provisions and its primary reference documents. While the general concepts of the
changes are described, the design examples and calculations have not been revised to reflect the changes
to the 2003 Provisions.

Chapter 10 in the 2003 Provisions has been expanded to include modifications to the basic reference
document, AISC Seismic, Part Il. These modifications are generally related to maintaining compatibility
between the Provisions and the most recent editions of the ACI and AISC reference documents and to
incorporate additional updated requirements. Updates to the reference documents, in particular AISC
Seismic, have some affect on the calculations illustrated herein.

There are not any general technical changes to other chapters of the 2003 Provisions that have a
significant effect on the calculations and/or design example in this chapter of the Guide with the possible
exception of the updated seismic hazard maps.
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Where they affect the design examples in this chapter, significant changes to the 2003 Provisions and
primary reference documents are noted. However, some minor changes to the 2003 Provisions and the
reference documents may not be noted.

In addition to the 2000 NEHRP Recommended Provisions (referred to herein as the Provisions), the
following documents are referenced:

ACI 318

AISC LRFD

AISC Manual

AISC Seismic

AISC SDGS-8

ASCETC

ASCE 7

American Concrete Institute. 1999. Building Code Requirements for Structural
Concrete, Standard ACI 318-99. Detroit: ACI.

American Institute of Steel Construction. 1999. Load and Resistance Factor Design
Specification for Structural Steel Buildings. Chicago: AISC.

American Institute of Steel Construction. 1998. Manual of Steel Construction, Load
and Resistance Factor Design, Volumes 1 and 2, 2nd Edition. Chicago: AISC.

American Institute of Steel Construction. 1997. Seismic Provisions for Structural
Steel Buildings, including Supplement No. 2 (2000). Chicago:

American Institute of Steel Construction. 1996. Partially Restrained Composite
Connections, Steel Design Guide Series 8. Chicago: AISC.

American Society of Civil Engineers Task Committee on Design Criteria for
Composite Structures in Steel and Concrete. October 1998. “Design Guide for
Partially Restrained Composite Connections,” Journal of Structural Engineering
124(10)..

American Society of Civil Engineers. 1998. Minimum Design Loads for Buildings
and Other Structures, ASCE 7-98. Reston: ASCE.

The short-form designations presented above for each citation are used throughout.

The symbols used in this chapter are from Chapter 2 of the Provisions, the above referenced documents,
or are as defined in the text. Customary U.S. units are used.
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8.1 BUILDING DESCRIPTION

This four-story medical office building has a structural steel framework (see Figures 8-1 through 8-3).
The floors and roof are supported by open web steel joists. The floor slab is composite with the floor
girders and the spandrel beams and the composite action at the columns is used to create moment resisting
connections. Figure 8-4 shows the typical connection. This connection has been studied in several
research projects over the past 15 years and is the key to the building’s performance under lateral loads.
The structure is free of irregularities both in plan and elevation. This is considered a Composite Partially
Restrained Moment Frame (C-PRMF) per Provisions Table 5.2.2 and in AISC Seismic, and it is an
appropriate choice for buildings with low-to-moderate seismic demands, which depend on the building as

well as the ground shaking hazard.
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Figure 8-1 Typical floor plan (1.0 ft = 0.3048 m).
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Figure 8-2 Building end elevation (1.0 ft = 0.3048 m).
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Figure 8-3 Building side elevation (1.0 ft = 0.3048 m).

The building is located in a relatively low hazard region (Denver, Colorado), but some internal storage
loading and Site Class E are used in this example to provide somewhat higher seismic design forces for
purposes of illustration, and to push the example into Seismic Design Category C.
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Rebar
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Figure 8-4 Typical composite connection.

There are no foundations designed in this example. For this location and system, the typical foundation
would be a drilled pier and voided grade beam system, which would provide flexural restraint for the
strong axis of the columns at their base (very similar to the foundation for a conventional steel moment
frame). The main purpose here is to illustrate the procedures for the partially restrained composite
connections. The floor slabs serve as horizontal diaphragms distributing the seismic forces, and by
inspection they are stiff enough to be considered as rigid.

The typical bay spacing is 25 feet. Architectural considerations allowed an extra column at the end bay of
each side in the north-south direction, which is useful in what is the naturally weaker direction. The
exterior frames in the north-south direction have moment-resisting connections at all columns. The
frames in each bay in the east-west direction have moment-resisting connections at all except the end
columns. Composite connections to the weak axis of the column are feasible, but they are not required
for this design. This arrangement is illustrated in the figures.

Material properties in this example are as follows:

1. Structural steel beams and columns (ASTM A992): F, =50 ksi
2. Structural steel connection angles and plates (ASTM A36): F, = 36 ksi
3. Concrete slab (4.5 inches thick on form deck, normal weight): f.' = 3000 psi
4. Steel reinforcing bars (ASTM A615): F, =60 ksi

The floor live load is 50 psf, except in 3 internal bays on each floor where medical records storage
imposes 200 psf, and the roof snow load is taken as 30 psf. Wind loads per ASCE 7 are also checked, and
the stiffness for serviceability in wind is a factor in the design. Dead loads are relatively high for a steel
building due to the 4.5" normal weight concrete slab used to control footfall vibration response of the
open web joist system and the precast concrete panels on the exterior walls.

This example covers the following aspects of seismic design that are influenced by partially restrained
composite frame systems:

1. Load combinations for composite design
2. Assessing the flexibility of the connections
3. Incorporating the connection flexibility into the analytical model of the building
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4. Design of the connections

8.2 SUMMARY OF DESIGN PROCEDURE FOR COMPOSITE PARTIALLY
RESTRAINED MOMENT FRAME SYSTEM

For buildings with low to moderate seismic demands, the partially restrained composite frame system
affords an opportunity to create a seismic-force-resisting system in which many of the members are the
same size as would already be provided for gravity loads. A reasonable preliminary design procedure to
develop member sizes for a first analysis is as follows:

1. Proportion composite beams with heavy noncomposite loads based upon the demand for the unshored
construction load condition. For this example, this resulted in W18x35 beams to support the open
web steel joists.

2. Proportion other composite beams, such as the spandrel beams in this example, based upon judgment.
For this example, the first trial was made using the same W18x35 beam.

3. Select a connection such that the negative moment strength is about 75 percent of the plastic moment
capacity of the bare steel beam.

4. Proportion columns based upon a simple portal analogy for either stiffness or strength. If stiffness is
selected, keep the column’s contribution to story drift to no more than one-third of the target. If
strength is selected, an approximate effective column length factor of K = 1.5 is suggested for
preliminary design. Also check that the moment capacity of the column (after adjusting for axial
loads) is at least as large as that for the beam.

Those final design checks that are peculiar to the system are explained in detail as the example is
described. The key difference is that the flexibility of the connection must be taken into account in the
analysis. There are multiple ways to accomplish this. Some analytical software allows the explicit
inclusion of linear, or even nonlinear, springs at each end of the beams. Even for software that does not, a
dummy member can be inserted at each end of each beam that mimics the connection behavior. For this
example another method is illustrated, which is consistent with the overall requirements of the Provisions
for linear analysis. The member properties of the composite beam are altered to become an equivalent
prismatic beam that gives approximately the same flexural stiffness in the sway mode to the entire frame
as the actual composite beams combined with the actual connections. Prudence in the use of this
simplification does suggest checking the behavior of the connections under gravity loads to assure that
significant yielding is confined to the seismic event.

Once an analytic model is constructed, the member and connection properties are adjusted to satisfy the
overall drift limits and the individual strength limits. This is much like seismic design for any other frame
system. Column stability does need to account for the flexibility of the connection, but the AISC LRFD
and the Provisions approaches considering second order moments from the translation of gravity loads are
essentially the same. The further checks on details, such as the strong column rule, are also generally
familiar. Given the nature of the connection, it is also a good idea to examine behavior at service loads,
but there are not truly standard criteria for this.

8.3 DESIGN REQUIREMENTS
8.3.1 Provisions Parameters

The basic parameters affecting the design and detailing of the buildings are shown in Table 8.1 below.
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Table 8-1 Design Parameters

Parameter Value

S, (Map 1) 0.20

S, (Map 2) 0.06

Site Class E

F. 25

F, 35

Sus = F.S, 0.50

Sw = F,S; 0.21

Sps = 2/3Sys 0.33

Sp1 = 23S, 0.14

Seismic Design Category C

Frame Type per Composite Partially Restrained
Provisions Table 5.2.2 Moment Frame

R 6

o 3

Cq 5.5

[The 2003 Provisions have adopted the 2002 USGS probabilistic seismic hazard maps, and the maps have
been added to the body of the 2003 Provisions as figures in Chapter 3 (instead of the previously used
separate map package).]

The frames are designed in accordance with AISC Seismic, Part 11, Sec. 8 (Provisions Table 5.2.2). AISC
SDGS-8 and ASCE TC describe this particular system in detail. Given the need to determine the

flexibility of the connections, it would be difficult to design such structures without reference to at least
one of these two documents.

8.3.2 Structural Design Considerations Per the Provisions

The building is regular both in plan and elevation. Provisions Table 5.2.5.1 indicates that use of the
Equivalent Lateral Force procedure in accordance with Provisions Sec. 5.4 is permitted.

Nonstructural elements (Provisions Chapter 14) are not considered in this example.

Diaphragms must be designed for the required forces (Provisions Sec. 5.2.6.2.6), however this is not
unique to this system and therefore is not explained in this example.

The story drift limit (Provisions Table 5.2.8) is 0.025 times the story height. Although the C, factor is
large, 5.5, the seismic forces are low enough that conventional stiffness rules for wind design actually
control the stiffness.

Orthogonal effects need not be considered for Seismic Design Category C, provided the structure does
not have a plan structural irregularity (Provisions Sec. 5.2.5.2.2).

8.3.3 Building Weight and Base Shear Summary

The unit weights are as follows:
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Non-composite dead load:

4.5 in. slab on 0.6 in. form deck, plus sag 58 psf
Joist and beam framing 6 psf
Columns 2 psf
66 psf
Composite dead load:
Fire insulation 4 psf
Mechanical and electrical 6 psf
Ceiling 2 psf
Partitions 20 psf
32 psf
Exterior wall:
Precast concrete panels: 0.80 kIf
Records storage on 3 bays per floor 120 psf

(50 percent is used for seismic weight; minimum per the Provisions is 25 percent)

The building weight, W, is found to be 8,080 kips. The treatment of the dead loads for analysis is
described in more detail subsequently.

The Seismic Response Coefficient, C, is equal to 0.021:

c S __ 014 545

T 1}
I 1

The methods used to determine W and C, are similar to those used elsewhere in this volume of design
examples. The building is somewhat heavy and flexible. The computed periods of vibration in the first
modes are 2.12 and 2.01 seconds in the north-south and east-west directions, respectively. These are
much higher than the customary 0.1 second per story rule of thumb, but low-rise frames with small
seismic force demands typically do have periods substantially in excess of the rule of thumb. The
approximate period per the Provisions is 0.66 seconds, and the upper bound for this level of ground
motion is 1.12 seconds.

The total seismic force or base shear is then calculated as follows:
V =CMW = (0.021)(8,080) = 170 Kips (Provisions Eq. 5.3.2)

The distribution of the base shear to each floor (again, by methods similar to those used elsewhere in this
volume of design examples) is found to be:

Roof  (Level 4): 70 Kips
Story 4 (Level 3): 57 kips
Story 3 (Level 2): 34 kips
Story 2 (Level 1): 8 kips
Story 1 (Level 0): 0 kips
. 169 kips (difference is rounding; total is 170)

Without illustrating the techniques, the gross service level wind force following ASCE 7 is 123 Kips.
When including the directionality effect and the strength load factor, the design wind force is somewhat
less than the design seismic base shear. The wind force is not distributed in the same fashion as the
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seismic force, thus the story shears and the overturning moments for wind are considerably less than for
seismic.

8.4 DETAILS OF THE PRC CONNECTION AND SYSTEM
8.4.1 Connection M-@ Relationships

The composite connections must resist both a negative moment and a positive moment. The negative
moment connection has the slab rebar in tension and the leg of the seat angle in compression. The
positive moment connection has the slab concrete in compression (at least the “a” dimension down from
the top of the slab) and the seat angle in tension (which results in flexing of the seat angle vertical leg).
At larger rotations the web angles contribute a tension force that increases the resistance for both negative
and positive bending.

Each of these conditions has a moment-rotation relationship available in AISC SDGS-8 and ASCE TC.
(Unfortunately there are typographical errors in ASCE TC: A “+” should be replaced by “=" and the
symbol for the area of the seat angle is used where the symbol should be that for the area of the web
angle.) An M-@curve can be developed from these equations:

Negative moment connection:
M, =C (1 - e‘cﬁ) + C,0 (AISC SDGS-8, Eq. 1)
where:

C,=0.18(4 x A[F,,, + 0.857A F )(d + ;)

C,=0.775

C;=0.007(A_+A,)F, (d+Y,;)

@ = girder end rotation, milliradians (radians/1000)

d = girder depth, in.

Y, = distance from top flange of the girder to the centroid of the reinforcement, in.

A, = steel reinforcing area, in.?

A, = area of seat angle leg, in.?

A,, = gross area of double web angles for shear calculations, in.2 (For use in these equations A, is
limited to 150 percent of A)).

F, = Yield stress of reinforcing, ksi

F, = yield stress of seat and web angles, ksi

Positive moment connection:
Mi=C (1 -e%’) + (C; + C,)0 (AISC SDGS-8, Eq. 2)
where:
C, =0.2400[(0.48A,,. ) + A](d + Y,)F,
C,=0.0210(d + Y,/2)
C,=0.0100(A,. + A_)(d + Y,)F,
C,=0.0065 A, (d+Y,)F,

From these equations, curves for M-6 can be developed for a particular connection. Figures 8-5 and 8-6
are M- @ curves for the connections associated with the W18x35 girder and the W21x44 spandrel beam
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respectively, which are used in this example. The selection of the reinforcing steel, connection angles,
and bolts are described in the subsequent section, as are the bilinear approximations shown in the figures.
Among the important features of the connections demonstrated by these curves are:

1. The substantial ductility in both negative and positive bending,
2. The differing stiffnesses for negative and positive bending, and
3. The substantial post-yield stiffness for both negative and positive bending.

It should be recognized that these curves, and the equations from which they were plotted, do not
reproduce the line from a single test. They are averages fit to real test data by numerical methods. They
smear out the slip of bolts into bearing. (There are several articles in the AISC Engineering Journal that
describe actual test results. They are in VVol. 24, No.2; Vol. 24, No.4; Vol. 27, No.1; Vol. 27, No. 2; and
Vol 31, No. 2. The typical tests clearly demonstrate the ability of the connection to meet the rotation
capabilities of AISC Seismic, Section 8.4 - inelastic rotation of 0.015 radians and total rotation capacity
of 0.030 radians.)

[Based on the modifications to AISC Seismic, Part Il, Sec. 8.4 in 2003 Provisions Sec. 10.5.16, the
required rotation capabilities are inelastic rotation of 0.025 radians and total rotation of 0.040 radians.]

300 ‘ ‘
Positive M
200 | — -@ — Pos Bilinear _ —0
={]=—Neg Bilinear —= - =
100 Negative M ==

Moment, ft-kip
o

-100 - /

2001 =]
-300 T T

-25 -20 -15 -10 -5 0 5 10 15 20 25
Rotation, milliradians

Figure 8-5 M-@ Curve for W18x35 connection with 6-#5 (1.0 ft-kip = 1.36 kN-m)
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Figure 8-6 M-6 Curve for W21x44 connection with 8-#5 (1.0 ft-kip = 1.36 kN-m).

8.4.2 Connection Design and Connection Stiffness Analysis

Table 8-2 is taken from a spreadsheet used to compute various elements of the connections for this design
example. It shows the typical W18x35 girder and the W21x44 spandrel beam with the connections used
in the final analysis, as well as a W18x35 spandrel beam for the short exterior spans, where a W21x44
was used in the end. Each major step in the table is described in a line-by-line description following the
table. [Based on the modifications to AISC Seismic, Part I, Sec. in 2003 Provisions Sec. 10.5.16, the
nominal strength of the connection must be exceed R,M, for the bare steel beam, where R, is the ratio of
expected yield strength to nominal yield strength per AISC Seismic, Part I, Table 1-6-1.]
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Table 8-2 Partially Restrained Composite Connection Design

Line Girder Spandrels
Basic Data
2 Beamsize W18x35 W21x44 W18x35
3 Span, ft 25 25 12.5
4 Areaof beam, in.? 10.3 13 10.3
5 1, of beam alone, in.* 510 843 510
6  Z, plastic modulus of beam, in.? 66.5 95.4 66.5
7  Beam depth, in. 17.7 20.7 17.7
8  Slab thickness, in. 7.0 7.0 7.0
9 Y,torebar,in. 55 55 55
10  Column W10x77 W10x88 W10x77
11  Flange width, in. 10.2 10.3 10.2
12 Flange thickness, in. 0.87 0.99 0.87
13 Flange fillet, k,, in. 0.88 0.94 0.88
Basic Negative Moment Capacity
15  Reinforcing bars 6-#5 8-#5 6-#5
16 A, rebar area, in.? 1.86 2.48 1.86
17 T, rebar tension, kips 111.6 148.8 111.6
18 M, , nominal negative moment, ft-kips 215.8 324.9 215.8
19 % M, (M,/beam M,) 78% 82% 78%
20  Check: >50%? (75% per ASCE TC) OK OK OK
Seat Demands for Negative Moment
22 Seatangle L7x4x"/,x8 L7x4x°/4x8.5 L7x4x"/,x8
23 Seat F, ksi 36 36 36
24 Seat thickness, in. 0.5 0.625 0.5
25  Seat length, in. 8.0 8.5 8.0
26  Legarea, in.? 4.0 5.3125 4.0
27 Minimum area=1.25T,/F,, in.2 3.875 5.167 3.875
28  Check OK OK OK
29  Legyield force, Kips 144 191.25 144
30 Bolts to beam (4) 1"-325X  (4) 1'/"-490X  (4) 1"-325X
31 Diameter, in. 1.0 0.875 1.0
32  Bolt design shear capacity, kips (¢ = 0.75) 141.2 223.6 141.2
33 Check Close enough OK Close enough
Nominal Positive Moment Capacity
35  Seatk, fillet length, in. 1.000 1.125 1.000
36 M, vertical leg, in.-Kips 18.0 29.9 18.0
37 Db’ (see Figure 8-7), in. 1.00 0.81 1.00
38  Seat tension from bending, kips 31.5 63.8 315
39  Seat tension from shear, kips 86.4 114.75 86.4
40  Tension to bottom flange, Kips 31.5 63.8 315
41  Nominal Positive Moment, M, ", ft-kips 67.4 149.9 67.4
42 Percent of Beam M, 24% 38% 24%
Demand on Tension Bolts at Nominal Capacity
44 a' (see Figure 8-7), in. 2.0 2.1 2.0
45  Q (prying), kips 6.8 10.7 6.8
46  Bolt tension, Kips 38.3 74.5 38.3
47  Bolts to column (2) 1"-325X  (2) 1'/3"-490X  (2) 1"-325X
48  Bolt design tension, kips (¢ = 0.75) 106 168.4 106
49  Check OK OK OK
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Line Girder Spandrels
Compute Total Joint Moment to Column based on Nominal Capacities
51  Connection nominal M, + M,*, ft-kips 283 475 283
52 Minimum column M, (125% of sum) 177 297 177
53  Average as percentage of beam 51% 60% 51%
54  Check OK OK OK
Concrete Compression Transfer to Column
56  Rebar T, + bottom seat T, kips 143.10 212.62 143.10
57  0.85f', on two flanges, kips 364.14 367.71 364.14
58  Projection for flange M, in. 2.72 3.10 2.72
59  Force from flange M,, kips 225.92 254.88 225.92
60 Ratio, demand / minimum capacity 0.63 0.83 0.63
Web Shear Connection (needed for effective stiffness)
62  Seismic shear demand, Kips 115 19.9 23.1
63  Web angles L4x4x'/,x8.5  L4x4x'/,x11.5  L4x4x'/,x8.5
64 A, areaof two legs, in.2 4.25 5.75 4.25
65 A, limit based on area of rebar, in.? 2.79 3.72 2.79
66 A, used in M-@calculation, in.? 2.79 3.72 2.79
Moment Rotation Values for Analysis of Effective Stiffness
68 M, at service level (0.0025 rad), ft-kip -178.0 -267.8 -178.0
69 M, at maximum capacity(0.020 rad), ft-kip -264.5 -397.7 -264.5
70  Secant stiffness for M, at 0.0025 radian 71.2 107.1 71.2
71 M, at service level (0.0025 rad), ft-kip 73.7 117.3 73.7
72 M, at maximum capacity(0.020 rad), ft-kip 208.9 313.9 208.9
73 Secant stiffness for M, at 0.0025 radian 29.5 46.9 29.5
74 Rotation at nominal M, 3.03 3.03 3.03
75  Rotation at nominal M, 2.29 3.70 2.29
Beam Moments of Inertia
77  Full composite action force, beam AF,, Kips 515.0 650.0 515.0
78 Y,, to plastic centroid in concrete, in. 5.65 5.30 4,31
79  Composite beam inertia for pos. bending, in.* 1,593 2,435 1,402
80  Centroid of all steel for negative bending, in. 6.66 7.81 6.66
81  Composite beam inertia for neg. bending, in.* 834 1366 834
82  Equivalent beam for positive and negative, in.* 1,290 2,008 1,175
83  Weighted connection stiffness, ft-kips/radian 61,263 88,105 61,263
84  Eff. prismatic inertia, beam and PRCC, in.* 639 955 412
85  Ratio of eff. prismatic I / | of beam alone 1.25 1.13 0.81
Check Bottom Bolt Tension at Maximum Deformation
87  Rotation at ¢ x (rotation at nominal M ;) x C 10.7 14.9 10.7
88  Momentat ¢x (rot. at nom. M ) x C, ft-Kips 152.3 268.2 152.3
89  Tension demand, kips 80.5 125.1 80.5
90  Nominal capacity of bolts, kips 141.3 224.5 141.3
Check Positive Moment Capacity as a Percentage of Beam M, (50% criterion)
92 M, (at 0.020 radians) / M, beam 75% 79% 75%

Detailed explanation of the computations in Table 8-2:

Step 1: Establish nominal negative moment capacity: (This is a step created in this design example; is
not actually an explicit step in the procedures recommended in the references. It appears to be necessary
to satisfy the basic Provisions strength requirement. See Provisions Sec. 5.2.1, Sec. 5.2.7, and ASCE 7
Sec. 2.3.
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Lines 15-18: M, is taken as a simple couple of rebar in slab and force at connection of bottom flange of
beam; the true maximum moment is larger due to strain hardening in rebar and the bottom connection and
due to tension force in the web connection, so long as the bottom connection can handle the additional
demand. The nominal capacity is plotted in Figures 8-5 and 8-6 as the break of the bilinear relation. The
design capacity, using a resistance factor of 0.85, has two requirements:

1. ¢ M, exceeds demand from seismic load combination: basic Provisions requirement

2. ¢ M, exceeds demand from total service gravity loads - simply a good idea to maintain reasonable
initial stiffness for lateral loads; by “codes” the factored gravity demand can be checked using plastic
analysis

Lines 19-20: M, exceeds 50 percent (by AISC Seismic, Part 11, 8.4) of M, of the bare steel beam. In this
example, the more stringent recommendation of 75 percent contained within the ASCE TC is followed.
Note that this check is on nominal strength, not design strength. A larger M, gives a larger stiffness, thus
some drift problems can be addressed by increasing connection capacity.

Step 2: Design bottom seat angle connection for negative moment:

Lines 22-28: Provide nominal yield of angle leg at least 125 percent of nominal yield of reinforcing steel.
This allows for increased force due to web shear connection. Strain hardening in the rebar is a factor, but
strain hardening the angle would probably be as large. AISC SDGS-8 recommends 120 percent. ASCE
TC recommends 133 percent, but then uses 125 percent to check the bolts. This is a check in
compression, and the authors elected to use 125 percent.

Lines 29-33: Provide high strength bolts in normal (not oversized) holes to transfer force between beam
flange and angle by shear; conventional rules regarding threads in the shear plane apply. The references
do apply a resistance factor to the bolts, which may be an inconsistent design methodology. A check
based on overstrength might be more consistent. The capacity at bolt slip could be compared against
service loads, which would be a good idea for designs subject to strong wind forces.

Step 3: Establish nominal positive moment capacity: This connection is less stiff and less linear for
positive moment than for negative moment, and generally weaker. There is not a simple, clear
mechanism for a nominal positive moment. The authors of this example suggest the following procedure
which follows the normal methods of structural engineering and yields a point relevant to the results of
connection tests, in so far as construction of a bilinear approximation is concerned. It significantly
underestimates the ultimate capacity.

Lines 35-38: Compute the shear in the vertical leg associated with bending. Figure 8-7 shows the
mechanics, which is based on methods in the AISC Manual, for computing prying in hanger-type
connections. Compute the nominal plastic moment of the angle leg bending out of plane (line 36) and
assume that the location of the maximum moments are at the end of the fillet on the vertical leg (line 35)
and at the edge of the bolt shaft (line 37). The moment near the bolt is reduced for the material lost at the
bolt hole.

Lines 39-40: Check the shear capacity, compare with the shear governed by moment, and use the smaller.
Shear will control if the angle is thick.

Line 41: Compute the nominal positive moment as a couple with the force and the distance from the
bottom of the beam to the center of the compression area of the slab on the column. The concrete
compression area uses the idealized Whitney stress block (ACI 318). Note that the capacity to transfer
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concrete compression force to the steel column flange is checked later. The nominal positive moment is
also shown on Figures 8-5 and 8-6 at the break point in the bilinear relation.
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Figure 8-7 Analysis of seat angle for tension.

Step 4: Design the bolts to transfer positive moment tension to the column:

Lines 44-45: Compute the prying force following AISC’s recommended method. The moment in the
vertical leg is computed as described above, and the moment arm extends from the edge of the bolt shaft
(closest to the beam) to the bottom edge of the angle. Refer to Figure 8-7.

Lines 46-48: Add the basic tension to the prying force and compare to the factored design capacity of the
bolts. Note that the resistance factor is used here to be consistent with step 2. It is common to use the
same size and grade of bolt as used for the connection to the beam flange, which generally means that
these bolts have excess capacity. Also, for seismic design, another check at maximum positive moment is
recommended (see step 9).

Step 5: Compute the flexural demand on the column: AISC Seismic, Part I, 7 and 8, require that the
flexural resistance of the column be greater than the demand from the connections, but it does not give
any particular margin. ASCE TC recommends a ratio of 1.25.

Lines 51-52: The minimum nominal flexural strength of the column, summed above and below as well as
adjusted for the presence of axial load, is set to be 125 percent of the demand from the sum of the nominal
strengths of the connections.

Lines 53-54: AISC Seismic, Part 11, 8.4 requires that the connection capacity exceed 50 percent of the
plastic moment capacity of the beam. In this example, the negative moment connections are designed for
75 percent of the beam plastic moment, and this check shows that the average of negative and positive
nominal moment capacities for the connection exceeds 50 percent of the plastic moment for the beam. A
later check (step 10) will compare the maximum positive moment resistance to the 50 percent rule.

Step 6: Check the transfer of force from concrete slab to steel column: The tension in the reinforcing
steel and the compression couple from positive bending must both transfer. Both flanges provide
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resistance if concrete fills the space between the flanges, but full capacity of the second flange has
probably not been exercised in tests.

Line 56: Add the yield force of the reinforcement and the tension yield force of the seat angle, both
previously computed.

Line 57: Compute an upper bound concrete compression capacity as 0.85f', times the area of concrete
bearing on both flanges.

Lines 58-59: Compute the force that would yield the steel column flanges over the thickness of the slab
by computing the projection beyond the web fillet that would yield at a load of 0.85fc. This ignores the
capacity of the flange beyond the slab thickness and is obviously conservative.

Line 60: Compare the demand with the smaller of the two capacities just computed.
Step 7: Select the web connection:

Line 62: The seismic shear is computed by assuming beam end moments equal to the nominal capacity of
the connections, one in negative moment and one in positive.

Line 63: The gravity demand must be added, and straight gravity demand must also be checked before
selecting the actual connection.

Lines 64-66: The web connection influences the overall stiffness and strength of the connection,
especially at large rotation angles. The moment-rotation expression include the area of steel in the web
angles, but also places a limitation based upon 150 percent of the area of the leg of the seat angle for use
in the computation.

Step 8: Determine the effective stiffness of the beam and connection system: Determining the equivalent
stiffness for a prismatic beam involves several considerations. Figure 8-8 shows how the moment along
the beam varies for gravity and lateral loads as well as composite and non-composite conditions. The
moment of inertia for the composite beam varies with the sense of the bending moment. The end
connections can be modeled as regions with their own moments of inertia, as illustrated in the figure.
Figure 8-9 shows the effective cross section for each of the four stiffnesses: positive and negative bending
of the composite beam and positive and negative bending of the composite connection. Given a linear
approximation of each connection stiffness expressed as moment per radian, flexural mechanics leads to a
simple expression for a moment of inertia of an equivalent prismatic beam.

Lines 68-73: Compute the negative and positive moments at a rotation of 2.5 milliradians, which is the
rotation angle that defines the effective stiffness for lateral analysis (per both AISC SDGS-8 and ASCE
TC).

Lines 74-75: Using those moments, compute the rotations corresponding to the nominal strength, positive
and negative. (This is useful when idealizing the behavior as bilinear, which is plotted in Figures 8-5 and
8-6.)

Lines 77-79: Compute the moment of inertia of the composite beam in positive bending. Note that the
system is designed for full composite action, per the recommendations in AISC SDGS-8 and ASCE TC,
using the criteria in the AISC manual. The positive bending moment of inertia here is computed using
AISC’s lower bound method, which uses an area of steel in the flange adequate to replace the Whitney
stress block in the concrete flange. This moment of inertia is less than if one used the full concrete area in
Figure 8-9.
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Lines 80-81: Compute the moment of inertia of the composite beam in negative bending.

Line 82: Compute an equivalent moment of inertia for the beam recognizing that a portion of the span is
in positive bending and the remainder is in negative bending. Following the recommendations in AISC
SDGS-8 and ASCE TC, this is computed as 60 percent of I, and 40 percent of I .

Lines 83-84: Compute the moment of inertia of a prismatic beam that will give the same total end
rotation in a sway condition as the actual system. Gravity loads place both connections in negative
moment, so one will be subject to increasing negative moment while the other will be subject to
decreasing negative moment. Thus, initially, the negative moment stiffness is the appropriate stiffness,
which is what is recommended in the AISC SDGS-8 and ASCE TC. For this example the positive and
negative stiffnesses are combined, weighted by the nominal strengths in positive and negative bending, to
yield a connection stiffness that is appropriate for analysis up to the nominal strengths defined earlier.
Defining this weighted stiffness as K,,, and the equivalent composite beam moment of inertia as I.,,,, the
effective moment of inertia is found by:

comp

effective — 6 E |

comp
1

Tk

conn
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Figure 8-8 Moment diagram for typical beam.

Line 85: compute the ratio of the moment of inertia of the effective prismatic beam to that for the bare
steel beam. When using standard computer programs for analysis that have a library of properties of steel
cross sections, this ratio is a convenient way to adjust the modulus of elasticity and thus easily compute
the lateral drift of a frame. This adjustment could invalidate routines in programs that automatically
check various design criteria that depend on the modulus of elasticity.

Step 9: Check the tension bolts at maximum rotation

Line 87: Compute the rotation at total drift as C, times the drift at the design positive moment.

Line 88: Compute the positive moment corresponding to that drift.

Line 89: Compute the tension force at the bottom seat angle, ignoring any contribution of the web angles,
from the moment and a moment arm between the center of the slab thickness and the inflection point in
the vertical leg of the seat angle, then add the prying force already calculated for a maximum demand on
the tension bolts.

Line 90: Compare with the nominal capacity of the bolts (set ¢ = 1.0)

Step 10: Check the maximum positive moment capacity:
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Line 92: The positive moment at 20 milliradians, already calculated, is compared to the plastic moment
capacity of the steel beam. This is the point at which the 50 percent requirement of AISC Seismic, Part
11, 8.4 is checked.

Figure 8-10 shows many of the details of the connection for the W18x35. The headed studs shown
develop full composite action of the beam between the end and midspan. They do not develop full
composite action between the column and the inflection point, but it may be easily demonstrated that they
are more than capable of developing the full force in the reinforcing steel within that distance. The
transverse reinforcement is an important element of the design, which will be discussed subsequently.
Alternating the position above and below is simply a preference of the authors.

#4x6'-0" @ 10" o.c. transverse.

Alternate above and below #5's. - \
(6) #5 top bars 3 6 (2) rows %" @ H.A.S. spaced at 11" o.c. Q
in slab e g
N ]
' [ \ %
H 1 1o o1 | 4 ] F H
:I; I | O 1 1 | k -
Headed studs
on beam

\
\- w18

Bottom flange angle

with (4) 1"@ A325X bolts
to beam flange and

(2) 1"@ A325 bolts to
column flange

L 4xaxdy wi
(3) %" A325 bolts

: ﬁ:\

Figure 8-10 Elevation of typical connection (1.0 ft = 0.3048 m, 1.0 in. = 25.4 mm).

8.5 ANALYSIS
8.5.1 Load Combinations
A 3D model using Risa 3D was developed. Non-composite dead loads (steel beams, bar joists, form
deck, and concrete) were input as concentrated loads at the columns on each level rather than uniformly
distributed to the beams. This was because we want the model for the seismic load combinations to
address the moments in the PRC connections. The loads subject to composite action are the composite
dead loads, live loads, and seismic loads, not the non-composite dead loads. But the non-composite dead
loads still contribute to mass, are subject to ground acceleration, and as such contribute to seismic loads.
This gets confusing; so a detailed look at the load combinations is appropriate.
Let us consider four load cases (illustrated in Figures 8-11 and 8-12):

1. D, - Composite dead load, which is uniformly distributed and applied to beams (based on 32 psf)

2. D, - Non-composite dead load, which is applied to the columns (based on 66 psf)

3. L- Composite live load, which is uniformly distributed to beams, using live load reductions
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4. E - Earthquake load, which is applied laterally to each level of the building and has a vertical
component applied as a uniformly distributed load to the composite beams

We will investigate two load combinations. Recall that composite loads are applied to beams, while non-
composite loads are applied to columns. But there is an exception: the 0.2S,,D component, which
represents vertical acceleration from the earthquake is applied to all the dead load on the beams whether it
is composite or non-composite. This is because even non-composite dead load contributes to mass, and is
subject to the ground acceleration. Because the non-composite dead load is not distributed on the beams
in the computer model, an adjustment to the load factor is necessary. The assignment of loads gets a
little complicated, so pay careful attention:

Combination 1 =1.2D + 0.5L + 1.0E
=1.2D, +1.2D,+ 0.5L + Q¢ +0.2S,D
=1.2D,. +1.2D_ +0.5L + Q¢ +0.067 (D,.+ D)
=1.2D,. +1.2D,+ 0.5L + Q¢ + 0.067D,(D/D,) + 0.067D,
=1.2D,. +1.2D,+ 0.5L + Q¢ + 0.067D.(D,,/D,) + 0.067D,
=1.2D,.+1.2D, + 0.5L + Qg + 0.067D_(66 psf/32 psf) + 0.067D,
=1.2D,,+1.2D_ + 0.5L + Q¢ + 0.138D, + 0.067D,
=1.2D,. + 1.405D, + 0.5L + Q¢

Qg will be applied in both the north-south and the east-west directions, so this really represents two load

combinations.
’—‘ + L T T T 1 + L T T T 1

1.2 Dpe 12D, 05L

[ T T T 1 + [ T T T 1

+

1.0 Qg 0.067 D ¢ 0.067 D

Figure 8-11 Illustration of input for load combination for 1.2D + 0.5L + 1.0Qg + 0.2S¢D.

D,. = non-composite dead load.
D, = composite dead load

L = live load

Qg = horizontal seismic load

Now consider at the second load combination:

Combination 2 = 0.9D + 1.0E

=0.9D,,+0.9D, + Q¢ - 0.2S,D

=0.9D,,+0.9D,+ Q¢ -0.067 (D,.+D,)
0.9D,. +0.9D, + Q¢ -0.067 D,(DJ/D,) - 0.067D,
0.9D,. +0.9D, + Q¢ -0.067 D,(D,/D,) - 0.067D,
=0.9D,.+0.9D, + Q¢ - 0.067 D (66 psf/32 psf) - 0.067D,
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=0.9D,, +0.9D, + Q. - 0.138D, - 0.067D,
=0.9D,, + 0.9D, + Q; - 0.205D,
=0.9D,, + 0.695D, + Q.

Again, Qg will be applied in both the north-south and the east-west directions, so this represents another

two load combinations.
’—‘ + L T T T 1 +

0.9 Dpe 0.9 D, 1.0Qg

v

0.067 D e 0.067 D,

Figure 8-12 Illustration of input for load combination for 0.9D + 1.0Qg - 0.2S4D.

D,. = non-composite dead load.
D, = composite dead load

L = live load

Qe = horizontal seismic load

8.5.2 Drift and P-delta

As defined by the Provisions, torsional irregularity is considered to exist when the maximum
displacement computed including accidental torsion at one end of the structure transverse to an axis is
more than 1.2 times the average of the displacements at the two ends of the structure (Provisions Sec.
5.4.4.3). For this building the maximum displacement at the roof including accidental torsion, is 1.65 in.
The displacement at the other end of the building in this direction is 1.43 in. The average is 1.54 in.
Because 1.65 in. < 1.85 in. = (1.2)(1.54 in.), the structure is not torsionally irregular. Consequently, it is
not necessary to amplify the accidental torsion nor to check the story drift at the corners. A simple check
at the center of the building suffices. [In the 2003 Provisions, the maximum limit on the stability
coefficient has been replaced by a requirement that the stability coefficient is permitted to exceed 0.10 if
and only “if the resistance to lateral forces is determined to increase in a monotonic nonlinear static
(pushover) analysis to the target displacement as determined in Sec. A5.2.3. P-delta effects shall be
included in the analysis.” Therefore, in this example, the stability coefficient should be evaluated directly
using 2003 Provisions Eq. 5.2.-16.]

The elastic story drifts were computed by the RISA 3D analysis for the required load combinations. Like
most modern computer programs for structural analysis, a P-delta amplification can be automatically
computed, but to illustrate the effect of P-delta in this structure and to check the limit on the stability
index, two computer runs have been performed, one without the P-delta amplifier and one with it. The
allowable story drift is taken from Provisions Table 5.2.8. The allowable story drift is 0.025 hy, =
(0.025)(13 ft x 12 in./ft) = 3.9 in. With a C, of 5.5, this corresponds to a drift 0.71 in. under the
equivalent elastic forces. At this point design for wind does influence the structure. A drift limit of h/400
(=0.39 in.) was imposed, by office practice, to the service level wind load. In order to achieve the
desired stiffness, the seismic story drift at elastic forces is determined thus:
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Elastic story drift limit = (wind drift limit)(total seismic force)/(service level wind force)
Elastic story drift limit = (0.39 in.)(170 kip)/123 kip = 0.54 in.

The structure complies with the story drift requirements, but it was necessary to increase the size of the
spandrel beams from the preliminary W18x35 to W21x44 to meet the desired wind stiffness. This is
summarized in Table 8-3. The structure also complies with the maximum limit on the stability index
(Provisions 5.4.6.2-2):
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f is the ratio of demand to capacity for the story shear, and has not yet been computed. Maximum
demand and design capacity are tabulated in the following section; the average is about two-thirds. The
preceding data show that the maximum resistance is higher, especially for positive moment, than the
value suggested here for design capacity. The average ratio of demand to maximum capacity with a
resistance factor is well below 0.5, so that value is arbitrarily used to show that the actual stability index is
within the limits of the Provisions.

Table 8-3 Story Drift (in.) and P-delta Analysis
North-south (X direction) East-west (Z direction)

Story  without with P-delta  Stability = without with P-delta  Stability
P-delta  P-delta amplifier  index P-delta  P-delta amplifier  index

0.358 0.422 1.179 0.152 0.312 0.360 1.154 0.133
0.443 0.517 1.167 0.143 0.410 0471 1.149 0.130
0.449 0.513 1.143 0.125 0.402 0.453 1.127 0.113
0.278 0.304 1.094 0.086 0.239 0.259 1.084 0.077
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8.5.3 Required and Provided Strengths

The maximum beam end moments from the frame analysis for the seismic load combinations are as
follows:

Table 8-4 Maximum Connection Moments and Capacities (ft-kips)

. W18 Girders W21 Spandrels
Quantity . - . -
Negative Positive Negative Positive
Demand (level 2), M, 143 36.6 118 103
Nominal, M, 216 67.2 325 149
Design capacity, ¢M,, 184 57.1 276 127

The capacities, using a resistance factor of 0.85, are well in excess of the demands. The girder member
sizes are controlled by gravity load in the construction condition. All other member and connection
capacities are controlled by the design for drift. The negative moment demands are somewhat larger than
would result from a more careful analysis, because the use of a prismatic member overestimates the end
moments due to distributed load (composite gravity load) along the member. The higher stiffness of the
portion of the beam in positive bending with respect to the connections would result in higher positive
moments at midspan and lower negative moments at the supports. This conservatism has no real effect on
this design example. (The above demands and capacities do not include the girders supporting the storage

8-22



Chapter 8, Composite Steel and Concrete

bays, which are required to be W18x40 for the gravity load condition. The overall analysis does not take
that larger member into account.)

Snow load is not included in the seismic load combinations. (According to the Provisions, snow load
equal to or less than 30 psf does not have to be included in the mass.) Further, as a designer’s judgment
call, it was considered that the moments from 0.2S (= 6 psf) were so small, considering that the roof was
designed with the same connections as the floors, that it would make no significant difference in the
design analysis.

The maximum column forces are shown in Table 8-5; the particular column does support the storage load.
The effective length of the columns about their weak axis will be taken as 1.0, because they are braced by
perpendicular frames acting on the strong axes of the columns, and the P-delta analysis captures the
secondary moments due to the “leaning” column effect. The effective length about their strong axis will
exceed 1.0. The ratio of column stiffness to beam stiffness will use the same effective beam stiffness
computed for the drift analysis, thus for the W10x77 framed into the W18x35 beams:

leoi / Leoy = 455/(13 x 12) = 2.92

lpeam / Lpeam = 1.25 x 510/ (25 x 12) = 2.12

and the ratio of stiffnesses, G =2.92/2.12 = 1.37
Although the column in the lowest story has greater restraint at the foundation, and thus a lower K factor,
it is illustrative to determine K for a column with the same restraint at the top and bottom. From the
nomographs in the AISC Manual or from equivalent equations, K = 1.45. It turns out that the effective

slenderness about the strong axis is less than that for the weak axis, so the K factor does not really control
this design.

Table 8-5 Column Strength Check, for W10x77
Seismic Load Combination Gravity Load Combination

Axial force, P, 391 kip 557 kip
Moment, M, 76.3 ft-kip 52.5 ft-kip
Interaction equation  0.72 0.89

8.6 DETAILS OF THE DESIGN

8.6.1 Overview

The requirements in AISC Seismic for C-PRMF systems are brief. Some of the requirements are
references to Part | of AISC Seismic for the purely steel components of the system. A few of those detail
checks are illustrated here. For this example, more attention is paid to the details of the joint.

8.6.2 Width-Thickness Ratios
The width-thickness ratio of the beam flanges, b;/2t; is compared to 4, given in AISC Seismic, Part I,

Table 1-9-1. Both beam sizes, W18x35 and W21x44 are found to be acceptable. The W21x44 is
illustrated below:

8-23



FEMA 451, NEHRP Recommended Provisions: Design Examples

A b2 _ 22 7.35 (AISC Seismic, Table 1-9-1)
=== 1. eiIsmic, 1able 1-9-
*JFy 50

br _ 799 AISC Manual
ot . ( anual)
7.22<7.35 OK

The limiting h/t ratios for columns is also given in AISC Seismic, Part I, Table 1-9-1. A W10x77 column
from the lower level of an interior bay with storage load is illustrated (the axial load from the seismic load
combination is used):

P, 391 Kips
= =0.385>0.125 ismi -9-
WP,  (0.9)(226 in2 x 50 ksi) (AISC Seismic, Table 1-9-1)
Ap _ 19 2.33—i =ﬂ[2.33—0.385]:52.5 (AISC Seismic, Table 1-9-1)
R
Check:
Ay =52.5>35.7=E OK
V Fy
h
== 13.0 (AISC Manual)
w
13.0<525 OK

8.6.3 Column Axial Strength

AISC Seismic, Part I, 8.2 requires that when P /¢gP, > 0.4 (in a seismic load combination), additional
requirements be met. Selecting the same column as above for our illustration:

P, 391 kips
= — —=0.53
P, (0.85)(22.6 in.7)(38.4 ksi)

>0.4 (AISC Seismic, Part I, 8.2)

Therefore the requirements of AISC Seismic, Part I, 8.2a, 8.2b, and 8.2¢c apply. These necessitate the
calculation of axial loads using the System Overstrength Factor, £2, = 3. Analysis needs to be run for two

additional load combinations:
1.2D +0.5L +0.2S + 2,Q¢ (AISC Seismic, Part I, Eq. 4.1)

and

0.9D - 2Q¢ (AISC Seismic, Part I, Eq. 4.2)
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Chapter 8, Composite Steel and Concrete

The axial seismic force in this column is only 7.5 kips, therefore P, becomes 397 kips, obviously much
less than ¢P,. The low seismic axial load is common for a moment-resisting frame system. Given that
this requirement is a check ignoring bending moment, it does not control the design.

[The special load combinations have been removed from the 2002 edition of AISC Seismic to eliminate
inconsistencies with other building codes and standards. Therefore, 2003 Provisions Eq. 4.2-3 and 4.2-4
should be used in conjunction with the load combinations in ASCE 7.]

8.6.4 Details of the Joint

Figure 8-13 shows a plan view at an edge column, concentrating on the arrangement of the steel elements.
Figure 8-14 shows a section at the same location, showing the arrangement of the reinforcing steel. It is
not required that the reinforcing bars be equally distributed on the two sides of the column, but it is
necessary to place at least some of the bars on each side. This means that some overhang of the slab
beyond the column flange is required. This example shows two of the six bars on the outside face.

Figure 8-15 shows a plan view at a corner column. U shaped bent bars are used to implement the
negative moment connection at such a location. Threaded bars directly attached to the column flange are
also illustrated. Note the close spacing of the headed anchor studs for composite action. The reason for
the close spacing at this location is that the beam span is half the normal span, yet full composite action is
still provided.

12"

Bottom flange
angle

Slab

edge

Figure 8-13 Detail at column.
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Figure 8-14 Detail at spandrel.
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Figure 8-15 Detail at building corner.

The compressive force in the deck is transferred to both flanges of the column. This is shown in Figure 8-
16. Note that both flanges can accept compressive forces from the concrete. Also note that the transverse
reinforcement will carry tension as force is transferred from the principal tension reinforcement through

the concrete to bearing on the column flange. Strut and tie models can be used to compute the appropriate

tension.
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Figure 8-16 Force transfer from deck to column.

AISC SDGS-8 and ASCE TC include the following recommendations regarding the reinforcing steel:

1.

Place the principal tension reinforcement within a strip of width equal to 7 times the width of the
column flange (or less)

Use at least 6 bars for the principal reinforcement, extend it one quarter of the span from the column,
but at least 24 bar diameters beyond the inflection point, and extend at least two of the bars over the
full span

Do not use bars larger than number 6 (0.75 in. diameter)
Provide transverse reinforcement consistent with a strut and tie model to enable the transfer of forces

(in the authors’ observation such reinforcement is also necessary to preserve the capacity of the
headed studs for shear transfer)
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MASONRY

James Robert Harris, P.E., Ph.D., Frederick R. Rutz, P.E.,
Ph.D. and Teymour Manzouri, P.E., Ph.D.

This chapter illustrates application of the 2000 NEHRP Recommended Provisions (herein after the
Provisions), to the design of a variety of reinforced masonry structures in regions with different levels of
seismicity. Example 9.1 features a single-story masonry warehouse building with tall, slender walls;
Example 9.2 presents a five-story masonry hotel building with a bearing wall system designed in areas
with different seismicities; and Example 9.3 covers a twelve-story masonry building having the same plan
as the hotel but located in a region of high seismicity. Selected portions of each building are designed to
demonstrate specific aspects of the design provisions.

Masonry is a discontinuous and heterogeneous material. The design philosophy of reinforced grouted
masonry approaches that of reinforced concrete; however, there are significant differences between
masonry and concrete in terms of restrictions on the placement of reinforcement and the effects of the
joints. These physical differences create significant differences in the design criteria.

All structures were analyzed using two-dimensional (2-D) static methods. Examples 9.2 and 9.3 use
dynamic analyses to determine the structural periods. Example 9.2 employs the SAP 2000 program,
V6.11 (Computers and Structures, Berkeley, California); Example 9.3 employs the RISA 2D program,
V.5.5 (Risa Technologies, Foothill Ranch, California).

Although this volume of design examples is based on the 2000 Provisions, it has been annotated to reflect
changes made to the 2003 Provisions. Annotations within brackets, [ ], indicate both organizational
changes (as a result of a reformat of all of the chapters of the 2003 Provisions) and substantive technical
changes to the 2003 Provisions and its primary reference documents. While the general concepts of the
changes are described, the design examples and calculations have not been revised to reflect the changes
to the 2003 Provisions.

The most significant change to the masonry chapter in the 2003 Provisions is the incorporation by
reference of ACI 530-02 for strength design in masonry. A significant portion of 2003 Provisions
Chapter 11 has been replaced by a reference to this standard as well as a limited number of modifications
to the standard, similar to other materials chapters. This updated chapter, however, does not result in
significant technical changes as ACI 530-02 is in substantial agreement with the strength design
methodology contained in the 2000 Provisions.

Another change to the provisions for masonry structures is the addition of a new lateral system,
prestressed masonry shear walls. This system is not covered in this volume of design examples.
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Some general technical changes in the 2003 Provisions that relate to the calculations and/or design in this
chapter include updated seismic hazard maps, changes to Seismic Design Category classification for short
period structures, revisions to the redundancy requirements, revisions to the wall anchorage design
requirement for flexible diaphragms, and a new “Simplified Design Procedure” that could be applicable
to some of the examples in this chapter.

Where they affect the design examples in this chapter, other significant changes to the 2003 Provisions
and primary reference documents are noted. However, some minor changes to the 2003 Provisions and
the reference documents may not be noted.

In addition to the Provisions, the following documents are referenced in this chapter:

ACI 318 American Concrete Institute. 1999 [2002]. Building Code Requirements for Concrete
Structures.

ACI 530 American Concrete Institute. 1999 [2002]. Building Code Requirements for Masonry
Structures, ACI 530/ASCE 5/TMS 402.

ASCE 7 American Society of Civil Engineers. 1998 [2002]. Minimum Design Loads for
Buildings and Other Structures.

Amrhein Amrhein, J, and D. Lee. 1994. Tall Slender Walls, 2" Ed. Masonry Institute of
America.

Drysdale Drysdale R., A. Hamid, and L. Baker. 1999. Masonry Structures, Behavior and Design.
Boulder Colorado: The Boulder Masonry Society.

IBC International Code Council. 2000. International Building Code.

UBC International Conference of Building Officials. 1997. Uniform Building Code.

NCMA National Concrete Masonry Association. A Manual of Facts on Concrete Masonry,

NCMA-TEK is an information series from the National Concrete Masonry Association,
various dates.

SEAQOC Seismology Committee, Structural Engineers Association of California. 1999.
Recommended Lateral Force Requirements and Commentary, 7" Ed.

The short form designations for each citation are used throughout. The citation to the IBC exists for two
reasons. One of the designs employees a tall, slender wall that is partially governed by wind loads and
the IBC provisions are used for that design. Also, the R factors for masonry walls are significantly
different in the IBC than in the Provisions; this is not true for other structural systems.
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Chapter 9, Masonry

9.1 WAREHOUSE WITH MASONRY WALLS AND WOOD ROOF, LOS ANGELES,
CALIFORNIA

This example features a one-story building with reinforced masonry bearing walls and shear walls.
9.1.1 Building Description

This simple rectangular warehouse is 100 ft by 200 ft in plan (Figure 9.1-1). The masonry walls are 30 ft
high on all sides, with the upper 2 ft being a parapet. The wood roof structure slopes slightly higher
towards the center of the building for drainage. The walls are 8 in. thick on the long side of the building,
for which the slender wall design method is adopted, and 12 in. thick on both ends. The masonry is
grouted in the cells containing reinforcement, but it is not grouted solid. The assumed strength of
masonry is 2,000 psi. Normal weight concrete masonry units (CMU) with type S mortar are assumed.

5 bays at 40'-0" = 200'-0"

g S ————————— r— e e év
N ,, 7 _ ]
8" concrete Typical glue-lam
| ypical g
masonry wall / roof beam ‘
i i
)
l | &
—
I
| 12" concrete | ‘ ‘ ‘ I| =
[//Imasory wall >
| | | | | &
! Open J ! ;
\ | 2
\ P 1
Plywood roof
| /\ \-Isheathing |
I PR foviinh ) I | N

Figure 9.1-1 Roof plan (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).

The long side walls are solid (no openings). The end walls are penetrated by several large doors, which
results in more highly stressed piers between the doors (Figure 9.1-2); thus, the greater thickness for the
end walls.
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Figure 9.1-2 End wall elevation (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).

The floor is concrete slab-on-grade construction. Conventional spread footings are used to support the
interior steel columns. The soil at the site is a dense, gravelly sand.

The roof structure is wood and acts as a diaphragm to carry lateral loads in its plane from and to the
exterior walls. The roofing is ballasted, yielding a total roof dead load of 20 psf. There are no interior
walls for seismic resistance. This design results in a highly stressed diaphragm with large calculated
deflections. The design of the wood roof diaphragm and the masonry wall-to-diaphragm connections is
illustrated in Sec. 10.2.

In this example, the following aspects of the structural design are considered:

1. Design of reinforced masonry walls for seismic loads and
2. Computation of P-delta effects.

9.1.2 Design Requirements

[Note that the new “Simplified Design Procedure” contained in the 2003 Provisions Simplified Alternate
Chapter 4 as referenced by the 2003 Provisions Sec. 4.1.1 is likely to be applicable to this example,
subject to the limitations specified in 2003 Provisions Sec. Alt. 4.1.1.]

9.1.2.1 Provisions Parameters

Site Class (Provisions Sec. 4.1.2.1 [Sec. 3.5]) =C
Sq (Provisions Map 5 [Figure 3.3-3]) =1.50
S, (Provisions Map 6 [Figure 3.3-4] ) =0.60

Seismic Use Group (Provisions Sec. 1.3[Sec. 1.2]) =1

[The 2003 Provisions have adopted the 2002 USGS probabilistic seismic hazard maps , and the maps
have been added to the body of the 2003 Provisions as figures in Chapter 3 (instead of the previously
used separate map package).]
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The remaining basic parameters depend on the ground motion adjusted for site conditions.
9.1.2.2 Response Parameter Determination

The mapped spectral response factors must be adjusted for site class in accordance with Provisions Sec.
4.1.2.4 [3.3.2]. The adjusted spectral response acceleration parameters are computed according to
Provisions Eq. 4.1.2.4-1 [3.3-1] and 4.1.2.4-2 [3.3-2] for the short period and one-second period,
respectively, as follows:

Sys= F,S = 1.0(1.50) = 1.50
Sy.=F.S, = 1.3(0.60) = 0.78

Where F, and F, are site coefficients defined in Provisions Tables 4.1.2.4a [3.3-1] and 4.1.2.4b [3.3-2],
respectively. The design spectral response acceleration parameters (Provisions Sec. 4.1.2.5 [Sec. 3.3.3])
are determined in accordance with Provisions Eq. 4.1.2.5-1 [Eq. 3.3-3] and 4.1.2.5-2 [3.3-4] for the short-
period and one-second period, respectively:

2 2
Sps == Sys =—(1.50) =1.00
DS 3 MS 3( )

2 2
Sp1==Sw =—(0.78) =0.52
D1 3 M1 3( )

The Seismic Design Category may be determined by the design spectral acceleration parameters
combined with the Seismic Use Group. For buildings assigned to Seismic Design Category D, masonry
shear walls must satisfy the requirements for special reinforced masonry shear walls in accordance with
Provisions Sec. 11.3.8.2 [ACI 530 Sec. 1.13.6.4]. A summary of the seismic design parameters follows:

Seismic Design Category (Provisions Sec. 4.2.1 [1.4]) =D

Seismic Force Resisting System (Provisions Table 5.2.2

[4.3-1]) = Special Reinforced
Masonry Shear Wall

Response Modification Factor, R (Provisions Table 5.2.2

[4.3-1]) =35

Deflection Amplification Factor, C; (Provisions Table 5.2.2

[4.3-1]) =35

System Overstrength Factor, Q, (Provisions Table 5.2.2

[4.3-1]) =25

Reliability Factor, p (Provisions Sec. 5.2.4.2 [Sec. 4.3.3]) =10

(Determination of pis discussed in Sec. 9.1.3 below [see Sec. 9.1.3.1 for changes to the reliability factor
in the 2003 Provisions].)

Note that the R factor for this system in the IBC and in ASCE 7 is 4.5. [5.0 in the 2003 IBC and ASCE 7-
02] This difference would have a substantial effect on the seismic design; however, the vertical
reinforcement in the tall 8-in. walls is controlled by wind loads so it would not change.

9.1.2.3 Structural Design Considerations
With respect to the load path, the roof diaphragm supports the upper 16 ft of the masonry walls (half the

clear span plus the parapet) in the out-of-plane direction, transferring the lateral force to in-plane masonry
shear walls.
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Soil structure interaction is not considered.
The building is of bearing wall construction.

Other than the opening in the roof, the building is symmetric about both principal axes, and the vertical
elements of the seismic resisting system are arrayed entirely at the perimeter. The opening is not large
enough to be considered an irregularity (per Provisions Table 5.2.3.2[Table 4.3-2]); thus, the building is
regular, both horizontally and vertically. Provisions Table 5.2.5.1[Table 4.4-1], permits several analytical
procedures to be used; the equivalent lateral force (ELF) procedure (Provisions Sec. 5.4) is selected for
used in this example. The orthogonality requirements of Provisions Sec. 5.2.5.2 Sec. 4.4.2 are potentially
significant for the piers between the door openings at the end walls. Thus, those walls will be designed
for 100 percent of the forces in one direction plus 30 percent of the forces in the perpendicular direction.

There will be no inherent torsion because the building is symmetric. The effects of accidental torsion,
and its potential amplification, need not be included because the roof diaphragm is flexible. This is the
authors’ interpretation of what amounts to a conflict between Provisions Table 5.2.3.2[Table 4.3-2], Item
1, and Provisions Sec. 5.4.4.2[Sec. 5.24.2] and Sec. 5.4.4.3[Sec. 5.2.4.3].

The masonry bearing walls also must be designed for forces perpendicular to their plane (Provisions Sec.
5.2.6.2.7)[Sec. 4.6.1.3].

For in-plane loading, the walls will be treated as cantilevered shear walls. For out-of-plane loading, the
walls will be treated as pinned at the bottom and simply supported at the top. The assumption of a pinned
connection at the base is deemed appropriate because the foundation is shallow and narrow which
permits rotation near the base of the wall.
9.1.3 Load Combinations
The basic load combinations (Provisions Sec. 5.2.7 [Sec. 4.2.2]) are the same as specified in ASCE 7 (and
similar to the IBC). The seismic load effect, E, is defined by Provisions Eq. 5.2.7-1 [4.2-1] and Eq. 5.2.7-
2 [4.2-2] as:

E = pQ¢ £ 0.25,D = (1.0)Q¢ £ 0.2(1.00)D = Q¢ + 0.2D
This assumes p = 1.0 as will be confirmed in the following section.

9.1.3.1 Reliability Factor

In accordance with Provisions Sec. 5.2.4.2[4.3.3], the reliability factor, p, applies to the in-plane load
direction.

For the long direction of building:

VwaII 10
fhax, =| 5 || T
" Vstory Iw

e, = (o.5)[%} =0.025
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20 20
= 2 - = 2 - =
Frax, /20,000 0.025,/20,000

p=-3.66<1.0=p,n SO use p=1.0.

For the short direction of the building:

| Vo |[10) | Muan)(0.23) |(10) _ _
rmaxx—(v ][le [ y }[SJ (0.5)(0.23)(1) = 0.115

story story

Although the calculation is not shown here, note that a single 8-ft-long pier carries approximately 23
percent (determined by considering the relative rigidities of the piers) of the in-plane load for each end
wall.

Also, 1.0 was used for the 10/l, term even though 10/8 ft > 1.0. According to Provisions 5.2.4.2, the
10/1,, term need not exceed 1.0 only for walls of light frame construction. This example was created based
on a draft version of the 2000 Provisions, which limited the value of the 10/1,, term to 1.0 for all shear
walls, a requirement that was later changed for the published edition. Thus, this calculation is not strictly

correct. Using the correct value of r,, would result in p = 1.02 rather than the 0.77 computed below.

This would result in a slight change in the factor on Qg, 1.02 vs. 1.00, which has not been carried through
the remainder of this example.

(When the redundancy factor was developed by the Structural Engineers Association of California in the
wake of the 1994 Northridge earthquake, the upper bound of 1.0 for 10/1, was simply not mentioned. The
1997 Provisions, the UBC, and the IBC were published with no upper bound on 10/1,. However, the
original authors of the concept published their intent with the SEAOC document in 1999 with the upper
bound of 1.0 on 10/1,, for all types of shear walls. The same change was adopted within BSSC for the
2000 Provisions. A subsequent change to the 2000 Provisions limited the upper bound of 1.0 to apply
only to light frame walls.)

Therefore,

la =0.12

max,

20
2= 077
0.115./20,000

p=077<1.0=p,, souse p=10.

[The redundancy requirements have been substantially changed in the 2003 Provisions. For a shear wall
building assigned to Seismic Design Category D, p = 1.0 as long as it can be shown that failure of a shear
wall with height-to-length-ratio greater than 1.0 would not result in more than a 33 percent reduction in
story strength or create an extreme torsional irregularity. Therefore, the redundancy factor would have to
be investigated only in the transverse direction where the aspect ratios of the piers between door openings
are greater than 1.0. In the longitudinal direct, where the aspect ratio is (significantly) less than 1.0, p =
1.0 by default.]

9.1.3.2 Combination of Load Effects
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Load combinations for the in-plane loading direction from ASCE 7 are:
1.2D + 1.0E + 0.5L + 0.2S
and
0.9D + 1.0E + 1.6H.
L, S, H do not apply for this example so the load combinations become:
1.2D + 1.0E
and
0.9D + 1.0E.
When the effect of the earthquake determined above, 1.2D + 1.0(Qg £ 0.2D), is inserted in each of the
load combinations:
1.4D + 1.0 Q;
1.0D-1.0 Q¢
and
0.9D + 1.0(Q; # 0.2D)

which results in:

1.1D+1.0Q;
and
0.7D-1.0 Q,

Thus, the controlling cases from all of the above are:
14D +1.0Q,

when gravity and seismic are additive and
0.7D-1.0 Q¢

when gravity and seismic counteract.

These load combinations are for the in-plane direction of loading. Load combinations for the out-of-
plane direction of loading are similar except that the reliability coefficient (p) is not applicable. Thus, for
this example (where p = 1.0), the load combinations for both the in-plane and the out-of-plane directions
are:

14D +1.0 Q.

and
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0.7D - 1.0 Q.

The combination of earthquake motion (and corresponding loading) in two orthogonal directions must be
considered (Provisions Sec. 5.2.5.2.3) [Sec. 4.4.2.3].

9.1.4 Seismic Forces

9.1.4.1 Base Shear

Base shear is computed using the parameters determined previously. The Provisions does not recognize
the effect of long, flexible diaphragms on the fundamental period of vibration. The approximate period
equations, which limit the computed period, are based only on the height. Since the structure is relatively

short and stiff, short-period response will govern the design equations. According to Provisions Sec.
5.4.1 [Sec. 5.2.1.1] and Eq. 5.4.1.1-1 [Eq. 5.2-3] (for short-period structures):

V=C W:[SDS} W:[l'o} W =0.286 W
s R/I 3.5/1

The seismic weight for forces in the long direction is:

Roof = 20 psf (100)200 = 400 kips
End walls = 103 psf (2 walls)[(30 ft)(100 ft) - 5(12 ft)(12 ft)](17.8 ft/28 ft) = 299 kips
Side walls = 65 psf (30ft)(200ft)(2 walls) = 780 Kips
Total = 1,479 kips

Note that the centroid of the end walls is determined to be 17.8 ft above the base, so the portion of the
weight distributed to the roof is approximately the total weight multiplied by 17.8 ft/28 ft (weights and
section properties of the walls are described subsequently).

Therefore, the base shear to each of the long walls is:

V = (0.286)(1,479 kips)/2 = 211 kips.

The seismic weight for forces in the short direction is:

Roof = 20 psf (100)200 = 400 kips
Side walls = 65 psf (2 walls)(30ft)(200ft)(15ft/28ft) = 418 kips
End walls = 103 psf (2 walls)[(30ft)(100ft)-5(12ft)(12ft)] = 470 Kips
Total = 1,288 kips

The base shear to each of the short walls is:

V = (0.286)(1,288 kips)/2 = 184 kips.
9.1.4.2 Diaphragm Force
See Sec. 10.2 for diaphragm forces and design.
9.1.4.3 Wall Forces

because the diaphragm is flexible with respect to the walls, shear is distributed to the walls on the basis of
beam theory ignoring walls perpendicular to the motion (this is the "tributary" basis).
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The building is symmetric. Given the previously explained assumption that accidental torsion need not
be applied, the force to each wall becomes half the force on the diaphragm.

All exterior walls are bearing walls and, according to Provisions Sec. 5.2.6.2.7 [Sec. 4.6.1.3], must be
designed for a normal (out-of-plane) force of 0.4S,;W.. The out-of-plane design is shown in Sec. 9.1.5.3
below.

9.1.5 Longitudinal Walls

The total base shear is the design force. Provisions Sec. 11.7 [Sec. 11.2] is the reference for design
strengths. The compressive strength of the masonry (f.,")is 2,000 psi. Provisions Sec. 11.3.10.2 gives E,,
=750 f,' = (750)(2 ksi) = 1,500 Ksi.

[2003 Provisions Sec. 11.2 adopts ACI 530 as a design basis for strength design masonry and provides
some modifications to ACI 530. In general, the adoption of ACI 530 as a reference does not have a
significant effect on this design example. Note that by adopting ACI 530 in the 2003 Provisions, E,, =
900f",, per ACI 530 Sec. 1.8.2.2.1, eliminating the conflict discussed below.]

Be careful to use values consistent with the Provisions. Different standards call for different values. To
illustrate this point, the values of E,, from different standards are shown in Table 9.1-1.
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Table 9.1-1 Comparison of E,,

Standard E. E,, for this example
Provisions 750 f 1,500 ksi
IBC 900 f,' 1,800 ksi
ACI1 530 900 f,' 1,800 ksi

1.0 kip =4.45 kN, 1.0 in. = 25.4 mm.

For 8-inch thick CMU with vertical cells grouted at 24 in. o.c. and horizontal bond beams at 48 inch o.c.,
the weight is conservatively taken as 65 psf (recall the CMU are normal weight) and the net bedded area
is 51.3 in.?/ft based on tabulations in NCMA-TEK 141.

9.1.5.1 Horizontal Reinforcement

As determined in Sec. 9.1.4.1, the design base shear tributary to each longitudinal wall is 211 kips. Based
on Provisions Sec. 11.7.2.2 [ACI 530, Sec. 3.1.3], the design shear strength must exceed either the shear
corresponding to the development of 1.25 times the nominal flexure strength of the wall, which is very
unlikely in this example due to the length of wall, or 2.5 times V,, = 2.5(211) = 528 Kips.

From Provisions Eq. 11.7.3.2[ACI 530, Eqg. 3-21] , the masonry component of the shear strength capacity
for reinforced masonry is:

V. {4.0—1.75(%)]/\1\/H+0.25 P.

Conservatively treating M/Vd as equal to 1.0 for the long walls and conservatively treating P as the
weight of the wall only without considering the roof weight contribution:

Vi = [4.0-1.75(1.0)](51.3)(200)/2000 + 0.25(390) = 1130 kips
and
AV, = 0.8(1,130) = 904 Kips > 528 kips OK
where ¢ = 0.8 is the resistance factor for shear from Provisions Table11.5.3[ACI 530, sec. 3.1.4] .

Horizontal reinforcement therefore is not required for shear but is required if the wall is to qualify as a
“Special Reinforced Masonry Wall.”

According to Provisions Sec. 11.3.8.3[ACI 530, Sec. 1.13.6.3] , minimum reinforcement is
(0.0007)(7.625 in.)(8 in.) = 0.043 in.? per course, but it may be wise to use more horizontal reinforcement
for shrinkage in this very long wall and then use minimum reinforcement in the vertical direction (this
concept applies even though this wall requires far more than the minimum reinforcement in the vertical
direction due to its large height-to-thickness ratio). Two #5 bars at 48 in. on center provides 0.103 in.?
per course. This amounts to 0.4 percent of the area of masonry plus the grout in the bond beams. The
actual shrinkage properties of the masonry and the grout and local experience should be considered in
deciding how much reinforcement to provide. For long walls that have no control joints, as in this
example, providing more than minimum horizontal reinforcement is appropriate.
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9.15.2 Vertical Reinforcement
Steps for verifying a trial design are noted in the sections that follow.
9.1.5.3 Out-of Plane Flexure

As indicated previously, the design demand for seismic out-of-plane flexure is 0.4S,W,. For a wall
weight of 65 psf for the 8-in.-thick CMU side walls, this demand is 0.4(1.00)(65 psf) = 26 psf.

Calculations for out-of-plane flexure become somewhat involved and include the following:

1. Select a trial design.

2. Investigate to ensure ductility.

3. Make sure the trial design is suitable for wind (or other nonseismic) lateral loadings using the IBC.
Note that many section properties determined in accordance with the IBC are different from those
indicated in the Provisions so section properties will have to be determined multiple times. The

IBC portion of the calculation is not included in this example.

[2003 Provisions and the 2003 IBC both adopt ACI 530-02 by reference, so the section properties should
be the same for both documents.]

4. Calculate midheight deflection due to wind by the IBC. (While the Provisions have story drift
requirements, they do not impose a midheight deflection limit for walls).

5. Calculate seismic demand.

6. Determine seismic resistance and compare to demand determined in Step 5.

Proceed with these steps as follows:
9.1.5.3.1 Trial design

A trial design of #7 bars at 24 in. on center is selected. See Figure 9.1-3.

8" concrete
masonry unit
\ " |
5 : Q

L 24" o.c. '||’

7
Figure 9.1-3 Trial design for 8-in.-thick CMU
wall (1.0 in = 25.4 mm).
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9.1.5.3.2 Investigate to ensure ductility

The critical strain condition corresponds to a strain in the extreme tension reinforcement (which is a
single #7 centered in the wall in this example) equal to 1.3 times the strain at yield stress.

Based on Provisions Sec. 11.6.2.2[ACI 530, Sec. 3.2.3.5.1] for this case:

t=7.63in.
d=t2=381in.
&, = 0.0025

&= 1.3, = L.3(f,/E;) = 1.3(60 ksi /29,000 ksi) = 0.0027

£ .
=[—™ _1d=1.83in.
¢ [(5m+gs)} n

a=0.8c=1.46In.

The Whitney compression stress block, a = 1.46 in. for this strain distribution, is greater than the 1.25 in.
face shell width. Thus, the compression stress block is broken into two components: one for full
compression against solid masonry (the face shell) and another for compression against the webs and
grouted cells, but accounting for the open cells. These are shown as C, and C, in Figure 9.1-4:

C, =0.80f," (1.25in.)b = (0.80)(2 ksi)(1.25)(24) = 48 kips (for a 24-in. length)
G, =0.80f, (a-1.25in.)(8 in.) = (0.80)(2 ksi)(1.46-1.25)(8) = 2.69 kips (for a 24-in. length)

The 8-in. dimension in the C, calculation is for combined width of grouted cell and adjacent mortared
webs over a 24-in. length of wall. The actual width of one cell plus the two adjacent webs will vary with
various block manufacturers, and may be larger or smaller than 8 in. The 8-in. value has the benefit of
simplicity and is correct when considering solidly grouted walls.
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#7 at 24" o.c.
N [

y
1.25" 1.25"
3.81"
t=763"
<l> P=Ps +Py
d=381"
<
183" Z 1.98"
c .
|
Em=0.0025 —
1.21"
‘T—L
04" — 1.3&,=0.0027
A
c, 4
Cz
-E
* |
Lo 1021 T
A 4
1.46" |
a .
<
2

Figure 9.1-4 Investigation of out-of-plane ductility for the 8-in.-thick CMU side walls
(1.0 in = 25.4 mm).

T is based on 1.25 F, (Provisions Sec. 11.6.2.2)[ACI 530, Sec. 3.2.3.5.1]:
T = 1.25F A, = (1.25)(60 ksi)(0.60 in.?) = 45 kips (for a 24-in. length)
Use unfactored P (Provisions Sec. 11.6.2.2)[ACI 530, Sec. 3.2.3.5.1]:
P = (P; + P,) = (20 psf (10 ft.) + 65 psf (16 ft.)) = 1.24 kiIf = 2.48 Kips (for a 24-in. length)

Check C,+C,>T+P:
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T+ P =475Kkips
C,+ C, =50.7 kips > 47.5 kips. OK

The compression capacity is greater than the tension capacity; therefore, the ductile failure mode criterion
is satisfied.

[The ductility (maximum reinforcement) requirements in ACI 530 are similar to those in the 2000
Provisions. However, the 2003 Provisions also modify some of the ACI 530 requirements, including
critical strain in extreme tensile reinforcement (1.5 times) and axial force to consider when performing the
ductility check (factored loads).]

9.1.5.3.3 Check for wind load using the IBC

Load factors and section properties are not the same in the IBC and the Provisions (The wind design
check is beyond the scope of this seismic example so it is not presented here.) Both strength and
deflection need to be ascertained in accordance with IBC.

Note that, for comparison, selected properties for the Provisions (and IBC) ductility check, IBC wind
strength check, and Provisions seismic strength check are tabulated below. Keeping track of which
version of a given parameter is used for each of the calculations can get confusing; be careful to apply the
correct property for each analysis.

Table 9.1-2 Comparison of Variables (explanations in the following text)

Parameter Provisions Ductility Provisions Strength IBC Wind
Calculation Calculation Calculation
P 1.24 kif 0.87 & 1.74 kIf 1.12 kIf
E, NA 1,500,000 psi 1,800,000 psi
f, NA 80 psi 112 psi
w NA 26 psf 19 psf (service)
& 0.0027 NA NA
d 3.82in. 3.82in. 3.82in.
c 1.83in. 1.25in. 1.25in.
a 1.46 in. 1.00 in. 1.00 in.
C,s = C,*+C, 50.1 kips 52.1 kips 56.4 kips
n=EJE, NA 19.33 16.11
l, NA 355 in.* 355 in.*
S, NA 93.2in.? 93.21in.?
A, NA 0.32 in.2/ft 0.32 in.2/ft
ler NA 48.4 in At 48.4 in /ft
M, =fS NA 7.46 in.-Kips 10.44 in.-kips
Oallow NA NA 2.32in.

NA = not applicable, 1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m, 1.0 in = 25.4 mm, 1.0 ksi = 6.98 MPa,
1.0 in.-kip = 0.113 kN-m.
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9.1.5.3.4 Calculate midheight deflection due to wind by the IBC

The actual calculation is not presented here. For this example the midheight deflection was calculated
using IBC Eq. 21-41[ACI 530, Eq. 3-31] with I, = 47.3 in.* per ft. Using IBC Eq. 21.41[ACI 530, Eq. 3-
31], the calculated deflection is 2.32 in., which is less than 2.35 in. = 0.007h (IBC Eq. 21-39[ACI 530,
Eqg. 3-29]).

9.1.5.3.5 Calculate seismic demand

For this case, the two load factors for dead load apply: 0.7D and 1.4D. Conventional wisdom holds that
the lower dead load will result in lower moment-resisting capacity of the wall so the 0.7D load factor
would be expected to govern. However, the lower dead load also results in lower P-delta so both cases
should be checked. (As it turns out, the higher factor of 1.4D governs).

Check moment capacity for 0.7D:
P,=0.7(P; + P,).

For this example, the iterative procedure for addressing P-delta from Amrhein will be used, not
Provisions Eq. 11.5.4.3[ACI 530, Commentary Sec. 3.1.5.3] which is intended for in-plane deflections:

Roof load, P; = 0.7(0.2 kIf) = 0.14 kIf
Eccentricity, e = 7.32 in. (distance from wall centerline to roof reaction centerline)
Modulus of elasticity (Provisions Eq. 11.3.10.2 [ACI 530, 1.8.2.2]), E,, = 750 f,' = 1,500,000 psi

[Note that by adopting ACI 530 in the 2003 Provisions, E,, = 900f’  per ACI 530 Sec. 1.8.2.2.1.]

E
Modular ratio, N=—-=19.3
Em

The modulus of rupture (f,) is found in Provisions Table 11.3.10.5.1[ACI 530, Sec. 3.1.7.2.1]. The values
given in the table are for either hollow CMU or fully grouted CMU. Values for partially grouted CMU
are not given; Footnote a indicates that interpolation between these values must be performed. As
illustrated in Figure 9.1-6, the interpolated value for this example is 80 psi:

(f, - 50 psi)/(103 in.? - 60 in.?) = (136 psi - 50 psi)/(183 in.? - 60 in.?)

f. = 80 psi
l, = 355 in.*/ft
S, =93.2in.’/ft

g

M, = .S, = 7460 in-Ib/ft
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24" 24" 24" 'i'
CASE 1 CASE 2 CASE 3
All cells open (1) Cell grouted Fully grouted
A=60in2 A=103in.2 A=183in.2
fr =50 psi fr =80 psi* fr =136 psi

* By interpolation

Figure 9.1-6 Basis for interpolation of modulus of rupture, f, (1.0 in = 25.4 mm, 1.0 psi = 6.89 kPa).

Refer to Figure 9.1-7 for determining I.,. The neutral axis shown on the figure is not the conventional
neutral axis by linear analysis; instead it is the plastic centroid, which is simpler to locate, especially when
the neutral axis position results in a T beam cross-section. (For this wall, the neutral axis does not
produce a T section, but for the other wall in this building, a T section does result.) Cracked moments of
inertia computed by this procedure are less than those computed by linear analysis but generally not so
much less that the difference is significant. (This is the method used for computing the cracked section
moment of inertia for slender walls in the standard for concrete structures, ACI 318.) Axial load does
enter the computation of the plastic neutral axis and the effective area of reinforcement. Thus:

P = 1.24 kIf

T = ((0.60 in.2)/(2 ft.))(60 ksi) = 18.0 KIf

C=T+P =19.24 kIf

a=C/(0.8 f',b) = (19.24 kIf)/(0.8(2.0 ksi)(12 in./ft.)) = 1.002 in.

¢ =a/0.8 = 1.253 in.

I, = NA,(d-c)? + bc¥/3 = 19.33(0.30 in.2 + (1.24 kIf)/60 ksi)(3.81 in. - 1.25 in.)? +
(12 in./ft)(1.25 in.)¥/3 = 4.84 in.*/ft

—1.25"
f
c

d=3.81"

N.A.

S 125
>
< 11

nAs

16" g"

b = 24"

b =8.32" inferred from NCMA tabulations
b = 8" used for convenience

Figure 9.1-7 Cracked moment of inertia (l,) for 8-in.-thick CMU side walls (1.0 in = 25.4 mm).
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Note that I, could be recomputed for P = 0.7D and P = 1.4D but that refinement is not pursued in this
example.

The standard technique is to compute the secondary moment in an iterative fashion as shown below:
Axial load
P,=0.7(P; + P,) = 0.7(0.2 kIf + 1.04 kIf) = 0.868 kIf

First iteration

P+ Af
A =Dt Al 0868+ 060)60) 61402011 = 0.312in2/ft
f 60
M, =wh’/8+Pe+(P,+P,)A
26 psf/12 in.)? 7.32in.
| (26pst g(g% ) 4 (140 plf)( 321n j+ (L40pIf + 728 plf)(0)

M,, = 31,088 in.-Ib/If > M,, = 7460
5(7460)(336)? . 5(31,088— 7460)(336)°

s1 = =0.165+3.827 =3.99 in.
48(1,500,000) (355) 48(1,500,000)(48.4)

Second iteration

M,, = 30,576 +512 + (140 + 728)(3.99) = 34,551 in.-Ib

5(34,551— 7460)(336)?
48(1,500,000)(48.4)

A, =0.165+ =0.165+4.388=4.55in.

Third iteration

M, = 30,576 + 512 + (140 + 728)(4.55) = 35,040 in.-Ib/If
5(35,040 — 7460)(336)*
48(1,500,000)(48.4)

=0.165+4.467 =4.63 in.

Ay =0.165+

Convergence check

4.63-4.55
4.55

=1.8% <5%

M, = 35,040 in.-Ib (for the 0.7D load case)
Using the same procedure, find M, for the 1.4D load case. The results are summarized below:
First iteration

P = 7360 plf
M,, = 31,601 in.-Ib/ft
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A, =4.08in.
Second iteration

M,, = 38,684 in.-Ib/ft
A, =5.22in.

Third iteration

M, = 40,667 in.-Ib/ft
A, =5.54in.

Fourth iteration

M, = 41,225 in.-Ib/ft
A, =5.63in.

Check convergence

5.63-5.54
5.54

=1.7% < 5%

M, = 41,225 in.-lb (for the 1.4D load case)

9.1.5.3.6 Determine flexural strength of wall

Refer to Figure 9.1-8. As in the case for the ductility check, a strain diagram is drawn. Unlike the
ductility check, the strain in the steel is not predetermined. Instead, as in conventional strength design of
reinforced concrete, a rectangular stress block is computed first and then the flexural capacity is checked.

T = Af, = (0.30 in 2/ft.)60 ksi = 18.0 kIf

The results for the two axial load cases are tabulated below.

Load Case 0.7D +E 14D +E
Factored P, kif 0.87 1.74
T+P=C,KklIf 18.87 19.74
a=C/(0.8Fh), in. 0.981 1.028
My = C (d - a/2), in.-kip/ft. 62.6 65.1
oM, = 0.85M,, in.-kip/ft. 53.2 55.3
My, in.-Kip/ft. 35.0 412
Acceptance OK OK
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/\ #7 at 24" o.c.
D

V

1.25" 1.25"
ts tS
3.81"
t=7.63"
Py
v
d=3.81"
<
c P
=2a/0.80
Em=0.0025 |
a2, d-a2
| ~ &> &y =0.00207
A
C

1
m

0.8f
| _

T=A Fy+P

<
pd

Figure 9.1-8 Out-of-plane strength for 8-in.-thick CMU walls (1.0 in = 25.4 mm).

Note that wind actually controls the stiffness and strength out-of-plane and that this is only a “tentative”
acceptance for seismic. The Provisions requires a check of the combined orthogonal loads in accordance
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with Provisions Sec. 5.2.5.2, Item a [Sec. 4.4.2.3]. However, as discussed below, a combined orthogonal
load check was deemed unnecessary for this example.

9.1.5.4 In-Plane Flexure
In-plane calculations for flexure in masonry walls include two items per the Provisions:

1. Ductility check and
2. Strength check.

It is recognized that this wall is very strong and stiff in the in-plane direction. In fact, most engineers
would not even consider these checks necessary in ordinary design. The ductility check is illustrated here
for two reasons: to show a method of implementing the requirement and to point out an unexpected
result. (In the authors’ opinion, the Provisions should reconsider the application of the ductility check
where the M/Vd, ratio is substantially less than 1.0.)

9.1.5.4.1 Ductility check
Provisions Sec. 11.6.2.2 [ACI 530, 3.2.3.5.1] requires that the critical strain condition correspond to a
strain in the extreme tension reinforcement equal to 5 times the strain associated with F,. This calculation
uses unfactored gravity loads. (See Figure 9.1-9.)
[The ductility (maximum reinforcement) requirements in ACI 530 are similar to those in the 2000
Provisions. However, the 2003 Provisions also modify some of the ACI 530 requirements, including
critical strain in extreme tensile reinforcement (4 times yield) and axial force to consider when performing
the ductility check (factored loads).]

P =P, + P;=(0.065 ksf (30 ft.) + 0.02 ksf (10 ft.))(200 ft.) = 430 kips

P is at the base of the wall rather than at the midheight.

c=| 5 |d= 0.0025 200 ft = 38.94 ft
e +e, 0.0025+0.0103

a=0.8c = 31.15 ft = 373.8 in.
C,, = 0.8f,'ab,,, = 2,560 kips

Where b, is taken from the average area used earlier, 51.3 in.?/ft.; see Figure 9.1-9 for locations of
tension steel and compression steel (the rebar in the compression zone will act as compression steel).
From this it can be seen that:

40.27
(2)(2ftoc.)

T, =(1.25 fy)(@j (0.60) = 2,718 Kips

Ta=(@125 fy)( J(0.60)=453 kips

6.73 .
Cy= fy(z - 0.C.j(o.st) =121 Kips
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32.21 .
Cy, = (fy)(— (0.60) = 290 Kips
(2)(2)
L 61.06' P=Pf +Py
| 3
ne <
g 2
w o
' a8
0o
o
os’ 1
é?
c=38.94' 161.06' |
Cm
4 2337
_EAF
&
o
s | AT
Csl a
4 3558
Cs
21.5'
72.53 ksi __ . ,
fy=60ksi — [ 40.27 . 120.79
| W
|
6.73 3221 ~ _ 125Fy
7 S =75ksi
™ IR
v N
\\\ v TSZ
26.84' T~
100.66'
<E- 5 Fy =
pd — 300 ksi

Figure 9.1-9 In-plane ductility check for side walls (1.0 in = 25.4 mm, 1.0 ksi = 6.89 MPa).

Note that some authorities would not consider the compression resistance of reinforcing steel that is not
enclosed within ties. The Provisions clearly allows inclusion of compression in the reinforcement.

SC>3T
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Cm + Csl + C52> P + Tsl + Tsz
2,560 + 121 + 290 = 2,971 < 3,601 =430 + 453 + 2,718

Therefore, there is not enough compression capacity to ensure ductile failure.

In order to ensure ductile failure with #7 bars at 24 in. on center, one of the following revisions must be
made: either add (3,601 kips - 2,971 kips) = 630 kips to C,, or reduce T by reducing A,. Since this
amount of reinforcement is needed for out-of-plane flexure, A, cannot be reduced.

Try filling all cells for 10 ft - 0 in. from each end of the wall. As shown in Figure 9.1-10, this results in

10 additional grouted cells.
#7 at 24" o.c.
| | | | | | D
S I N N R

[——]
() O0O000000000000ooooooEge

10'-4"
All cells grouted
Figure 9.1-10 Grout cells solid within 10 ft of each end of side walls (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).

Area of one grouted cell: (8in.)(5.13in)=41in?

Volume of grout for one cell: (6in.)(5.13in.)(30 ft.)/(144 in.?/ft.%) = 6.41 ft.?

Weight of grout for one cell: (0.140 kcf)(6.41) = 0.90 kips/cell

Additional P: (10 additional cells)(0.9) = 9.0 kips

Additional C,, 0.8f, (41in.%)(10 cells) = 656 kips

Additional C,, - additional P: 656 kips - 9 kips = 647 Kips

Net additional C,;: 647 kips > 630 kips OK

or, as expressed in terms of the above equation:

SC>XT
2,971 kips + 656 Kkips = 3,627 kips > 3,610 kips = 3,601 kips + 9 Kips OK

Since C > T, the ductile criterion is satisfied.

This particular check is somewhat controversial. In the opinion of the authors, flexural yield is feasible
for walls with M/Vd in excess of 1.0; this criterion limits the compressive strain in the masonry, which
leads to good performance in strong ground shaking. For walls with M/Vd substantially less than 1.0, the
wall will fail in shear before a flexural yield is possible. Therefore, the criterion does not affect
performance. Well distributed and well developed reinforcement to control the shear cracks is the most
important ductility attribute for such walls.

9.1.5.4.2 Strength check

The wall is so long with respect to its height that in-plane strength for flexure is acceptable by inspection.
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9.1.5.5 Combined Loads

Combined loads are not calculated here because the in-plane strength is obviously very high. Out-of-
plane resistance governs the flexural design.

9.1.5.6 Shear in Longitudinal Walls (Side Walls)
Compute out-of-plane shear at base of wall in accordance with Provisions Sec. 5.2.6.2.7[Sec. 4.6.1.3]:
F, = 0.45pW, = (0.4)(1.00)(65 psf)(28 ft/2) = 364 plf.

Information from the flexural design from Sec. 9.1.5.3 is needed to determine the required shear strength
based upon development of the flexural capacity. The ratio of pM, to My, is the largest for the load case
0.7D + E. The load that would develop the flexural capacity is approximated by ratio (a second P-delta

analysis does not seem justified for this check):

M ¢ 532/085
———— =26 psf x —————= 465 psf
WX M, 6 psf x 350 6.5 ps

1.25 times this results in a load for shear design of 58 psf. Thus V = (58 psf)(28 ft. /2) = 818 plf. The
capacity of computed per Provisions Eq.11.7.3.2[ACI 530, Eq. 3.2.1] :

A :{4.0—1.75(\%}}A1\/Tng+0.25 P

M/Vd need not be taken larger than 1.0. A, is taken as b,d = 8.32(3.81) = 31.7 in.? per cell from Figure
9.17. Because this shear exists at both the bottom and the top of the wall, conservatively neglect the
effect of P:

V, =[4.0-1.75(1.0)](51.3in. / 2 ft.)\/2,000 + 0 = 1.595 kIf
AV, = (0.8)(1.595) = 1.28 kIf > 0.81 KIf

As indicated in Sec. 9.1.4.1 and Sec. 9.1.5.1, the in-plane demand at the base of the wall, V, = 2.5(211
kips) = 528 kips, and the shear capacity, ¢V, is larger than 904 Kips.

For the purpose of understanding likely behavior of the building somewhat better, V, is estimated more
accurately for these long walls:

M/Vd = h/l = 28/200 = 0.14

P =0.7D = 0.7(430) = 301 kip

V,,=[4.0 - 1.75(0.14)][200(51.3) + 2(10)91.5-51.3)](0.045) + 0.25(301) = 1870 + 75 = 1945 Kkip
V,=0.5(A/s)f,d = 0.5(0.62/4.0)(60)(200) = 930 kip

V, = 1945 + 930 = 2875 kip

Maximum V, = 6vf' A = 6(0.045 ksi)(9234 in.?) = 2493 < 2875 kip

oV, = 0.8(2493) = 1994 kip

Ve = 211kip

V /Ve =11.8 >> R used in design

In other words, it is unlikely that the long masonry walls will yield in either in-plane shear or flexure at
the design seismic ground motion. The walls will likely yield in out-of-plane response and the roof
diaphragm may also yield. The roof diaphragm for this building is illustrated in Sec. 10.2.
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The combined loads for shear (orthogonal loading, per Provisions Sec. 5.2.5.2.2, Item a)[Sec. 4.4.2.3] are
shown in Table 9.1-3.

Table 9.1-3 Combined Loads for Shear in Side Wall

Out-of-Plane In-Plane Total
Case 1 1.00(810/1,280)+ 0.30(528/1994)= 0.71<1.00 OK
Case 2 0.30(810/1,280)+ 1.00(528/1994)= 0.45<1.00 OK

Values are in kips; 1.0 kip = 4.45 kN.

9.1.6 Transverse Walls

The transverse walls will be designed in a manner similar to the longitudinal walls. Complicating the
design of the transverse walls are the door openings, which leave a series of masonry piers between the
doors.

9.1.6.1 Horizontal Reinforcement

The minimum reinforcement, per Provisions Sec. 11.3.8.3[ACI 530, Sec.1.13.6.3] , is (0.0007)(11.625
in.)(8 in.) = 0.065 in.? per course. The maximum spacing of horizontal reinforcement is 48 in., for which
the minimum reinforcement is 0.39 in.2. Two #4 in bond beams at 48 in. on center would satisfy the
requirement. The large amount of vertical reinforcement would combine to satisfy the minimum total
reinforcement requirement. However, given the 100-ft length of the wall, a larger amount is desired for
control of restrained shrinkage as discussed in Sec. 9.1.5.1. Two #5 at 48 in. on center will be used.

9.1.6.2 Vertical Reinforcement

The area for each bay subject to out-of-plane wind is 20 ft wide by 30 ft high because wind load applied
to the doors is transferred to the masonry piers. However, the area per bay subject to both in-plane and
out-of-plane seismic is reduced by the area of the doors. This is because the doors are relatively light
compared to the masonry. See Figures 9.1-12 and 9.1-13.

9.1.6.3 Out-of-Plane Flexure

Out-of-plane flexure will be considered in a manner similar to that illustrated in Sec. 9.1.5.3 . The design
of this wall must account for the effect of door openings between a row of piers. The steps are the same
as identified previously and are summarized here for convenience:

Select a trial design,

Investigate to ensure ductility,

Make sure the trial design is suitable for wind (or other non-seismic) lateral loadings using IBC,
Calculate midheight deflection due to wind by IBC,

Calculate the seismic demand, and

Determine the seismic resistance and compare to the demand determined in Step 5.

ocoakrwdE

9.1.6.3.1 Trial design

A trial design of 12-in.-thick CMU reinforced with two #6 bars at 24 in. on center is selected. The self-
weight of the wall, accounting for horizontal bond beams at 4ft on center, is conservatively taken as 103
psf. Adjacent to each door jamb, the vertical reinforcement will be placed into two cells. See Figure 9.1-
11.
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T OO

L L

1 1
Figure 9.1-11 Trial design for piers on end walls (1.0 in =25.4
mm, 1.0 ft = 0.3048 m).

Next, determine the design loads. The centroid for seismic loads, accounting for the door openings, is
determined to be 17.8 ft above the base. See Figures 9.1-12 and 9.1-13.

(0.4) (103 psf) (20" = 824 plf/bay out-of-plane In-plane

/‘ Wiop = {(0.286) (103 psf) (20") = 589 plf/bay in-plane  loads
—> L 200" i’ )

P ;= BXips P ) P
5 ﬁ‘_R _ 1J11.97 Kips/bay ogt-of-plang
~ P~ I\ 8.56 kips/bay in-plane Vi + Vi
W 4 I I (long wall)
AF D B T /] ‘ [ ‘ :
H, ‘ Vi (short wall)
- > <
: . \ \
g —
H, o
5
200" 8-0"
) T g J \ J
N ) Areas be;//subjec Areal/ bay subject
. s (a
- oors trgnsfer wind much hZavier
H,  Ipads tojmasonry| than doors)
S—> N y
Y
© Out-of-plane loads
applied tg bay
Figure 9.1-12 In-plane Iqads @y gnd s@i gg{tb) ay, %til?frﬂ fane
» < ips /bay in-plane

_ (0.4) (103) (8" = 330 plf/bay out-of-plane
Whot = (0.286) (103) (8" = 236 plf/bay in-plane

Figure 9.1-13 Out-of-plane load diagram and resultant of lateral loads (1.0 ft = 0.3048 m,
1.0Ib=4.45N, 1.0 kip = 4.45 kN).
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9.1.6.3.2 Investigate to ensure ductility

The critical strain condition is corresponds to a strain in the extreme tension reinforcement (which is a
pair of #6 bars in the end cell in this example) equal to 1.3 times the strain at yield stress. See Figures
9.1-11and 9.1-14.

For this case:

t=11.631in.

d=11.63-2.38=9.25in.

&, =0.0025 (Provisions Sec. 11.6.2.1.b)[ACI 530, Sec. 3.2.2]

& =13¢,= 1.3 (f/E;) = 1.3 (60 ksi /29,000 ksi) = 0.0027 (Provisions Sec. 11.6.2.2)[ACI 530, Sec.
3.2.3.5.1]

c=|—%n _|d=445in,
(en+&)

a =0.8c = 3.56 in. (Provisions Sec. 11.6.2.2)
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Figure 9.1-14 Investigation of out-of-plane ductility for end wall (1.0 in = 25.4
mm, 1.0 ksi = 6.89 MPa).

Note that the Whitney compression stress block, a = 3.56 in. deep, is greater than the 1.50-in. face shell
thickness. Thus, the compression stress block is broken into two components: one for full compression
against solid masonry (the face shell) and another for compression against the webs and grouted cells but
accounting for the open cells. These are shown as C, and C, on Figure 9.1-15. The values are computed

using Provisions Sec. 11.6.2.1e:[ACI 530, 3.2.2.¢e];

C, =0.80f, (1.50in.)b = (0.80)(2 ksi)(1.50)(96) = 230 kips (for full length of pier)
C, =0.80f," (a-1.50in.)(6(8 in.)) = (0.80)(2 ksi)(3.56 - 1.50)(48) = 158 kips

The 48 in. dimension in the C, calculation is the combined width of grouted cell and adjacent mortared
webs over the 96-in. length of the pier.

T is based on 1.25F, (Provisions Sec. 11.6.2.2)[ACI 530, Sec. 3.2.3.5.1]:
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T =1.25F A= (1.25)(60 ksi)(6 x 0.44 in.?) = 198 kips/pier
P =(Ps+P,)=80k+(0.103 ksf)(18 ft.)(20 ft.) = 45.1 Kkips/pier

P is computed at the head of the doors:

C,+C,>P+T
388 kip > 243 kips

Since the compression capacity is greater than the tension capacity, the ductility criterion is satisfied.

[The ductility (maximum reinforcement) requirements in ACI 530 are similar to those in the 2000
Provisions. However, the 2003 Provisions also modify some of the ACI 530 requirements, including

critical strain in extreme tensile reinforcement (1.5 times) and axial force to consider when performing the
ductility check (factored loads).]

9.1.6.3.3 Check for wind loading using IBC

Note that load factors and section properties are different in the IBC and the Provisions. Note also that

wind per bay is over the full 20 ft wide by 30 ft high bay as discussed above. (The calculations are not
presented here.)

9.1.6.3.4 Calculate midheight deflection due to wind by IBC

Although the calculations are not presented here, note that in Figure 9.1-15 the neutral axis position and
partial grouting results in a T beam cross section for the cracked moment of inertia. Use of the plastic
neutral axis is a simplification for computation of the cracked moment of inertia. For this example,
midheight out-of-plane deflection is 1.27 in. < 2.35 in. = 0.007h, which is acceptable.

<
N
®
©
. |,
in S
— ~ (
\
% e~ °
. E o | 1.25"T 6.06" 1™ 6.06" [1.25"
3 Z o e
= 1] /l
o
NA —— L |4 —— - — o —| +— ——NA
| -
G 5
= b= 8.31" —
LI>
2.0

Figure 9.1-15 Cracked moment of inertia (I, for end walls (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).
Dimension “c” depends on calculations shown for Figure 9.1-16.

9.1.6.3.5 Calculate Seismic Demand

For this example, the load combination with 0.7D has been used and, for this calculation, forces and
moments over a single pier (width = 96 in.) are used. This does not violate the “b > 6t” rule (ACI 530
Sec. 7.3.3)[ACI 530, Sec. 3.2.4.3.3] because the pier is reinforced at 24 in. 0.c. The use of the full width
of the pier instead of a 24 in. width is simply for calculation convenience.
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For this example, a P-delta analysis using RISA-2D was run. This resulted in:

Maximum moment, M, = 66.22 ft-kips/bay = 66.22/20 ft = 3.31 kif (does not govern)
Moment at top of pier, M, = 62.12 ft-kips/pier = 62.12 / 8 ft = 7.77 kIf (governs)
Shear at bottom of pier, V, = 6.72 kips/pier

Reaction at roof, V, = 12.07 kips/bay

Axial force at base, R, = 54.97 kips/pier

The shears do not agree with the reactions shown in Figure 9.1-13; because the results in Figure 9.1-13 do
not include the P-delta consideration.

9.1.6.3.6 Determine moment resistance at the top of the pier
See Figure 9.1-16.

A, = 6-#6 = 2.64 in.?

d=9.25in.

T = 2.64(60) = 158.4 kip
C=T+P=203.5kip

a=C/ (0.8 b) =203.5/[0.8(2)96] = 1.32 in.

Because a is less than the face shell thickness (1.50 in.), compute as for a rectangular beam. Moments are
computed about the centerline of the wall.

My = C (/2 - a/2) + P (0) + T (d - t/2)
= 203.5(5.81 - 1.32/2) + 158.4(9.25-1.32/2) = 1593 in.-kip = 132.7 ft.-kip
oM, = 0.85(132.7) = 112.8 ft.-kip

Because moment capacity at the top of the pier, #M, = 112.8 ft-kips, exceeds the maximum moment
demand at top of pier, M, = 62.1 ft-kips, the condition is acceptable but note that this is only tentative
acceptance.

The Provisions requires a check of the combined loads in accordance with Provisions 5.2.5.2, Item a
[Sec. 4.4.2.3]. See Sec. 9.1.6.5 for the combined loads check.
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Figure 9.1-16 Out-of-plane seismic strength of pier on end wall (1.0 in =
25.4 mm, 1.0 ksi = 6.89 MPa).

9.1.6.4 In-Plane Flexure

There are several possible methods to compute the shears and moments in the individual piers of the end
wall. For this example, the end wall was modeled using RISA-2D. The horizontal beam was modeled at
the top of the opening, rather than at its midheight. The in-plane lateral loads (from Figure 9.1-12) were
applied at the 12-ft elevation and combined with joint moments representing transfer of the horizontal
forces from their point of action down to the 12-ft elevation. Vertical load due to roof beams and the self-
weight of the end wall were included. The input loads are shown on Figure 9.1-17. For this example:

w = (18 ft.)(103 psf) + (20 ft.)(20 psf) = 2.254 kIf
H = (184 kip)/5 = 36.8 kip
M = 0.286((400 + 418)(28 - 12) + 470(17.8 - 12)) = 452 ft-kip
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Figure 9.1-17 Input loads for in-plane end wall analysis (1.0 ft = 0.3048 m).

H

12'-0"

The input forces at the end wall are distributed over all the piers to simulate actual conditions. The RISA-
2D frame analysis accounts for the relative stiffnesses of the 4-ft-and 8-ft-wide piers. The final
distribution of forces, shears, and moments for an interior pier is shown on Figure 9.1-18.

P op = 45.L kip
e M op = 523 fi-kip
-V, =436kip _éP El. 112'-0" = T.O. Pier

12'

g
—= v, =436kip
M bot = 0
R0 = 55.0 kip

Figure 9.1-18 In-plane design condition for 8-ft-wide pier
(1.0 ft = 0.3048 m).

As a trial design for in-plane pier design, use two #6 bars at 24 in. on center supplemented by adding two
#6 bars in the cells adjacent to the door jambs (see Figure 9.1-19).
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Figure 9.1-19 In-plane ductility check for 8-ft-wide pier (1.0 in = 25.4 mm, 1.0 ksi = 6.89 MPa).
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The design values for in-plane design at the top of the pier are:

Unfactored 0.7D + 1.0E 1.4D + 1.0E

Axia P =45.1Kips P, =31.6 kips P, =63.2 kips
Shea 'V =43.6 kips V, = 43.6 kips V, = 43.6 kips
Mom M =523 ft-kips M, =523 ft-kips M, = 523 ft-kips

The ductility check is illustrated in Figure 9.1-19:

&, = 0.0025
& = 5¢, = (5)(60/29,000) = 0.0103
d=92in.

From the strain diagram, the strains at the rebar locations are:

£g5 = 0.0092
€4, = 0.0058
£15 = 0.0025
g =0.0008
£,4 = 0.0019

To check ductility, use unfactored loads:

P =P; + P, = (0.020 ksf)(20 ft)(20 ft) + (0.103 ksf)(18 ft)(20 ft)
P =8 kips + 37.1 kips = 45.1 kips

a=
Cn
Tsl
C,=F
C,=F

(0.8f,")ab = 1.6 ksi)(14.4 in.)(11.63 in.) = 268.0 kips
Ty = Ty = Toy = (L25F,)(A) = (1.25)(60 Ksi)(2 x 0.4 in.2) = 66 kips
Al(ewle,) = (60 ksi)(2 x 0.4 in.2)(0.0019/0.00207) = 48.5 Kips

0.8c =14.4in.
= F,A(esle,) = (60 ksi)(2 x 0.44 in.?)(0.0008/0.00207) = 20.4 kips

s2

C>XT+P
Cm+C51+C52>T51+T52+T53+Ts4+P

268 +48.5 + 20.4 > 66 + +66 + 66 + 66 + 45.1
336.9 kips > 309.1 kips

Since compression capacity exceeds tension capacity, ductile failure is ensured. Note that 1.25F, is used

for tension calculations per Provisions Sec. 11.6.2.2 [ACI 530, Sec. 3.2.3.5-1] .

[The ductility (maximum reinforcement) requirements in ACI 530 are similar to those in the 2000

Provisions. However, the 2003 Provisions also modify some of the ACI 530 requirements, including
critical strain in extreme tensile reinforcement (4 times yield) and axial force to consider when performing

the ductility check (factored loads).]

For the strength check, see Figure 9.1-20.
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Figure 9.1-20 In-plane seismic strength of pier (1.0 in = 25.4 mm). Strain diagram superimposed on
strength diagram for both cases. Note that low force in reinforcement is neglected in calculations.

To ascertain the strength of the pier, a ¢P, - M, curve will be developed. Only the portion below the
“balance point” will be examined as that portion is sufficient for the purposes of this example. Ductile
failures occur only at points on the curve that are below the balance point so this is consistent with the
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overall approach).

For the P = 0 case, assume all bars in tension reach their yield stress and neglect compression steel (a
conservative assumption):

T, =T, =Ty =Ty = (2)(0.44 in.2)(60 ksi) = 52.8 kips
C, =JXT.=(4)(52.8) = 211.2 kips
C,  =0.8F,ab=(0.8)(2ksi)a(11.63in.) = 18.6a

Thus,a=11.3in.andc=a/¢=11.3/0.8=14.2in.
M, =0:
M, =4235C,, + 44T, + 36T, + 12T, - 12T, = 13,168 in.-kips
#M, = (0.85)(13,168) = 11,193 in.-kips = 933 ft-kips
For the balanced case:
d=92in.

¢ =0.0025
&, = 60/29,000 = 0.00207

c=[ En ]d =50.3in.
&, T&,

a=0.8c=40.3in.

Compression values are determined from the Whitney compression block adjusted for fully grouted cells
or nongrouted cells:

Cni = (1.6 ksi)(16in.)(11.63 in.) = 297.8 kips

Cn, =(1.6ksi)(16 in.)(2 x 1.50 in.) = 76.8 Kips

Cns = (1.6 ksi)(8.3in.)(11.63 in.) = 154.4 Kips

C,, =(0.881in.2)(60 ksi) = 52.8 kips

C,, = (0.88in.2)(60 ksi)(0.0019 / 0.00207) = 48.5 kips
T, = (0.88 in.2)(60 ksi) = 52.8 Kips

T,, = (0.88 in.2)(60 ksi)(0.0017 / 0/00207) = 43.4 kips

>F,=0:

y
P,=2C-XT=297.8+76.8+154.4 +52.8 + 48.5 -52.8 - 43.4 = 534 kips
#P, = (0.85)(534) = 454 Kips

>M,=0:
M, =40C,, +24C,, + 11.85C,; + 44C,, + 36C,, + 44T, + 36T, = 23,540 in.-kips
oM, = (0.85)(23,540) = 20,009 in. - kips = 1,667 ft-kips

The two cases are plotted in Figure 9.1-21 to develop the ¢P, - #M, curve on the pier. The demand (P, ,
M,) also is plotted. As can be seen, the pier design is acceptable because the demand is within the ¢P, -
¢M, curve. (See the Birmingham 1 example in Sec. 9.2 for additional discussion of ¢P,, - ¢M, curves.)
By linear interpolation, M, at the minimum axial load is 968 kip.
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Figure 9.1-21 In-plane ¢P,, - ¢M,; diagram for pier (1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m).

9.1.6.5 Combined Loads

Combined loads for in-plane and out-of-plane moments in piers at end walls, per Provisions Sec.
5.2.5.2.2, Item a, are shown in Table 9.1-4.

Table 9.1-4 Combined Loads for Flexure in End Pier

Out-of-Plane In-Plane Total
0.7D
Case 1 1.0(62.12/112.8) + 0.3(523/986) = 0.71<1.00 OK
Case 2 0.3(62.12/112.8) + 1.0(523/986) = 0.70<1.00 OK

Values are in kips; 1.0 kip = 4.45 kN.
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9.1.6.6 Shear at Transverse Walls (End Walls)

The shear at the base of the pier is 43.6 kips/bay. At the head of the opening where the moment demand
is highest, the in-plane shear is slightly less (based on the weight of the pier). There, V =43.6 kips -
0.286(8 ft)(12 ft)(0.103 ksf) = 40.8 kips. (This refinement in shear is not shown in Figure 9.1-18
although the difference in axial load at the two locations is shown.) The capacity for shear must exceed
2.5 times the demand or the shear associated with 125 percent of the flexural capacity. Using the results

in Table 9.1-4, the 125 percent implies a factor on shear by analysis of:

Therefore, the required shear capacities at the head and base of the pier are 91.6 kips and 85.7 kips,

respectively.

The in-plane shear capacity is computed as follows where the net area, A,, of the pier is the area of face

1 51253 -
125[ Demand to capacity ratioj [ ¢) = 12907/ 0gs) =210

Vroof + long wall
I:’f (upper portion)
m l

Pw /’_Vshort wall
% I

30
5\

12'

{/“ P pier

— Vi

M base

P base

Figure 9.1-22 In-plane shear on end wall and pier (1.0 ft =
0.3048 m).

shells plus the area of grouted cells and adjacent webs:
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M ,
Vo, = {4.0—1.75(\/(1)%“ [fr +025P

A,=(96in. x 1.50 in.x 2) + (6 cells x 8 in. x 8.63 in.) = 702 in.?

o)

0.62 in.? o
= OS(W] (60 ksi)(96 in.)

= 37.2 kips/ bay

At the head of the opening:

V,, = [4.0 - 1.75(1.0)](702 in.?)(0.0447 ksi) + (0.25)(0.7)(45.1 kips) = 78.5 kips/bay

&V = (0.8)(78.5 + 37.2) = 92.6 kips/bay
At the base:

V,, = [4.0 - 1.75(0)](702 in.?)(0.0447 ksi) + (0.25)(0.7)(55.0 kips) = 135.2 kips/bay

#V\ = (0.8)(135.2 + 37.2) = 137.9 kips/bay
As discussed previously, M/Vd need not exceed 1.0 in the above equation.
For out-of-plane shear, see Figure 9.1-13. Shear at the top of wall is 12.07 kips/bay and shear at the base
of the pier is 6.72 kips/bay. From the values in the figure, the shear at the head of the opening is
computed as 6.72 kips - (12 ft)(0.33 kip/ft) = 2.76 kips. The same multiplier of 2.10 for development of
125 percent of flexural capacity will be applied to out-of-plane shear resulting in 25.3 kips at the top of
the wall, 5.80 kips at the head of the opening, and 14.11 Kips at the base.
Out-of-plane shear capacity is computed using the same equation. 2b,d is taken as the net area A,. Note
that M/Vd is zero at the support because the moment is assumed to be zero; however, a few inches into the
span, M/Vd will exceed 1.0 so the limiting value of 1.0 is used here. This is typically the case when
considering out-of-plane loads on a wall.
For computing shear capacity at the top of the wall:

A, =b,d=((8in./2ft) x20ft)(9.25in.) = 740 in.?

V,, =[4.0-1.75(1)](740 in.?)(0.0447 ksi) + (0.25)(8.0) = 76.9 kips/bay

oV, = (0.8)(76.9) = 61.5 kips/bay

For computing shear capacity in the pier:

A, =(8in./cell)(6 cells)(9.25 in.) = 444 in?
V, =[4.0 - 1.75(1)](444 in.2)(0.0447 ksi) + (0.25)(41.67) = 55.4 kips/bay
V., = (0.8)(55.4) = 44.3 kips/bay

The combined loads for shear at the end pier (per Provisions 5.2.5.2.2, Item a [Sec. 4.4-23]) are shown in

9-39



FEMA 451, NEHRP Recommended Provisions: Design Examples

Table 9.1-5.
Table 9.1-5 Combined Loads for Shear in End Wall
In-Plane Out-of-Plane Total
Case 1 1.0(91.6/137.9)  + 0.3(14.11/443) = 076 <1.00 OK
Pier base
Case 2 0.3(916/137.9)  + 1.0(14.11/443) = 0.52<1.00 OK
Pier base
Case 1 _
Pier head 1.0(85.7/92.6) + 0.3(5.80/44.3) = 0.96>1.00 OK
Case 2 _
Pier head 0.3(85.7/92.6) + 1.0(5.80/44.3) = 0.41<1.00 OK

Values are in kips; 1.0 kip = 4.45 kN.

9.1.7 Bond Beam
Reinforcement for the bond beam located at the elevation of the roof diaphragm can be used for the
diaphragm chord. The uniform lateral load for the design of the chord is the lateral load from the long
wall plus the lateral load from the roof and is equal to 0.87 kIf. The maximum tension in rebar is equal
the maximum moment divided by the diaphragm depth:

M/d = 4,350 ft-kips/100 ft = 43.5 kips
The seismic load factor is 1.0. The required reinforcement is:

Aeqa = TI¢F, = 43.5/(0.85)(60) = 0.85 in.”
This will be satisfied by two #6 bars, A, = (2 x 0.44 in.?) = 0.88 in.?

In Sec. 10.2, the diaphragm chord is designed as a wood member utilizing the wood ledger member.
Using either the wood ledger or the bond beam is considered acceptable.

9.1.8 In-Plane Deflection

Deflection of the end wall (short wall) has two components as illustrated in Figure 9.1-23.
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Figure 9.1-23 In-plane deflection of end wall (1.0 ft = 0.3048 m).

As obtained from the RISA 2D analysis of the piers, 4, = 0.047 in.:

aVL
A, =22
2 zAG

where « is the form factor equal to 6/5 and
G =E,/2(1 + p) =1500 ksi / 2(1 + 0.15) = 652 ksi
A = A, = Area of face shells + area of grouted cells
= (100 ft x 12 in./ft x 2 x 1.50 in.?) +(50)(8 in.)(8.63 in.) = 7,050 in.?

Therefore:

_ (6) (67.15)(5.8x12) (ej (116.9)(16x12)
2~ \5) (7,050)(652) '\ 5) (7,050)(652)

and,

Ao = C4(0.047 + 0.007) = 3.5(0.054 in.) =0.19 in. < 3.36 in.
(3.36 =0.01h, = 0.01h,) (Provisions Sec. 11.5.4)

=0.0013 + 0.0059 = 0.007 in.

Note that the drift limits for masonry structures are smaller than for other types of structure. It is possible
to interpret Provisions Table 5.2.8 [Table 4.5-1] to give a limit of 0.007h, for this structure but that limit
also is easily satisfied. The real displacement in this structure is in the roof diaphragm; see Sec. 10.2.
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9.2 FIVE-STORY MASONRY RESIDENTIAL BUILDINGS IN BIRMINGHAM,
ALABAMA; NEW YORK, NEW YORK; AND LOS ANGELES, CALIFORNIA

9.2.1 Building Description

In plan, this five-story residential building has bearing walls at 24 ft on center (see Figures 9.2-1 and 9.2-
2). All structural walls are of 8-in.-thick concrete masonry units (CMU). The floor is of 8-in.-thick
hollow core precast, prestressed concrete planks. To demonstrate the incremental seismic requirements
for masonry structures, the building is partially designed for four locations: two sites in Birmingham,
Alabama; a site in New York, New York; and a site in Los Angeles, California. The two sites in
Birmingham have been selected to illustrate the influence of different soil profiles at the same location.
The building is designed for Site Classes C and E in Birmingham. The building falls in Seismic Design
Categories B and D in these locations, respectively. For Site Class D soils, the building falls in Seismic
Design Categories C and D for New York and Los Angeles, respectively.

[Note that the method for assigning seismic design category for short period buildings has been revised in
the 2003 Provisions. If the fundamental period, T,, is less than 0.8T,, the period used to determine drift is
less than T, and the base shear is computed using 2003 Provisions Eq 5.2-2, then seismic design category
is assigned using just 2003 Provisions Table 1.4-1 (rather than the greater of 2003 Provisions Tables 1.4-
1 and 1.4-2). This change results in the Birmingham Site Class E building being assigned to Seismic
Design Category C instead of D. The changes to this example based on the revised seismic design
category are not noted in the remainder of the example. The New York building provides an example of
what the Seismic Design Category C requirements would be for the Birmingham Site Class E building.]

®.. 0.0.0.0. 0
oo 1

1 AN
Eé N | 8" concrete
| masonry wall

= L

% e
-
A6-0 — L Prestressed -7
BE hollow core ™
T slabs

© ®
240" 240" 240"
—
il

152'-0"

Figure 9.2-1 Typical floor plan (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).
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Figure 9.2-2 Building elevation (1.0 in = 25.4 mm, 1.0 ft = 0.3048 m).

For the New York and both Birmingham sites, it is assumed that shear friction reinforcement in the joints
of the diaphragm planks is sufficient to resist seismic forces, so no topping is used. For the Los Angeles
site, a cast-in-place 2 Y2-in.-thick reinforced lightweight concrete topping is applied to all floors. The
structure is free of irregularities both in plan and elevation. The Provisions, by reference to ACI 318,
requires reinforced cast-in-place toppings as diaphragms in Seismic Design Category D and higher. Thus,
the Birmingham example in Site Class E would require a topping, although that is not included in this
example.

Provisions Chapter 9 has an appendix (intended for trial use and feedback) for the design of untopped
precast units as diaphragms. The design of an untopped diaphragm for Seismic Design Categories A, B,
and C is not explicitly addressed in ACI 318. The designs of both untopped and topped diaphragms for
these buildings are described in Chapter 7 of this volume using ACI 318 for the topped diaphragm in the
Los Angeles building and using the appendix to Provisions Chapter 9 for untopped diaphragms in the
New York building. It is assumed here that the diaphragm for the Birmingham 2 example would be
similar to the New York example, and the extra weight of the Birmingham 2 topping is not included in the
illustration here.

No foundations are designed in this example. However, for the purpose of determining the site class
coefficient (Provisions Sec. 4.1.2.1 [Sec. 3.5]), a stiff soil profile with standard penetration test results of
15 <N <50 isassumed for Los Angeles and New York sites resulting in a Site Class D for these two
locations. For Birmingham, however, one site has soft rock with N > 50 and the other has soft clay with
N < 15, which results in Site Classes C and E, respectively. The foundation systems are assumed to be
able to carry the superstructure loads including the overturning moments.

The masonry walls in two perpendicular directions act as bearing and shear walls with different levels of
axial loads. The geometry of the building in plan and elevation results in nearly equal lateral resistance in
both directions. The walls are constructed of CMU and are typically minimally reinforced in all
locations. The walls are assumed to act as columns in their planes. Figure 9.2-3 illustrates the wall
layout.
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Figure 9.2-3 Plan of walls (1.0 ft = 0.3048 m).

The floors serve as horizontal diaphragms distributing the seismic forces to the walls and are assumed to
be stiff enough to be considered rigid. There is little information about the stiffness of untopped precast
diaphragms. The design procedure in the appendix to Provisions Chapter 9 results in a diaphragm
intended to remain below the elastic limit until the walls reach an upper bound estimate of strength,
therefore it appears that the assumption is reasonable.

Material properties are as follows:

The compressive strength of masonry, f7,, is taken as 2,000 psi and the steel reinforcement has a yield
limit of 60 ksi.

The design snow load (on an exposed flat roof) is taken as 20 psf for New York; design for snow does not
control the roof design in the other locations.

This example covers the following aspects of a seismic design:

1. Determining the equivalent lateral forces,
2. Design of selected masonry shear walls for their in-plane loads, and
3. Computation of drifts.

See Chapter 7 of this volume for the design and detailing of untopped and topped precast diaphragms.

9.2.2 Design Requirements
9.2.2.1 Provisions Parameters

The basic parameters affecting the design and detailing of the buildings are shown in Table 9.2-1.
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[The 2003 Provisions have adopted the 2002 USGS probabilistic seismic hazard maps, and the maps have
been added to the body of the 2003 Provisions as figures in Chapter 3 (instead of the previously used
separate map package).]

9.2.2.2 Structural Design Considerations

The floors act as horizontal diaphragms and the walls parallel to the motion act as shear walls for all four
buildings

The system is categorized as a bearing wall system (Provisions Sec. 5.2.2[Sec. 4.3]). For Seismic Design
Category D, the bearing wall system has a height limit of 160 ft and must comply with the requirements
for special reinforced masonry shear walls (Provisions Sec. 11.11.5[Sec. 11.2.1.5]). Note that the
structural system is one of uncoupled shear walls. Crossing beams over the interior doorways (their
design is not included in this example) will need to continue to support the gravity loads from the deck
slabs above during the earthquake, but are not designed to provide coupling between the shear walls.

The building is symmetric and appears to be regular both in plan and elevation. It will be shown,
however, that the building is actually torsionally irregular. Provisions Table 5.2.5 [Table 4.4-1] permits
use of the equivalent lateral force (ELF) procedure in accordance with Provisions Sec. 5.4 [Sec. 5.2] for
Birmingham 1 and New York City (Seismic Design Categories B and C). By the same table, the
Category D buildings must use a dynamic analysis for design. For this particular building arrangement,
the modal response spectrum analysis does not identify any particular effect of the torsional irregularity,
as will be illustrated.

Table 9.2-1 Design Parameters

Design Parameter Value for Value for Value for Value for
Birmingham 1 Birmingham 2 New York Los Angeles
S, (Map 1) [Figure 0.3 0.3 0.4 15
3.3-1]
S, (Map 2) [Figure 0.12 0.12 0.09 0.6
3.3-2]
Site Class C E D D
F, 1.2 2.34 1.48 1
F, 1.68 3.44 2.4 15
Sus = F.S, 0.36 0.7 0.59 15
Sy =F.S; 0.2 0.41 0.22 0.9
Sps = 2/3 Sys 0.24 0.47 0.39 1
Sp1 = 2/3 Sy, 0.13 0.28 0.14 0.6
Seismic Design B D C D
Category
Masonry Wall Type Ordinary Special Intermediate Special Reinforced
Reinforced Reinforced Reinforced
Provisions Design Coefficients (Table 5.2.2 [4.3-1])
R 2.0 35 2.5 35

9-45



FEMA 451, NEHRP Recommended Provisions: Design Examples

Design Parameter Value for Value for Value for Value for
Birmingham 1 Birmingham 2 New York Los Angeles
Q, 2.5 2.5 25 2.5
Cq 1.75 3.5 2.25 3.5
IBC Design Coefficients (presented for comparison with Provisions coefficients)
R 2.5 5.0 3.5 5.0
Q, 2.5 2.5 25 2.5
Cq 1.75 3.5 2.25 3.5

The orthogonal effect (Provisions Sec. 5.2.5.2, Item a [Sec. 4.4.2]) applies to structures assigned to
Seismic Design Categories C and D (all of the example buildings except for Birmingham 1). However,
the arrangement of this building is not particularly susceptible to orthogonal effects. This is because the
stresses developed under out-of-plane loading for short-height walls (story clear height is 8 ft) are low
and, their contribution to orthogonal effects is minimal.

The walls are all solid and there are no significant discontinuities, as defined by Provisions Sec. 5.2.6.2.3
[Sec. 4.3.2.3], in the vertical elements of the seismic-force-resisting system.

Ignoring the short walls at stairs and elevators, there are eight shear walls in each direction, therefore, the
system appears to have adequate redundancy (Provisions Sec. 5.2.6.2.4 [Sec. 4.3.3]). The reliability
factor, however, will be computed. [See Sec. 9.2.3.1 for changes to the reliability factor.]

Tie and continuity requirements (Provisions Sec. 5.2.6.1.2 [Sec. 4.6]) must be addressed when detailing
connections between floors and walls (see Chapter 7 of this volume).

Nonstructural elements (Provisions Chapter 14 [Chapter 6]) are not considered in this example.

Collector elements are required in the diaphragm for longitudinal response (Provisions Sec. 5.2.6.2.5
[Sec. 4.6]). Rebar in the longitudinal direction, spliced into bond beams, will be used for this purpose
(see Chapter 7 of this volume).

Diaphragms must be designed for the required forces (Provisions Sec. 5.2.6.2.6 [Sec. 4.6]).

The bearing walls must be designed for the required force perpendicular to their plane (Provisions Sec.
5.2.6.2.7 [Sec. 4.6.1.3]).

Each wall is a vertical cantilever; there are no coupling beams. The walls are classified as masonry
cantilever shear wall structures in Provisions Table 5.2.8 [Table 4.5-1], which limits interstory drift to
0.01 times the story height. Provisions Sec.11.5.4.1.1 also limits drift to 0.01 times the wall height for
such a structure.

[The deflection limits have been removed from Chapter 11 of the 2003 Provisions because they were
redundant with the general deflection limits. Based on ACI 530 Sec. 1.13.3.2, the maximum drift for all
masonry structures is 0.007 times the story height. Thus, there appears to be a conflict between ACI 530
and 2003 Provisions Table 4.5-1.]
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Vertical accelerations must be considered for the prestressed slabs in Seismic Design Category D
(Provisions Sec. 5.2.6.4.3 [Sec. 4.6.3.1]); refer to Chapter 7 of this volume. The evaluation of such
components involves the earthquake effect determined using Provisions Eq. 5.2.7-1 [4.2-1] and 5.2.7-2
[4.2-1]. The important load is the vertical effect (-0.2S,4D), which reduces the effect of dead loads.
Because the system is prestressed, application of this load might lead to tension where there would
otherwise be no reinforcement. The reinforcement within the topping will control this effect. Refer to
Sec. 7.1 of this volume for the design of precast, prestressed slabs and topping.

Design, detailing, and structural component effects are presented in the chapters of the Provisions that are
relevant to the materials used.

9.2.3 Load Combinations
The basic load combinations (Provisions Sec. 5.2.7 [Sec. 4.2.2]) are the same as those in ASCE 7 (and are
similar to those in the IBC). The seismic load effect, E, is defined by Provisions Eq. 5.2.7-1 [4.2-1] and
5.2.7-2 [4.2-2] as:

E = pQg +0.2S,D
9.2.3.1 Reliability Factor

Note that p is a multiplier on design force effects and applies only to the in-plane direction of the shear
walls. For structures in Seismic Design Categories A, B and C, p= 1.0 (Provisions Sec. 5.2.4.1 [Sec.
4.3.3.1]). For structures in Seismic Design Category D, pis determined per Provisions Sec. 5.2.4.2 [Sec.
4.3.3.2].

For the transverse direction, ignoring accidental torsion:

rmax — Vwall E ;(EJ(EJ = 0_038
" Vstory IW 8/\33

P 20

o JA  0.03810,044

and,

Since the computed p < 1.0 use p = 1.0 for the transverse direction. Accidental torsion does not change

Fmax, €nough to change this conclusion.

Based on similar calculations for the longitudinal direction, p is determined to be 1.0.

[The redundancy requirements have been substantially changed in the 2003 Provisions. For structures
assigned to Seismic Design Categories B and C, p = 1.0 in all cases. For a shear wall building assigned to
Seismic Design Category D, p = 1.0 as long as it can be shown that failure of a shear wall with height-to-
length-ratio greater than 1.0 would not result in more than a 33 percent reduction in story strength or
create an extreme torsional irregularity. The intent is that the aspect ratio is based on story height, not
total height. Therefore, the redundancy factor would not have to be investigated (p = 1.0) for the
structure(s) assigned to Seismic Design Category D.]
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9.2.3.2 Combination of Load Effects

The seismic load effect, E, determined for each of the buildings is:

Birmingham 1 E = (1.0)Q¢ £ (0.2)(0.24)D = Q¢ £ 0.05D
Birmingham 2 E = (1.0)Q £ (0.2)(0.47)D = Q¢ £ 0.09D
New York E = (1.0)Q¢ £ (0.2)(0.39)D = Q¢ + 0.08D
Los Angeles E = (1.0)Q: £ (0.2)(1.00)D = Q £ 0.20D

The applicable load combinations from ASCE 7 are:
1.2D + 1.0E + 0.5L + 0.2S

when the effects of gravity and seismic loads are additive and
0.9D + 1.0E + 1.6H

when the effects of gravity and seismic loads are counteractive. (H is the effect of lateral pressures of soil
and water in soil.)

Load effect H does not apply for this design, and the snow load effect, S, exceeds the minimum roof live
load only at the building in New York. However, even for New York, the snow load effect is only used

for combinations of gravity loading. Consideration of snow loads is not required in the effective seismic
weight, W, of the structure when the design snow load does not exceed 30 psf (Provisions Sec. 5.3 [Sec.

5.2.1)).

The basic load combinations are combined with E as determined above, and the load combinations
representing the extreme cases are:

Birmingham 1 1.25D + Qg +0.5L
0.85D - Q¢

Birmingham 2 1.29D + Qg +0.5L
0.81D - Q¢

New York 1.28D + Qg +0.5L +0.2S
0.82D - Q¢

Los Angeles 1.40D + Qg +0.5L
0.70D - Q¢

These combinations are for the in-plane direction. Load combinations for the out-of-plane direction are
similar except that the reliability coefficient (1.0 in all cases for in-plane loading) is not applicable.

It is worth noting that there is an inconsistency in the treatment of snow loads combined with seismic
loads. IBC Sec. 1605.3 clearly deletes the snow term from the ASD combinations where the design snow
load does not exceed 30 psf. There is no similar provision for the strength load combinations in the IBC
for reference standard, ASCE 7.

[The strength design load combinations in the 2003 IBC do have a similar exemption for snow loads, but
ASCE 7-02 load combinations do not.]
9.2.4 Seismic Design for Birmingham 1
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9.2.4.1 Birmingham 1 Weights

Use 67 psf for 8-in.-thick, normal weight hollow core plank plus the nonmasonry partitions. This site is
assigned to Seismic Design Category B, and the walls will be designed as ordinary reinforced masonry
shear walls (Provisions Sec. 11.11.3 [Sec. 4.2.1.3]), which do not require prescriptive seismic
reinforcement. However, both ACI 530 and IBC 2106.1.1.2 stipulate that ordinary reinforced masonry
shear walls have a minimum of vertical #4 bars at 120 in. on center. [By reference to ACI 530, the 2003
Provisions (and 2003 IBC) do have prescriptive seismic reinforcement requirements for ordinary
reinforced masonry shear walls. Refer to ACI 530 Sec. 1.13.2.2.3.] Given the length of the walls,
vertical reinforcement of #4 bars at 8 ft on center works well for detailing reasons and will be used here.
For this example, 45 psf will be assumed for the 8-in.-thick lightweight CMU walls. The 45 psf value
includes grouted cells and bond beams in the course just below the floor planks.

Story weight, w;, is computed as follows:

For the roof:
Roof slab (plus roofing) = (67 psf) (152 ft)(72 ft) = 733 kips
Walls = (45 psf)(589 ft)(8.67 ft/2) + (45 psf)(4)(36 ft)(2 ft) = 128 Kkips
Total =861 Kkips

Note that there is a 2-ft-high masonry parapet on four walls and the total length of masonry wall,
including the short walls, is 589 ft.

For a typical floor:
Slab (plus partitions) =733 kips
Walls = (45 psf)(589 ft)(8.67 ft) = 230 kips
Total =963 kips

Total effective seismic weight, W = 861 + (4)(963) = 4,713 Kips

This total excludes the lower half of the first story walls, which do not contribute to seismic loads that are
imposed on CMU shear walls.

9.2.4.2 Birmingham 1 Base Shear Calculation

The seismic response coefficient, C,, is computed using Provisions Sec. 5.4.1.1 [Sec. 5.2.1.1].
Per Provisions Eq. 5.4.1.1-1 [Eq. 5.2-2]:

c Se 02 o
R/l 21

The value of C, need not be greater than Provisions Eq. 5.4.1.1-2 [Eq. 5.2-3]:

Sp, 013

*TT(R/) 0338(21) 0192

T is the fundamental period of the building approximated per Provisions Eq. 5.4.2.1-1[Eq. 5.2-6] as:

T, =C,h’ =(0.02)(43.33*) = 0.338 sec
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where C, = 0.02 and x = 0.75 are from Provisions Table 5.4.2.1 [Table 5.2-2].

The value for C, is taken as 0.12 (the lesser of the two computed values). This value is still larger than
the minimum specified in Provisions Eq. 5.4.1.1-3:

C. = 0.0441S,5 = (0.044)(1.0)(0.24) = 0 0.0106

[This minimum Cs value has been removed in the 2003 Provisions. In its place is a minimum Cs value
for long-period structures, which is not applicable to this example.]

The total seismic base shear is then calculated using Provisions Eg. 5.4.1 [Eq. 5.2-1]as:
V = CW = (0.12)(4,713) = 566 kips
9.2.4.3 Birmingham 1 Vertical Distribution of Seismic Forces
Provisions Sec. 5.4.4 [Sec. 5.2.3] stipulates the procedure for determining the portion of the total seismic

load assigned to each floor level. The story force, F,, is calculated using Provisions Eq. 5.4.3-1 [Eq. 5.2-
10] and 5.4.3.-2 [Eq. 5.2-11], respectively, as:

F,=C,V
and
w.h*
CVX: n . Xk
2 wh

i=1
For T =0.338 sec < 0.5 sec, k = 1.0.

The seismic design shear in any story is determined from Provisions Eq. 5.4.4[Eqg. 5.2-12]:

n
Vx:_z I:i
1I=X
The story overturning moment is computed from Provisions Eq. 5.4.5[Eq. 5.2-14]:

M, =3 F(h-h)

The application of these equations for this building is shown in Table 9.2-2.
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Table 9.2-2 Birmingham 1 Seismic Forces and Moments by Level
Level W, h w,h* Cu F, \Y, M

(x) (kips) (ft) (ft-kips) (kips)  (kips)  (ft-kips)
5 861 4334 37,310 0.3089 175  18e+14 1,515
4 963 3467 33,384 0.2764 156 4,385
3 963 2600 25038 0.2073 117 8,272
2 963  17.33 16,692 0.1382 78 12,836
1 963 8.67 8,346 0.0691 39 17,739
y 4715 120,770 1.0000 566

1.0 kips = 4.45 kN, 1.0 ft = 0.3048 m.

A note regarding locations of V and M: the vertical weight at the roof (5" level), which includes the
upper half of the wall above the 5" floor (4™ level), produces the shear V applied at the 5™ level. That
shear in turn produces the moment applied at the top of the 4™ level. Resisting this moment is the rebar in
the wall combined with the wall weight above the 4" level. Note that the story overturning moment is
applied to the level below the level thatreceives the story shear. This is illustrated in Figure 9.2-4.

Proof Vroof
\ 4

7 i h ¥ \Ms 15

’_7 / 7/ 7/ 7/
Contribution to weight Dynamic response to Moment at fifth floor P of roof slab plus
concentrated at roof. ground motion results M=V . h entire height of

: - = ¢ ght of wall
Only upper half of walls in lateral load applied 5 “roo :
. helps to resist M.
out of plane contribute, at roof.

but upper half of all walls
used for convenience.

v
S —
, 2 ,
—
v ) g
A A
f—
A r\ A
y
lovd > 2 7 4
Contribution to weight Dynamic response to Moments are Weight of entire building
concentrated at all stories. round motion results from = Vh above ground floor
in lateral load at all stories. helps to resist moments.

Figure 9.2-4 Location of moments due to story shears.
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9.2.4.4 Birmingham 1 Horizontal Distribution of Forces

The wall lengths are shown in Figure 9.2-3. The initial grouting pattern is basically the same for walls A,
B, and C. Because of a low relative stiffness, the effects Walls D, E, and F are ignored in this analysis.
Walls A, B, and C are so nearly the same length that their stiffnesses will be assumed to be the same for
this example.

Torsion is considered according to Provisions Sec. 5.4.4[Sec. 5.2.4]. For a symmetric plan, as in this
example, the only torsion to be considered is the accidental torsion, M,,, caused by an assumed
eccentricity of the mass each way from its actual location by a distance equal to 5 percent of the
dimension of the structure perpendicular to the direction of the applied loads.

Dynamic amplification of the torsion need not be considered for Seismic Design Category B per
Provisions Sec. 5.4.4.3 [Sec. 5.2.4.3].

For this example, the building will be analyzed in the transverse direction only. The evaluation of Wall D
is selected for this example. The rigid diaphragm distributes the lateral forces into walls in both
directions. Two components of force must be considered: direct shear and shear induced by torsion.

The direct shear force carried by Wall D is one-eighth of the total story shear (eight equal walls). The
torsional moment per Provisions Sec. 5.4.4.2 [Sec. 5.2.4.2] is:

M,, = 0.05bV, =(0.05)(152 ft)V, = 7.6V,

The torsional force per wall, V, is:

v - MKd

"> Kd?
where K is the stiffness (rigidity) of each wall.

Because all the walls in this example are assumed to be equally stiff:

alg

where d is the distance from each wall to the center of twisting.
Y'd? = 4(36)% + 4(12)* + 4(36)* + 4(12)* = 11,520

The maximum torsional shear force in Wall D, therefore is:
V, = 7.6 V(36/11,520) = 0.0238V

Total shear in Wall D is:

V,

tot

=0.125V +0.0238V =0.149Vv

The total story shear and overturning moment may now be distributed to Wall D and the wall proportions
checked. The wall capacity will be checked before considering deflections.
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9.2.4.5 Birmingham 1 Transverse Wall (Wall D)

The strength or limit state design concept is used in the Provisions. This method was introduced in the
2002 edition of ACI 530, the basic reference standard for masonry design. Because strength design was
not in prior editions of ACI 530, strength design of masonry as defined in the Provisions is illustrated
here.

[The 2003 Provisions adopts by reference the ACI 530-02 provisions for strength design in masonry, and
the previous strength design section has been removed. This adoption does not result in significant
technical changes, and the references to the corresponding sections in ACI 530 are noted in the following
sections.]

9.2.4.5.1 Birmingham 1 Shear Strength

Provisions Sec. 11.7.2 [ACI 530, Sec. 3.1.3] states that the ultimate shear loads must be compared to the
design shear strength per Provisions Eq. 11.7.2.1:

Vy < @V,

The strength reduction factor, ¢, is 0.8 (Provisions Table 11.5.3, ACI 530 [See 3.1.4.3]). The design
shear strength, ¢V,, must exceed the shear corresponding to the development of 1.25 times the nominal
flexural strength of the member but need not exceed 2.5 times V, (Provisions Sec. 11.7.2.2 [ACI 530, Sec.
3.1.3]). The nominal shear strength, V,, is (Provisions Eq. 11.7.3.1-1 [ACI 530, Eq. 3-18]):

V,=V,+V,

The shear strength provided by masonry is (Provisions Eq. 11.7.3.2 [ACI 530, Eq. 3-21]):

V, :[4'0_1'75(%HA"\/T"; +0.25P

For grouted cells at 8 ft on center:
A,=(2x1.25in.x32.67 ftx 12in.) + (8 x 5.13 in.? x 5 cells) = 1,185 in.?

The shear strength provided by reinforcement is given by Provisions Eq. 11.7.3.3 [ACI 530, Sec.
3.2.4.1.2.2] as:

v, = o.5(ij Fd,
S
The wall will have a bond beam with two #4 bars at each story to bear the precast floor planks and wire
joint reinforcement at alternating courses. Common joint reinforcement with 9 gauge wires at each face
shell will be used; each wire has a cross-sectional area of 0.017 in.> With six courses of joint
reinforcement and two #4 bars, the total area per story is 0.60 in.? or 0.07 in.?/ft.

V, = 0.5(0.07 in.2/ft.)(60 ksi)(32.67 ft.) = 68.3 kips
The maximum nominal shear strength of the member (Wall D in this case) for M/Vd, > 1.00 (the

Provisions has a typographical error for the inequality sign) is given by Provisions Eq. 11.7.3.1-3 [ACI
530, Eq. 3-22]:
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V, (max) = 4,/ A

The coefficient 4 becomes 6 for M/Vd, < 0.25. Interpolation between yields the following:

V,, (max) = (667 - 2.67(\/';/' j)ﬁ“ A

The shear strength of Wall D, based on the equations listed above, is summarized in Table 9.2-3. Note
that V, and M, in this table are values from Table 9.2-2 multiplied by 0.149 (which represents the portion
of direct and torsional shear assigned to Wall D). P is the dead load of the roof or floor times the
tributary area for Wall D. (Note that there is a small load from the floor plank parallel to the wall.)

Table 9.2-3 Shear Strength Calculations for Birmingham 1 Wall D

Story V, M, M, /V.d 25V, P oV, oV, oV, oV, max
(Kips)  (ft-Kips) (Kips) (Kips) (Kips) (Kips) (Kips) (Kips)
5 26 225 0.265 65.0 41 158.1 54.6 212.7 252.7
4 49.3 652 0.405 123.3 89 157.3 54.6 211.9 236.9
3 66.7 1230 0.564 166.8 137 155.1 54.6 209.7 218.8
2 78.4 1910 0.746 196.0 184 151.0 54.6 205.6 198.3
1 84.2 2640 0.960 210.5 232 144.8 54.6 199.4 174.1

1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m.

V,, exceeds both ¢V, and ¢V, max at the first story. It would be feasible to add grouted cells in the first
story to remedy the deficiency. However, it will be shown following the flexural design that the shear to
develop 1.25 times the flexural capacity is 1.94(84.2 kips) = 163 kips, which is OK.

9.2.4.5.2 Birmingham 1 Axial and Flexural Strength

All the walls in this example are bearing shear walls since they support vertical loads as well as lateral
forces. In-plane calculations include:

1. Strength check and
2. Ductility check

9.2.4.5.2.1 Strength check

The wall demands, using the load combinations determined previously, are presented in Table 9.2-4 for
Wall D. In the table, Load Combination 1 is 1.25D + Qg + 0.5L and Load Combination 2 is 0.85D + Q.

Table 9.2-4 Demands for Birmingham 1 Wall D

Load Combination 1 Load Combination 2
Level Po P. P, M, P, M,
(Kips) (kips) (kips) (ft-kips) (kips) (ft-kips)

54321 4.2e+12 8172534  5.111518e+13 2.2565e+17 3.576116e+12 2.256521e+17
1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.

Strength at the bottom story (where P, V, and M are the greatest) will be examined. (For a real design, all
levels should be examined). The strength design will consider Load Combination 2 from Table 9.2-4 to
be the governing case because it has the same lateral load as Load Combination 1 but with lower values
of axial force.
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For the base of the shear walls:

Pumin = 197 Kips plus factored weight of lower % of 1% story wall = 197 + (0.85)(6.4) = 202 kips

Pu,.. = 307 + (1.25)(6.4) = 315 kips
M, = 2,640 ft-kips

Try one #4 bars in each end cell and a #4 bar at 8 ft on center for the interior cells. A ¢P, - ¢M, curve,
representing the wall strength envelope, will be developed and used to evaluate P, and M, determined
above. Three cases will be analyzed and their results will be used in plotting the ¢P, - #M, curve.

In accordance with Provisions Sec. 11.6.2.1 [ACI 530, Sec. 3.2.2], the strength of the section is reached
as the compressive strains in masonry reach their maximum usable value of 0.0025 for CMU. The force
equilibrium in the section is attained by assuming an equivalent rectangular stress block of 0.8f 7, over an
effective depth of 0.8c, where c is the distance of the neutral axis from the fibers of maximum
compressive strain. Stress in all steel bars is taken into account. The strains in the bars are proportional
to their distance from the neutral axis. For strains above yield, the stress is independent of strain and is
taken as equal to the specified yield strength F,. See to Figure 9.2-5 for strains and stresses for all three
cases selected.

Casel (P=0)

Assume all tension bars yield (which can be verified later):

Ty = (0.20 in.%)(60 ksi) = 12.0 kips
Ty, = (0.20 in.%)(60 ksi) = 12.0 kips each

Because the neutral axis is close to the compression end of the wall, compression steel, C,, will be
neglected (it would make little difference anyway) for Case 1:

Xk, = 0:
C,=2T
C,, =(4)(12.0) = 48.0 Kkips

The compression block will be entirely within the first grouted cell:

C,=0.8f_ab

48.0 = (0.8)(2.0 ksi)a(7.625 in)
a=39in.=0.33 ft
c=4a/0.8=0.33/0.8 =0.41 ft

Thus, the neutral axis is determined to be 0.41 ft from the compression end on the wall, which is within
the first grouted cell:

¥M,, = 0: (The math will be a little easier if moments are taken about the wall centerline.)
M, = (16.33-0.33/2 ft)C,, + (16.00 ft) T, + (0.00 ft)=T,, + (0.00 ft)P,
M, = (16.17)(48.0) + (16.00)(12) + 0 + 0 = 968 ft-kips

#M, = (0.85)(968) = 823 ft-kips
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Figure 9.2-5 Strength of Birmingham 1 Wall D (1.0 ft = 0.3048 m). Strain diagram superimposed on strength

diagram for the three cases. The low force in the reinforcement is neglected in the calculations.
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To summarize, Case 1:

#P, =0 kips
¢M,, = 823 ft-Kips

Case 2 (Intermediate case between P =0 and P,,))

Let ¢ = 8.00 ft.(this is an arbitrary selection). Thus, the neutral axis is defined at 8 ft from the
compression end of the wall:

a = 0.8¢ = (0.8)(8.00) = 6.40 ft

Co shens = 0.8f7 (2 shells)(1.25 in. / shell)(6.40 ft. (12 in./ft) = 307.2 kips
Crcans = 0.8 £°,,(41 in.?) = 65.6 kips
Cm tot= Cm shells + Cm cells = 3072 + 656 = 373 klpS

C, = (0.20 in.%)(60 ksi) = 12 kips (Compression steel is included in this case)
Ty = (0.20 in.%)(60 ksi) = 12 kips
T, = (0.20 in.%)(60 ksi) = 12 kips each

Some authorities would not consider the compression resistance of reinforcing steel that is not enclosed
within ties. The Provisions clearly allows inclusion of compression in the reinforcement.

ZF,=0:

Cm tot + Csl = I:’n + Tsl + ZTsz
373+ 12 =P, + (3)(12.0)

P, = 349 kips

#P, = (0.85)(349) = 297 kips

M, =0:
M, = (13.13 ft)C,, g + (16.00 ft)(C,, .en + Cs;) + (16.00 )T, + (8.00 ft) T,
M, = (13.13)(307.2) + (16.00)(65.6 + 12) + (16.00)(12.0) + (8.00 ft)(12.0) = 5,563 ft-Kkips
#M,, = (0.85)(5,563) = 4,729 ft-kips
To summarize Case 2:

P, =297 kips
oM, = 4,729 ft-Kips

Case 3 (Balanced case)

In this case, T just reaches its yield stress:

. 0.0025
(0.0025+0.00207)

a = 0.8c = (0.8)(17.69) = 14.15 ft

C., are = 0.8F (2 shells)(1.25 in. / shell)(14.15 ft.) (12 in./ft) = 679.2 kips

Cr cens =0.8f7 (2 cells)(41 in.%/cell) = 131.2 Kips
Cm tot = Cm shells + Cm cells = 8104 klpS

}(32.33 ft) = 17.69 ft

C, = (0.20 in.%)(60 ksi) = 12.0 Kips
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Ty =(0.20 in.%)(60 ksi) = 12.0 kips
C,, and T, are neglected because they are small, constituting less than 2 percent of the total P,..

IF,=0:

P,=2C-XT

P,=Chtt+Cq-Ty =810.4+12.0-12.0 = 810.4 kips
#P, = (0.85)(810.4) = 689 kips

M, =0:

Mn =9.26 Cm shells + ((16 + 8)/2) Cm cells +16 Csl +8 TSZ +16 Tsl

M, = (9.26)(679.2) + (12.0)(131.2) + (16.00)(12.0) + (ignore small T.,) + (16.0)(12.0) = 8,248 kips
#M, = (0.85)(8,248) = 7,011 ft-kips

To summarize Case 3:

P, = 689 kips
¢M,, = 7,011 ft-kips

Using the results from the three cases above, the ¢P, - ¢M, curve shown in Figure 9.2-6 is plotted.
Although the portion of the ¢P, - ¢M, curve above the balanced failure point could be determined, it is
not necessary here. Thus, only the portion of the curve below the balance point will be examined. This is
the region of high moment capacity.

Similar to reinforced concrete beam-columns, in-plane compression failure of the cantilevered shear wall
will occur if P, > P, and tension failure will occur if P, < P,,. A ductile failure mode is essential to the
design, so the portion of the curve above the “balance point” is not useable.

As can be seen, the points for P, i,, M, and P, ..., are within the ¢P, - ¢M, envelope; thus, the strength
design is acceptable with the minimum reinforcement. Figure 9.2-6 shows two schemes for determining
the design flexural resistance for a given axial load. One interpolates along the straight line between pure
bending and the balanced load. The second makes use of intermediate points for interpolation. This
particular example illustrates that there can be a significant difference in the interpolated moment capacity
between the two schemes for axial loads midway between the balanced load and pure bending.

For the purpose of shear design, the value of M, at the design axial load is necessary. Interpolating
between the intermediate point and the P = 0 point for P = 202 kips yields ¢M, = 3,480 ft-kip. Thus, the
factor on shear to represent development of 125 percent of flexural capacity is:

105Mu/d _ ) /534807085 _, o,
M, 2640
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1,000 kips —

OPn

My, = 2640 ft-kips

500 Kips —

Py max =
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/4\¥_ﬁ'\ﬂg)

Balance
(7011 ft-kips, 689 kips)
/
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Simplified $Pp - dMp curve

Intermediate
(4729 ft-kips, 297 kips)

P=0

5,000 ft-kips

(823 ft-kips, O kips)

Figure 9.2-6 ¢P,, - M, diagram for Birmingham 1 Wall D (1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m).

9.2.4.5.2.2 Ductility check

10,000 ft-kips
dMn

Provisions Sec.11.6.2.2 [ACI 530, Sec. 3.2.3.5] requires that the critical strain condition correspond to a
strain in the extreme tension reinforcement equal to 5 times the strain associated with F,. Note that this
calculation uses unfactored gravity axial loads (Provisions Sec.11.6.2.2 [ACI 530, Sec. 3.2.3.5]). Refer to
Figure 9.2-5 and the following calculations which illustrate this using loads at the bottom story (highest
axial loads). Calculations for other stories are not presented in this example.
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Figure 9.2-7 Ductility check for Birmingham 1 Wall D (1.0 ft = 0.3048 m, 1.0 ksi = 6.89 MPa).

For Level 1 (bottom story), the unfactored axial loads are:

P =232 kips + weight of half of first story wall = 232 + 6.4 = 238.4 Kips

Refer to Figure 9.2-7:

C,=0.8f (ab+ A, = (1.6 ksi)[(5.06 ft. x 12 in./ft.)(2.5 in.) + 41 in.?] = 308.5 kips (same as above)

Cyy = F,A, = (60 ksi)(0.20 in.?) = 12.0 kips
T, =T, =T = (1.25 x 60 ksi)(0.20 in.?) = 15 Kips
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T, = (23.29 ksi)(0.20 in.?) = 4.6 kips

YC>YP+T

Cm+Csl>P+Tsl+T52+T53+Ts4

3085+12.0>2384+15+15+15+4.6

320.5 kips > 288 kips OK

There is more compression capacity than required so ductile failure condition governs.

[The ductility (maximum reinforcement) requirements in ACI 530 are similar to those in the 2000
Provisions. However, the 2003 Provisions also modify some of the ACI 530 requirements, including
critical strain in extreme tensile reinforcement (4 times yield) and axial force to consider when performing
the ductility check (factored loads).]

9.2.4.6 Birmingham 1 Deflections

The calculations for deflection involve many variables and assumptions, and it must be recognized that
any calculation of deflection is approximate at best.

Deflections are to be calculated and compared with the prescribed limits set forth by Provisions Table
5.2.8. Deformation requirements for masonry structures are given in Provisions Sec. 11.5.4 [Table 4.5-1].

The following procedure will be used for calculating deflections:

1. For each story, compare M, (from Table 9.2-3) to M., = S(f, + P, i, / A) to determine if wall will
crack.

2. If M, < M,, then use cracked moment of inertia and Provisions Eq. 11.5.4.3.

3. If M, >M,, then use I, = I, for moment of inertia of wall.

4. Compute deflection for each level.

Other approximations can be used such as the cubic interpolation formula given in Provisions 11.5.4.3,
but that equation was derived for reinforced concrete members acting as single span beams, not
cantilevers. In the authors’ opinion, all these approximations pale in comparison to the approximation of
nonlinear deformation using C,.

For the Birmingham 1 building:

b, = effective masonry wall width

b, = [(2 x 1.25in.)(32.67 ft x 12) + (5 cells)(41 in.%/cell)]/(32.67 ft x 12) = 3.02 in.
S=b,I’/6 =(3.02)(32.67 x 12)%/6 = 77,434 in.?

f. =0.250 ksi

A=b,1=(3.02in.)(32.67 ft x 12) = 1,185 in.?

P, is calculated using 1.00D (see Table 9.2-4). 1.00D is considered to be a reasonable value for axial load
for this admittedly approximate analysis. If greater conservatism is desired, P, could be calculated using
0.85D.

9-61



FEMA 451, NEHRP Recommended Provisions: Design Examples

The results are shown in Table 9.2-5.

Table 9.2-5 Birmingham 1 Cracked Wall Determination

Level P”min M., M, Status
(Kips) (ft-Kips) (ft-Kips)
5 41 1836 225 uncracked
4 89 2098 652 uncracked
3 137 2359 1230 uncracked
2 185 2621 1910 uncracked
1 232 2877 2640 uncracked

1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.

For uncracked walls:
lh=14= bI}/12 = (3.02 in.)(32.67 x 12)* /12 =1.52 x 10" in.*

The calculation of ¢ will consider flexural and shear deflections. For the final determination of
deflection, a RISA-2D analysis was made. The result is summarized Table 9.2-6 below. Figure 9.2-8
illustrates the deflected shape of the wall.

> / /'85
2 g
/ / ‘
v |/ .
/ / 3
v, |/
> 3

/ 2

0 . . ° of j b,
|

Figure 9.2-8 Shear wall deflections.
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Table 9.2-6 Deflections, Birmingham 1
5f|exural 5shear 5total Cd 5total A

Level F [

eff
(Kips) (in.% (in.) (in.) (in.) (in.) (in.)
54321  26.0 1.52 x 10’ 0.108 0.054 0.162 0.284 0.061
23.2 1.52 x 10’ 0.078 0.049 0.128 0.223 0.066
17.4 1.52 x 10’ 0.049 0.041 0.090 0.157 0.066
11.7 1.52 x 10’ 0.024 0.028 0.052 0.091 0.054
5.8 1.52 x 10’ 0.007 0.015 0.021 0.037 0.037

1.0 kip =4.45 kN, 1.0 in. = 25.4 mm.

The maximum story drift occurs at Level 4 (Provisions Table 5.2.8 [Table 4.5-1]):
[The specific procedures for computing deflection of shear walls have been removed from the 2003
Provisions. ACI 530 does not contain the corresponding provisions in the text, however, the commentary
contains a discussion and equations that are similar to the procedures in the 2000 Provisions. However,
as indicated previously, there is a potential conflict between the drift limits in 2003 Provisions Table 4.5-
1and ACI 530 Sec. 1.13.3.2.]

A=0.066 in. < 1.04 in. =0.01h, OK
9.2.4.7 Birmingham 1 Out-of-Plane Forces

Provisions Sec 5.2.6.2.7 [Sec. 4-6.1.3] requires that the bearing walls be designed for out-of-plane loads
determined as follows:

w = 0.40SpsW, > 0.1W,
w = (0.40)(0.24)(45 psf) = 4.3 psf < 4.5 psf = 0.1W,

The calculated seismic load, w = 4.5 psf, is much less than wind pressure for exterior walls and is also
less than the 5 psf required by IBC Sec. 1607.13 for interior walls. Thus, seismic loads do not govern the
design of any of the walls for loading in the out-of-plane direction.

9.2.4.8 Birmingham 1 Orthogonal Effects

Orthogonal effects do not have to be considered for Seismic Design Category B (Provisions Sec. 5.2.5.2.1
[Sec. 4.4.2.1]).

This completes the design of Transverse Wall D.
9.2.4.9 Summary of Design for Birmingham 1 Wall D

8in. CMU
fr =2,000 psi

Reinforcement:
One vertical #4 bar at wall end cells

Vertical #4 bars at 8 ft on center at intermediate cells throughout
Bond beam with two - #4 bars at each story just below the floor and roof slabs
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Horizontal joint reinforcement at 16 inches

Grout at cells with reinforcement and at bond beams.

9.2.5 Seismic Design for New York City
This example focuses on differences from the design for the Birmingham 1 site.
9.2.5.1 New York City Weights

As before, use 67 psf for 8-in.-thick normal weight hollow core plank plus the nonmasonry partitions.
This site is assigned to Seismic Design Category C, and the walls will be designed as intermediate
reinforced masonry shear walls (Provisions Sec. 11.11.4 [Sec. 11.2.1.4] and Sec. 11.3.7 [Sec. 11.2.1.4]),
which requires prescriptive seismic reinforcement (Provisions Sec. 11.3.7.3 [ACI 530, Sec. 1.13.2.2.4]).
Intermediate reinforced masonry shear walls have a minimum of #4 bars at 4 ft on center. For this
example, 48 psf will be assumed for the 8-in. CMU walls. The 48 psf value includes grouted cells and
bond beams in the course just below the floor planks. In Seismic Design Category C, more of the
regularity requirement must be checked. It will be shown that this symmetric building with a seemingly
well distributed lateral force system is torsionally irregular by the Provisions.

Story weight, w;:
Roof
Roof slab (plus roofing) = (67 psf) (152 ft)(72 ft) =733 Kips
Walls = (48 psf)(589 ft)(8.67 ft/2) + (48 psf)(4)(36 ft)(2 ft) = 136 Kips
Total =869 Kkips
There is a 2-ft high masonry parapet on four walls and the total length of masonry wall is 589 ft.
Typical floor
Slab (plus partitions) =733 kips
Walls = (48 psf)(589 ft)(8.67 ft) = 245 kips
Total =978 kips
Total effective seismic weight, W = 869 + (4)(978) = 4781 Kips

This total excludes the lower half of the first story walls, which do not contribute to seismic loads that are
imposed on CMU shear walls.

9.2.5.2 New York City Base Shear Calculation

The seismic response coefficient, C,, is computed from Provisions Sec. 5.4.1.1 [Sec. 5.2-1.1]:

S,, 039

DS

oo =22 0 156
R/l 25/1

The value of C, need not be greater than:
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s, 014

D1

G- T(R/1) 0.338(2.5/1)

=0.166

where T is the same as found in Sec. 9.2.4.2.

The value for C, is taken as 0.156 (the lesser of the two computed values). This value is still larger than
the minimum specified in Provisions Eq. 5.3.2.1-3. Using Provisions Eq. 5.4.1.1-3:

C. = 0.044S,,1 = (0.044)(0.14)(1) = 0.00616

[This minimum Cs value has been removed in the 2003 Provisions. In its place is a minimum Cs value
for long-period structures, which is not applicable to this example.]

The total seismic base shear is then calculated using Provisions Eq. 5.4.1 [Eq. 5.2-1]:

V =CW = (0.156)(4,781) = 746 kips
9.2.5.3 New York City Vertical Distribution of Seismic Forces
The vertical distribution of seismic forces is determined in accordance with Provisions Sec. 5.4.4 [Sec.
5.2.3], which was described in Sec. 9.2.4.3. Note that for Provisions Eq. 5.4.3-2 [Eq. 5.2-11], k=1.0
since T = 0.338 sec (similar to the Birmingham 1 building).

The application of the Provisions equations for this building is shown in Table 9.2-7:

Table 9.2-7 New York City Seismic Forces and Moments by Level

Level W, h, whX C, F, Vy M,

() (kips) (ft) (ft-kips) (kips)  (kips) (ft-kips)
5 869 43.34 37,657 0.3076 229  2.3et+l4 1,985
4 978 34.67 33,904 0.2770 207 5,765
3 978 26.00 25,428 0.2077 155 10,889
2 978 17.33 16,949 0.1385 103 16,907
1 978 8.67 8,476 0.0692 52 23,370
Y 4,781 122,414 1.000 746

1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m, 1.0 ft-kip = 1.36 kN-m.

9.2.5.4 New York City Horizontal Distribution of Forces

The initial distribution is the same as Birmingham 1. See Sec. 9.2.4.4 and Figure 9.2-3 for wall
designations.

Total shear in Wall Type D:

V,, =0.125V +0.0238V = 0.149V

Provisions Sec.5.4.4.3 [Sec. 4.3.2.2] requires a check of torsional irregularity using the ratio of maximum
displacement at the end of the structure, including accidental torsion, to the average displacement of the
two ends of the building. For this simple and symmetric structure, the actual displacements do not have
to be computed to find the ratio. Relying on symmetry and the assumption of rigid diaphragm behavior
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used to distribute the forces, the ratio of the maximum displacement of Wall D to the average
displacement of the floor will be the same as the ratio of the wall shears with and without accidental
torsion:

Fo  0.149V
F,. 0.125V

ave

=1.190

This can be extrapolated to the end of the rigid diaphragm therefore:

Onax =1+ 0.190(Mj =1.402

O e 36
Provisions Table 5.2.3.2 [Table 4.3-2] defines a building as having a “Torsional Irregularity” if this ratio
exceeds 1.2 and as having an “Extreme Torsional Irregularity” if this ratio exceeds 1.4. Thus, an

important result of the Seismic Design Category C classification is that the total torsion must be amplified
by the factor:

2 2
A <[ Ona | (1402, oo
1.25,, 1.2

Therefore, the portion of the base shear for design of Wall D is now:

V, =0.125V +1.365(0.0238V) = 0.158V

which is a 5.8 percent increase from the fraction before considering torsional irregularity.

The total story shear and overturning moment may now be distributed to Wall D and the wall proportions
checked. The wall capacity will be checked before considering deflections.

9.2.5.5 New York City Transverse Wall D
The strength or limit state design concept is used in the Provisions.
9.2.5.5.1 New York City Shear Strength

Similar to the design for Birmingham 1, the shear wall design is governed by:

VU S¢\/I’l

V,=V,+V,
V. max=4t06,f A depending on M/Vd

v, = [4-1.75(%)} An\/a +0.25P
%

V, = o.5(%j f,d,

where
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A,=(2x1.25in. x32.67 ft x 12iin.) + (41 in.? x 9 cells) = 1,349 in.2

The shear strength of each Wall D, based on the aforementioned formulas and the strength reduction
factor of ¢ = 0.8 for shear from Provisions Table 11.5.3 [ACI 530, Sec. 3.1.4.3], is summarized in Table
9.2-8. Note that V, and M, in this table are values from Table 9.2-7 multiplied by 0.158 (representing the

portion of direct and indirect shear assigned to Wall D), and P is the dead load of the roof or floor times
the tributary area for Wall D.
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Table 9.2-8 New York City Shear Strength Calculation for Wall D

Story V, M, M /V.d 25V, P oV, A oV, oV, max
(kips)  (ft-kips) (Kips) (kips) (kips) (kips) (kips) (kips)
5 36.1 313 0.265 90.3 42 179.0 54.6 233.6 287.6
4 68.7 908 0.405 171.8 90 176.9 54.6 231.5 269.7
3 93.1 1715 0.564 232.8 139 173.2 54.6 227.8 249.2
2 109.3 2663 0.746 273.3 188 167.7 54.6 222.3 225.8
1 117.5 3680 0.959 293.8 236 159.3 54.6 213.9 198.4

1.0 kip = 4.45 kN, 1.0 ft-Kip = 1.36 KN-m.

V, exceeds ¢V, at the lower three stories. As will be shown at the conclusion of the design for flexure, the
factor to achieve 125 percent of the nominal flexural capacity is 1.58. This results in V, being less than
@V, at all stories. If that were not the case, it would be necessary to grout more cells to increase A, or to
increase ' ..

9.2.5.5.2 New York City Axial and Flexural Strength

The walls in this example are all load-bearing shear walls because they support vertical loads as well as
lateral forces. In-plane calculations include:

1. Strength check and
2. Ductility check.

9.2.5.5.2.1 Strength check

Wall demands, using load combinations determined previously, are presented in Table 9.2-9 for Wall D.
In the table, Load Combination 1 is 1.28D + Q. + 0.5L and Load Combination 2 is 0.82D + Q.

Table 9.2-9 Demands for New York City Wall D

Load Combination 1 Load Combination 2
Level Po P. P, M, P, M,
(Kips) (kips) (kips) (ft-kips) (kips) (ft-kips)

5 42 0 54 313 34 313
4 90 8 119 908 74 908
3 139 17 186 1715 114 1715
2 188 25 253 2663 154 2663
1 236 34 319 3680 194 3680

1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 kN-m.

As in Sec. 9.2.4.5.2, strength at the bottom story (where P, V, and M are the greatest) will be examined.
The strength design will consider Load Combination 2 from Table 9.2-9 to be the governing case because
it has the same lateral load as Load Combination 1 but with lower values of axial force. Refer to Fig. 9.2-
9 for notation and dimensions.
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Figure 9.2-9 Strength of New York City and Birmingham 2 Wall D. Strength diagrams are superimposed over the
strain diagrams for the two cases (intermediate case is not shown) (1.0 ft = 0.3048 m).

Examine the strength of Wall D at Level 1:

Purnin =0.82 D = 0.82 (236 + factored weight of lower half of first story wall)
=0.82(236 + 6.4) = 199 kips
Pumax =1.28 D+ 0.5L 319 =1.28(236 + 6.4) + 0.5(34) = 327 kips
M, = 3,680 ft-kips
Because intermediate reinforced masonry shear walls are used (Seismic Design Category C), vertical
reinforcement at is required at 4 ft on center in accordance with Provisions Sec. 11.3.7.3 [ACI 530, Sec.

1.13.2.2.4]. Therefore, try one #4 bar in each end cell and #4 bars at 4 ft on center at all intermediate
cells.
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The calculation procedure is similar to that for the Birmingham 1 building presented in Sec. 9.2.4.5.2.
The results of the calculations (not shown) for the New York building are summarized below.

P =0 case

P,=0
¢M,, = 1,475 ft-Kips

Intermediate case

c=8.0ft
P, =330 kips
¢M,, = 5,600 ft-kips

Balanced case

P, =807
¢M,, = 8,214 ft-kips

With the intermediate case, it is simple to use the three points to make two straight lines on the interaction
diagram. Use the simplified ¢P, - ¢M, curve shown in Figure 9.2-10. The straight line from pure
bending to the balanced point is conservative and can easily be used where the design is not as close to
the criterion. It is the nature of lightly reinforced and lightly loaded masonry walls that the intermediate
point is frequently useful.

Use one #4 bar in each end cell and one #4 bar at 4 ft on center throughout the remainder of the wall.

As shown in the design for Birmingham 1,for the purpose of shear design, the value of pM, at the design
axial load is necessary. Interpolating between the intermediate point and the P = 0 point for P = 199 Kips
yields oM, = 3,960 ft-kip. Thus, the factor on shear to represent development of 125 percent of flexural
capacity is:

M, ¢
125788 - 105
M, 3680

3960/0.85
—F o~ =158
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Figure 9.2-10 ¢P,, - ¢M;, Diagram for New York City and Birmingham 2 Wall D (1.0 kip = 4.45 kN, 1.0 ft-kip =

1.36 kN-m).

9.2.5.5.2.2 Ductility check

Refer to Sec. 9.2.4.5.2, Item 2, for explanation [see Sec. 9.2.4.5.2 for discussion of revisions to the
ductility requirements in the 2003 Provisions.]. For Level 1 (bottom story), the unfactored loads are:

P = 236 + weight of lower % of first story wall = 236 + 6.4 = 242.4 kips

M = 3,483 ft-kips

Cm =038 fm' [(a)(b) + Acells]

where b = face shells = (2 x 1.25in.) and A, =41 in.?
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C,, = (1.6 ksi)[(5.03 ft x 12)(2.5 in.) + (2)(41)] = 372.6 kips

C, = F,A, = (60 ksi)(0.20 in.?) = 12 kips

C,, = (22.6 ksi)(0.20 in.?) = 4.5 kips
Ty=T,=Ty=T,=Ts=(75ksi)(0.20 in.?) = 15 kips
T = (69.6 ksi)(0.20 in.?) = 13.9 kips

To= (23.5 ksi)(0.20 sqg. in.) = 4.7 kips

YC>YP+T
CrtCut+tCu>P+ T +To+ T+ Ty+ T+ T+ Ty
372.6 +12.0 +4.5> 2425+ 5(15) + 13.9 + 4.7

389 kips > 336 kips

OK
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Figure 9.2-11 Ductility check for New York City and Birmingham 2 Wall D (1.0 ft = 0.3048 m, 1.0 ksi

= 6.89 MPa).

9.2.5.6 New York Deflections

Refer to 9.2.4.6 for more explanation [see Sec. 9.2.4.6 for discussion of revisions to the deflection
computations and requirements in the 2003 Provisions, as well as the potentially conflicting drift limits].
For the New York City building, the determination of whether the walls will be cracked is:

b,
b,
A

effective masonry wall width
[(2 x 1.25in.)(32.67 ft x 12) + (9 cells)(41 in.?/cell)]/(32.67 ft x 12) = 3.44 in.
b, | = (3.44in.)(32.67 x 12) = 1,349 in.?
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S=h, /6 =(3.44)(32.67 x 12)*/6 = 88,100 in.?
f. = 0.250 ksi

P, is calculated using 1.00D (see Table 9.2-8 for values and refer to Sec. 9.2.4.6 for discussion). Table
9.2-10 a summarizes of these calculations.

Table 9.2-10 New York City Cracked Wall Determination

Level P, M M, Status
(kips) (ft-Kips) (ft-kips)
5 42 2064 313 uncracked
4 90 2325 908 uncracked
3 139 2592 1715 uncracked
2 188 2860 2663 uncracked
1 236 3120 3680 cracked

1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.

For the uncracked walls:

l,=1,=bl*12 = (3.44in.)(32.67 x 12)*/12 = 1.73 x 10" in.*
For the cracked wall, observe that the intermediate point on the interaction diagram is relatively close to
the design point. Therefore, as a different type of approximation, compute a cracked moment of inertia
using the depth to the neutral axis of 8.0 ft:

I = bc®3 + Y nAd?

I, = (3.44 in.)(8.0 ft x 12)%/3 + 19.3(0.2(4.332 + 8.332 + 12.33? + 16.33% + 20.33% + 24.33%)144 =
=1.01 x 10° + 0.84 x 10° = 1.85 x 10° in.*

Per Provisions Eq. 11.5.4.3:

MY MY
L, =1 [ R |y 1] e | <
Ma Ma

ls=1.13 x 107 in.*

Provisions 11.5.4.3 would imply that I, would be used for the full height. Another reasonable option is
to use I, at the first story and I, above that. The calculation of 6 should consider shear deflections in
addition to the flexural deflections. For this example I, will be used over the full height for the final
determination of deflection (a RISA 2D analysis was made). The result is summarized in Table 9.2-11.
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Table 9.2-11 New York City Deflections

Level F Ieff 5ﬂexural 5shear 5t0tal Cd 5total A4
(Kips) (in% (in.) (in.) (in.) (in.) (in.)
54321 34.1 1.13 x 107 0.256 0.080 0.336 0.757 0.163
30.9 1.13 x 107 0.189 0.075 0.264 0.593 0.171
23.1 1.13 x 107 0.124 0.064 0.188 0.422 0.163
15.3 1.13 x 107 0.065 0.050 0.115 0.259 0.141
7.7 1.13 x 10° 0.020 0.033 0.053 0.118 0.118

1.0 kip = 4.45 kN, 1.0 in. = 25.4 mm

The maximum story drift occurs at Level 4:

4,=0.171in. <1.04in.=0.01 h, (Provisions Table 5.2.8 [Table 4.5-1]) OK
The total displacement at the top of the wall is

A=0.757 in. <5.2in. =0.01 h, (Provisions 11.5.4.1.1) OK
9.2.5.7 New York City Out-of-Plane Forces

Provisions Sec 5.2.6.2.7 [Sec. 4.4.2.2] requires that the bearing walls be designed for out-of-plane loads
determined as

w = 0.40 Sps W, > 0.1W,
With Spg = 0.39, w = 0.156W, > 0.1W, , so w = (0.156)(48 psf) = 7.5 psf, which is much less than wind
pressure for exterior walls. Even though Wall D is not an exterior wall, the lateral pressure is sufficiently

low that it is considered acceptable by inspection, without further calculation. Seismic loads do not
govern the design of Wall D for loading in the out-of-plane direction.

9.2.5.8 New York City Orthogonal Effects

According to Provisions Sec. 5.2.5.2.2, orthogonal interaction effects have to be considered for Seismic
Design Category C when the equivalent lateral force (ELF) procedure is used (as it is here). However, the
out-of-plane component of only 30 percent of 7.5 psf on the wall will not produce a significant effect
when combined with the in-plane direction of loads, so no further calculation will be made.

This completes the design of the transverse Wall D for the New York building.

9.2.5.9 Summary of New York City Wall D Design

8 in. CMU
fr =2,000 psi
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Reinforcement:

Vertical #4 bars at 4 ft on center throughout the wall
Bond beam with two #4 at each story just below the floor or roof slabs
Horizontal joint reinforcement at alternate courses

9.2.6 Birmingham 2 Seismic Design

The emphasis here is on differences from the previous two locations for the same building. Per
Provisions Table 5.2.5.1 [Table 4.4-1], the torsional irregularity requires that the design of a Seismic
Design Category D building be based on a dynamic analysis. Although not explicitly stated, the
implication is that the analytical model should be three-dimensional in order to capture the torsional
response. This example will compare both the equivalent lateral force procedure and the modal response
spectrum analysis procedure and will demonstrate that, as long as the torsional effects are accounted for,
the static analysis could be considered adequate for design.

9.2.6.1 Birmingham 2 Weights

The floor weight for this examples will use the same 67 psf for 8-in.-thick, normal weight hollow core
plank plus roofing and the nonmasonry partitions as used in the prior examples (see Sec. 9.2.1). This
site is assigned to Seismic Design Category D, and the walls will be designed as special reinforced
masonry shear walls (Provisions Sec. 11.11.5 and Sec. 11.3.8[ACI 530, Sec. 1.13.2.2.5), which requires
prescriptive seismic reinforcement (Provisions Sec. 11.3.7.3). Special reinforced masonry shear walls
have a maximum spacing of rebar at 4 ft on center both horizontally and vertically. Also, the total area of
horizontal and vertical reinforcement must exceed 0.0020 times the gross area of the wall, and neither
direction may have a ratio of less than 0.0007. The vertical #4 bars at 48 in. used for the New York City
design yields a ratio of 0.00055, so it must be increased. Two viable options are #5 bars at 48 in.
(yielding 0.00085) and #4 bars at alternating spaces of 32 in. and 40 in. (12 bars in the wall), which yields
0.0080. The latter is chosen in order to avoid unnecessarily increasing the shear demand. Therefore, the
horizontal reinforcement must be (0.0020 - 0.0008)(7.625 in.)(12 in./ft.) = 0.11 in.%/ft. or 0.95 in.? per
story. Two #5 bars in bond beams at 48 in. on center will be adequate. For this example, 56 psf weight
for the 8-in.-thick CMU walls will be assumed. The 56 psf value includes grouted cells and bond beams.

Story weight, w;:

Roof:
Roof slab (plus roofing) = (67 psf) (152 ft)(72 ft) = 733 kips
Walls = (56 psf)(589 ft)(8.67 ft/2) + (56 psf)(4)(36 ft)(2 ft) = 159 Kips
Total =892 kips

There is a 2-ft-high masonry parapet on four walls and the total length of masonry wall is 589 ft.

Typical floor:
Slab (plus partitions) = 733 kips
Walls = (56 psf)(589 ft)(8.67 ft) = _ 286 kips
Total =1,019 Kkips

Total effective seismic weight, W = 892 + (4)(1,019) = 4,968 kips
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This total excludes the lower half of the first story walls which do not contribute to seismic loads that are
imposed on CMU shear walls.

9.2.6.2 Birmingham 2 Base Shear Calculation

The ELF analysis proceeds as described for the other locations. The seismic response coefficient, C,, is
computed using Provisions Eq. 5.4.1.1-1 [Eq. 5.2-2] and 5.4.1.1-2 [EQq.5.2-3]:

Spe 047
2o 270 0,134
* R/l 351 (Controls)
Sp, 028

=0.237

C:- T(R/1) 0.338(3.5/1)

This is somewhat less than the 746 kips computed for the New York City design due to the larger R
factor.

The fundamental period of the building, based on Provisions Eq. 5.4.2.1-1 [Eq.5.2-6], is 0.338 sec as
computed previously (the approximate period, based on building system and building height, will be the
same for all locations). The value for C, is taken as 0.134 (the lesser of the two values). This value is still
larger than the minimum specified in Provisions Eq. 5.3.2.1-3 which is:

C, = 0.044S,,1 = (0.044)(0.28)(1) = 0.012

[This minimum C, value has been removed in the 2003 Provisions. In its place is a minimum C, value for
long-period structures, which is not applicable to this example.]

The total seismic base shear is then calculated using Provisions Eq. 5.4.1 [Eq.5.2-1] as:
V =CW = (0.134)(4,968) = 666 kips

A three-dimensional (3D) model was created in SAP 2000 for the modal response spectrum analysis. The
masonry walls were modeled as shell bending elements and the floors were modeled as an assembly of
beams and shell membrane elements. The beams have very little mass and a large flexural moment of
inertia to avoid consideration of models of vertical vibration of the floors. The flexural stiffness of the
beams was released at the bearing walls in order to avoid a wall slab frame that would inadvertently
increase the torsional resistance. The mass of the floors was captured by the shell membrane elements.
Table 9.2-12 shows data on the modes of vibration used in the analysis.

Provisions Sec. 4.1.2.6 [Sec. 3.3.4] was used to create the response spectrum for the modal analysis. The
key points that define the spectrum are:

Ts = Sp/Sps = 0.28/0.47 = 0.60 sec
T,=0.2T4=0.12 sec
atT=0,S,=0.4S,/R=0.0537¢g
fromT=T,to T, S, = Sps/R =0.1343 g
for T >Tg, S, = Sp1/(RT) = 0.080/T

The computed fundamental period is less than the approximate period. The transverse direction base
shear from the SRSS combination of the modes is 457.6 Kips, which is considerably less than that
obtained using the ELF method.
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Provisions Sec. 5.5.7 [Sec. 5.3.7] requires that the modal base shear be compared with the ELF base shear
computed using a period somewhat larger than the approximate fundamental period (C,T,). Per Sec.
9.2.4.2, T, =0.338 sec. and per Provisions Table 5.4.2 [Table 5.2-1] C, = 1.4. Thus, C,T, =0.48 sec.,
which is less that S,,/Sps. Therefore, the ELF base shear for comparison is 666 kips as just computed.
Because 85 percent of 666 kips = 566 kips, Provisions Sec. 5.5.7 [Sec. 5.3.7] dictates that all the results
of the modal analysis be factored by:

08Ne 560 _, 54

VModaI 458

Both analyses will be carried forward as discussed in the subsequent sections.

Table 9.2-12 Birmington 2 Periods, Mass Participation Factors, and Modal Base Shears in the
Transverse Direction for Modes Used in Analysis

Mode Period, Individual mode (percent) Cumulative sum (percent) Trans.
number _ (seconds)  Long. Trans. Vert. Long. Trans. Vert. base shear
1 0.2467 0.00 0.00 0.00 0.00 0.00 0.00 0.0
2 0.1919 0.00 70.18 0.00 0.00 70.18 0.00 451.1
3 0.1915 70.55 0.00 0.00 70.55 70.18 0.00 0.0
4 0.0579 0.00 18.20 0.00 70.55 88.39 0.00 73.9
5 0.0574 17.86 0.00 0.00 88.41 88.39 0.00 0.0
6 0.0535 0.00 4.09 0.00 88.41 92.48 0.00 16.1
7 0.0532 4.17 0.00 0.00 92.58 92.48 0.00 0.0
8 0.0413 0.00 0.01 0.00 92.58 92.48 0.00 0.0
9 0.0332 1.50 0.24 0.00 94.08 92.72 0.00 0.8
10 0.0329 0.30 2.07 0.00 94.38 94.79 0.00 7.1
11 0.0310 1.28 0.22 0.00 95.66 95.01 0.00 0.8
12 0.0295 0.22 1.13 0.00 95.89 96.14 0.00 3.8
13 0.0253 1.97 0.53 0.00 97.86 96.67 0.00 1.7
14 0.0244 0.53 1.85 0.00 98.39 98.52 0.00 5.9
15 0.0190 1.05 0.36 0.00 99.44 98.89 0.00 1.1
16 0.0179 0.33 0.94 0.00 99.77 99.82 0.00 2.8
17 0.0128 0.19 0.07 0.00 99.95 99.90 0.00 0.2
18 0.0105 0.03 0.10 0.00 99.99 99.99 0.00 0.3
1 kip = 4.45 kN.

9.2.6.3 Birmingham 2 Vertical Distribution of Seismic Forces

The dynamic analysis will be revisited for the horizontal distribution of forces in the next section but as
demonstrated there, the ELF procedure is considered adequate to account for the torsional behavior in this
example. The dynamic analysis can certainly be used to deduce the vertical distribution of forces. This
analysis was constructed to study amplification of accidental torsion. It would be necessary to integrate
the shell forces to find specific story forces, and it is not necessary to complete the design. Therefore, the
vertical distribution of seismic forces for the ELF analysis is determined in accordance with Provisions
Sec. 5.4.4 [Sec. 5.2.3], which was described in Sec. 9.2.4.3. For Provisions Eq. 5.4.3-2 [Sec. 5.2-11], k=
1.0 since T =0.338 sec (similar to the Birmingham 1 and New York City buildings). It should be noted
that the response spectrum analysis may result in moments that are less than those calculated using the
ELF method; however, because of its relative simplicity, the ELF is used in this example.

Application of the Provisions equations for this building is shown in Table 9.2-13:
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Table 9.2-13 Birmingham 2 Seismic Forces and Moments by Level

Level W, h, w,h, Cy F, V, M,

(x) (kips) (ft) (ft-Kips) (Kips) (kips) (ft-Kips)
5 892 43.34 38,659 0.3045 203 203 1,760
4 1,019 34.67 35,329 0.2782 185 388 5,124
3 1,019 26.00 26,494 0.2086 139 527 9,693
2 1,019 17.33 17,659 0.1391 93 620 15,068
1 1,019 8.67 8,835 0.0695 46 666 20,843
Y 4,968 126,976 1.000 666

1.0 kip = 4.45 kN, 1.0 ft = 0.3048 m, 1.0 ft-kip = 1.36 kN-m.

9.2.6.4 Birmingham 2 Horizontal Distribution of Forces
For the ELF analysis, this is the same as that for New York City location; see Sec. 9.2.5.4.
Total shear in wall type D:

V,, =0.125V +1.365(0.0238)V = 0.158V =104.9Kips

The dynamic analysis shows that the fundamental mode is a pure torsional mode. The fact that the
fundamental mode is torsional does confirm, to an extent, that the structure is torsionally sensitive. This
modal analysis does not show any significant effect of the torsion, however. The pure symmetry of this
structure is somewhat idealistic. Real structures usually have some real eccentricity between mass and
stiffness, and dynamic analysis then yields coupled modes, which contribute to computed forces.

The Provisions does not require that the accidental eccentricity be analyzed dynamically. For illustration,
however, this was done by adjusting the mass of the floor elements to generate an eccentricity of 5
percent of the 152-ft length of the building. Table 9.2-14 shows the results of such an analysis.
(Accidental torsion could also be considered using a linear combination of the dynamic results and a
statically applied moment equal to the accidental torsional moment.)

The transverse direction base shear from the SRSS combination of the modes is 403.8 kips, significantly
less than the 457.6 kips for the symmetric model. The amplification factor for this base shear is 566/404
=1.4. This smaller base shear from modal analysis of a model with an artificially introduced eccentricity
is normal. For two primary reasons. First, the mass participates in more modes. The participation in the
largest mode is generally less, and the combined result is dominated by the largest single mode. Second,
the period for the fundamental mode generally increases, which will reduce the spectral response except
for structures with short periods (such as this one).

The base shear in Wall D was computed by adding the in-plane reactions. For the symmetric model the
result was 57 kips, which is 12.5 percent of the total of 458 kips, as would be expected. Amplifying this
by the 1.24 factor yields 71 kips The application of a static horizontal torsion equal to the 5 percent
eccentricity times a base shear of 566 kips (the “floor”) adds 13 kips, for a total of 84 kips. If the static
horizontal torsion is amplified by 1.365, as found in the analysis for the New York location, the total
becomes 89 kips, which is less than the 99 kips and 105 kips computed in the ELF analysis without and
with, respectively, the amplification of accidental torsion. The Wall D base shear from the eccentric
model was 66 kips; with the amplification of base shear = 1.4, this becomes 92 kips. Note that this value
is less than the direct shear from the symmetric model plus the amplified static torsion. The obvious
conclusion is that more careful consideration of torsional instability than actually required by the
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Provisions does not indicate any more penalty than already given by the procedures for the ELF in the
Provisions. Therefore the remainder of the example designs for this building are completed using the
ELF.

Table 9.2-14 Birmingham periods, Mass Participation Factors, and Modal Base
Shears in the Transverse Direction for Modes Used in Analysis

Mode Period Individual mode (percent) Cumulative sum (percent) Trans.

Number (sec) Long. Trans. Vert. Long. Trans. Vert. Base Shear
1 0.2507 0.0 8.8 0.0 0.0 8.8 0.0 56.3
2 0.1915 70.5 0.0 0.1 70.5 8.8 0.1 0.0
3 0.1867 0.0 61.4 0.0 70.5 70.2 0.1 394.9
4 0.0698 0.0 2.9 0.0 70.5 73.1 0.1 12.7
5 0.0613 1.1 0.0 23.0 71.6 73.1 23.1 0.0
6 0.0575 19.2 0.0 0.0 90.9 73.1 23.2 0.0
7 0.0570 0.0 13.7 0.0 90.9 86.8 23.2 55.5
8 0.0533 0.0 5.6 0.0 90.9 92.4 23.2 22.0
9 0.0480 1.2 0.0 12.8 92.0 92.4 35.9 0.0
10 0.0380 1.4 0.0 0.0 93.5 92.4 35.9 0.0
11 0.0374 0.0 0.4 0.0 93.5 92.8 35.9 1.3
12 0.0327 1.7 0.0 0.2 95.2 92.8 36.1 0.0
13 0.0322 0.0 3.1 0.0 95.2 95.9 36.1 10.4
14 0.0263 2.8 0.0 0.1 98.0 95.9 36.2 0.0
15 0.0243 0.0 3.0 0.0 98.0 98.8 36.2 9.5
16 0.0201 1.6 0.0 0.1 99.6 98.8 36.3 0.0
17 0.0164 0.0 1.1 0.0 99.6 100.0 36.3 34
18 0.0141 0.4 0.0 0.1 100.0 100.0 36.3 0

The total story shear and overturning moment (from the ELF analysis) may now be distributed to Wall D
and the wall proportions checked. The wall capacity will be checked before considering deflections.

The “extreme torsional irregularity” has an additional consequence for Seismic Design Category D:
Provisions 5.6.2.4.2 [Sec. 4.6.3.2] requires that the design forces for connections between diaphragms,
collectors, and vertical elements (walls) be increased by 25 percent above the diaphragm forces given in
Provisions 5.4.1 [Sec. 4.6.3.4]. For this example, the diaphragm of precast elements is designed using the
different requirements of the appendix to Provisions Chapter 9 (see Chapter 7 of this volume).

9.2.6.5 Birmingham 2 Transverse Wall (Wall D)

The design demands are slightly smaller than for the New York City design, yet there is more
reinforcement, both vertical and horizontal in the walls. This illustration will focus on those items where
the additional reinforcement has special significance.

9.2.6.5.1 Birmingham 2 Shear Strength

Refer to Sec. 9.2.5.5.1 for most quantities. The additional horizontal reinforcement raises V, and the
additional grouted cells raises A, and, therefore both V_, and V, max.

AJs = (4)(0.31 in.2)/(8.67 ft.) = 0.1431 in.2/ft
V, = 0.5(0.1431)(60 ksi)(32.67 ft) = 140.2 kips
A,=(2x1.25in.x32.67 ftx 121in.) + (41 in.? x 12 cells) = 1,472 in.?
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The shear strength of Wall D is summarized in Table 9.2-15 below. (Note that V, and M, in this table are
values from Table 9.2-13 multiplied by 0.158, the portion of direct and torsional shear assigned to the
wall). Clearly, the dynamic analysis would make it possible to design this wall for smaller forces, but the
minimum configuration suffices. The 1.96 multiplier on V, to determine V, is explained in the subsequent
section on flexural design.

Table 9.2-15 Shear Strength Calculations for Wall D, Birmingham 2

Level V, M, MJ/V.d  1.98V, P N, YA N, @V, max
x) (kips)  (ft-kips) (Kips) (Kips) (Kips) (Kips) (Kips) (Kips)
5 32.0 277 0.265 63.4 42 194.6 112.2 306.8 313.9
4 61.1 907 0.454 121 90 186.8 112.2 299 287.3

3 83.0 1527 0.563 164.3 139 186.6 112.2 298.8 272.0
2 97.7 2373 0.743 193.4 188 179.7 112.2 291.9 246.7

1 104.9 3283 0.958  207.7 236 169.6 1122 2818  216.6
1.0 kip = 4.45 kN, 1.0 ft-kip = 1.36 KN-m.

Note that V, max is less than V, at all levels except the top story. The capacity is greater than the demand
at all stories, therefore, the design is satisfactory for shear.

9.2.6.5.2 Birmingham 2 Axial and Flexural Strength

Once again, the similarities to the design for the New York City location will be exploited. Normally, the
in-plane calculations include:

1. Strength check
2. Ductility check

9.2.6.5.2.1 Strength check

The wall demands, using the load combinations determined previously, are presented in Table 9.2-16 for
Wall D. In the table, Load Combination 1 is 1.29D + Q. + 0.5L and Load Combination 2 is 0.81D + Q.

Table 9.2-16 Birmingham 2 Demands for Wall D

Load Combination 1 Load Combination 2
Level Po P. P, M, P, M,
(Kips) (kips) (kips) (ft-kips) (kips) (ft-kips)

5 43 0 55 277 36 277
4 94 8 125 807 76 807
3 145 17 196 1527 117 1527
2 196 25 265 2373 159 2373
1 247 34 336 3283 200 3283

1.0 kip = 4.45 kN, 1.0 ft-ip = 1.36 kN-m

Strength at the bottom story (where P, V, and M are the greatest) are less than required for the New York
City design. The demands are plotted on Figure 9.2-10, showing that the design for New York City has
sufficient axial and flexural capacity for this Birmingham 2 location. For this design, the interaction
capacity line will be shifted to the right, due to the presence of additional reinforcing bars. The only
calculation here will be an estimate of the factor to develop the flexural capacity at the design axial load.
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The flexural capacity for lightly load walls is approximately proportional to the sum of axial load plus the
yield of the reinforcing steel:

Birmingham #2 capacity 200 kips + 12x 0.20in*x60 ksi 344 112
NewYorkCapacity 199 kips + 9x 0.20in.?x60 ksi ~ 307

Therefore the factor by which the walls shears must be multiplied to represent 125 percent of flexural
capacity, given that the factor was 1.58 for the New York design is:

158 112 New York base shear 177 746 108
D0 X =1 X—— =1
Birmingham #2 base shear 666

9.2.6.5.2.2 Ductility check

The Provisions requirements for ductility are described in Sec. 9.2.4.5.2 and 9.2.5.5.2. Since the wall
reinforcement and loads are so similar to those for the New York City building, the computations are not
repeated here.

[Refer to Sec. 9.2.4.5.2 for discussion of revisions to the ductility requirements in the 2003 Provisions.]
9.2.6.6 Birmingham 2 Deflections

The calculations for deflection would be very similar to that for the New York City location. Ironically,
that procedure will indicate that the wall is not cracked at the design load. The C, factor is larger, 3.5 vs.

2.25. However, the calculation is not repeated here; refer to Sec. 9.2.4.6 and Sec. 9.2.5.6.

[Refer to Sec. 9.2.4.6 for discussion of revisions to the deflection computations and requirements in the
2003 Provisions, as well as the potentially conflicting drift limits.]

9.2.6.7 Birmingham 2 Out-of-Plane Forces

Provisions Sec. 5.2.6.2.7 [Sec. 4.6.1.3] requires that the bearing walls be designed for out-of-plane loads
determined:

w = 0.40 Spg W, > 0.1W,
w = (0.40)(0.47)(56 psf) = 10.5 psf > 0.1W,

The calculated seismic load, w = 10.5 psf, is less than wind pressure for exterior walls. Even though Wall
D is not an exterior wall, the lateral pressure is sufficiently low that it is considered acceptable by
inspection without further calculation. Seismic loads do not govern the design of Wall D for loading in
the out-of-plane direction.

9.2.6.8 Birmingham 2 Orthogonal Effects

According to Provisions Sec. 5.2.5.2.2 [Sec. 4.4.2.3], orthogonal interaction effects have to be considered
for Seismic Design Category D when the ELF procedure is used (as it is here). However, the out-of-plane
component of only 30 percent of 10.5 psf on the wall will not produce a significant effect when combined
with the in-plane direction of loads so no further calculation will be made.

This completes the design of the Transverse Wall D.
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9.2.6.9 Birmingham 2 Summary of Wall Design for Wall D

8-in. CMU
f'., = 2,000 psi

Reinforcement:

12 vertical #4 bars per wall (spaces alternate at 32 and 40 in. on center)
Two bond beams with 2 - #5 at each story, at bearing for the planks, and at 4 ft above each floor.
Horizontal joint reinforcement at alternate courses is recommended, but not required.

9.2.7 Seismic Design for Los Angeles

Once again, the differences from the designs for the other locations will be emphasized. As explained for
the Birmingham 2 building, the Provisions would require a dynamic analysis for design of this building.
For the reasons explained in Sec. 9.2.6.4, this design is illustrated using the ELF procedure.

9.2.7.1 Los Angeles Weights

Use 91 psf for 8-in.-thick, normal weight hollow core plank, 2.5 in. lightweight concrete topping (115
pcf), plus the nonmasonry partitions. This building is Seismic Design Category D, and the walls will be
designed as special reinforced masonry shear walls (Provisions Sec. 11.11.5 and Sec. 11.3.8
[Sec.11.2.1.5]), which requires prescriptive seismic reinforcement (Provisions Sec. 11.3.8.3 [ACI 530,
Sec. 1.13.2.2.5]). Special reinforced masonry shear walls have a minimum spacing of vertical
reinforcement of 4 ft on center. For this example, 60 psf weight for the 8-in. CMU walls will be assumed.
The 60 psf value includes grouted cells and bond beams in the course just below the floor planks and in
the course 4 ft above the floors. A typical wall section is shown in Figure 9.2-12.

9-83



FEMA 451, NEHRP Recommended Provisions: Design Examples
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See Figure 7.1-8
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Figure 9.2-12 Typical wall section for the Los Angeles location (1.0 in. = 25.4
mm, 1.0 ft = 0.3048 m)

Story weight ,w;:

Roof weight:
Roof slab (plus roofing) = (91 psf) (152 ft)(72 ft) = 996 Kkips
Walls = (60 psf)(589 ft)(8.67 ft/2) + (60 psf)(4)(36 ft)(2 ft) = _ 170 Kips
Total = 1,166 kips

There is a 2-ft-high masonry parapet on four walls and the total length of masonry wall is 589 ft.

Typical floor:
Slab (plus partitions) = 996 kips
Walls = (60 psf)(589 ft)(8.67 ft) = _ 306 kips
Total = 1,302 kips

Total effective seismic weight, W = 1,166 + (4)(1,302) = 6,374 Kips

This total excludes the lower half of the first story walls, which do not contribute to seismic loads that are
not imposed on the CMU shear walls.
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9.2.7.2 Los Angeles Base Shear Calculation

The seismic response coefficient, C,, is computed using Provisions Eq. 5.4.1.1-1 [Eq. 5.2-2] and 5.4.1.1-2
[Eq. 5.2-3]:

 Sps _1.00 _
* R/l 351

C..oom __ 0080 g5
T(R/1) 0.338(3.5/1)

0.286 Controls

where T is the fundamental pe