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DISCLAIMER

This document provides practicing engineers and building officials with a resource document for
understanding the behavior of steel moment-frame buildingsin earthquakes. It is one of the set of
six State of the Art Reports containing detailed derivations and explanations of the basis for the
design and eva uation recommendations prepared by the SAC Joint Venture. The
recommendations and state of the art reports, developed by practicing engineers and researchers, are
based on professional judgment and experience and supported by alarge program of |aboratory,
field, and analytical research. No warranty isoffered with regard to the recommendations
contained herein, by the Federal Emergency M anagement Agency, the SAC Joint Venture,
theindividual joint venture partners, or the partner’sdirectors, membersor employees.
These organizations and their employees do not assume any legal liability or responsibility for
the accur acy, completeness, or usefulness of any of the information, products or processes
included in thispublication. Thereader iscautioned to review carefully the material
presented herein and exer cise independent judgment asto itssuitability for application to
gpecific engineering projects. This publication has been prepared by the SAC Joint Venture with
funding provided by the Federal Emergency Management Agency, under contract number EMW-
95-C-4770.

Cover Art. The beam-column connection assembly shown on the cover depicts the standard
detailing used in welded steel moment-frame construction prior to the 1994 Northridge
earthquake. This connection detail was routinely specified by designersin the period 1970-1994
and was prescribed by the Uniform Building Code for seismic applications during the period
1985-1994. It isno longer considered to be an acceptable design for seismic applications.
Following the Northridge earthquake, it was discovered that many of these beam-column
connections had experienced brittle fractures at the joints between the beam flanges and column
flanges.
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THE SAC JOINT VENTURE

SAC isajoint venture of the Structural Engineers Association of California (SEAOC), the Applied
Technology Council (ATC), and California Universities for Research in Earthquake Engineering
(CUREe), formed specifically to address both immediate and long-term needs related to solving
performance problems with welded, steel moment-frame connections discovered following the 1994
Northridge earthquake. SEAOC is a professional organization composed of more than 3,000 practicing
structural engineersin California. The volunteer efforts of SEAOC’s members on various technical
committees have been instrumental in the development of the earthquake design provisions contained in
the Uniform Building Code and the 1997 National Earthquake Hazards Reduction Program (NEHRP)
Recommended Provisions for Seismic Regulations for New Buildings and other Sructures. ATCisa
nonprofit corporation founded to develop structural engineering resources and applications to mitigate the
effects of natural and other hazards on the built environment. Sinceitsinceptionin the early 1970s, ATC
has devel oped the technical basis for the current model national seismic design codes for buildings; the de
facto national standard for postearthquake safety evaluation of buildings; nationally applicable guidelines
and procedures for the identification, evaluation, and rehabilitation of seismically hazardous buildings;
and other widely used procedures and data to improve structural engineering practice. CUREeisa
nonprofit organization formed to promote and conduct research and educational activities related to
earthquake hazard mitigation. CUREE€'s eight institutional members are the California Institute of
Technology, Stanford University, the University of Californiaat Berkeley, the University of California at
Davis, the University of Californiaat Irvine, the University of Californiaat Los Angeles, the University
of Californiaat San Diego, and the University of Southern California. These laboratory, library,
computer and faculty resources are among the most extensive in the United States. The SAC Joint
Venture alows these three organizations to combine their extensive and unique resources, augmented by
subcontractor universities and organi zations from across the nation, into an integrated team of
practitioners and researchers, uniquely qualified to solve problems related to the seismic performance of
steel moment-frame buildings.
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1. INTRODUCTION

1.1 Purpose

This report, FEMA-355F — Sate of the Art Report on Performance Prediction and
Evaluation of Steel Moment-Frame Buildings, presents an overview of the current state of
knowledge with regard to the prediction of the performance of moment-resisting steel frame
buildings in future earthquakes. This state of the art report was prepared in support of the
development of a series of Recommended Design Criteria documents, which were prepared by
the SAC Joint Venture on behalf of the Federal Emergency Management Agency and which
address the issue of the seismic performance of moment-resisting steel frame structures. These
publications include:

*  FEMA-350 — Recommended Seismic Design Criteria for New Steel Moment-Frame
Buildings. This publication provides recommended criteria, supplemental to FEMA-302 —
1997 NEHRP Recommended Provisions for Seismic Regulations for New Buildings and
Other Sructures, for the design and construction of steel moment-frame buildings and
provides alternative performance-based design criteria.

*  FEMA-351 — Recommended Seismic Evaluation and Upgrade Criteria for Existing Welded
Steel Moment-Frame Buildings. This publication provides recommended methods to
evaluate the probable performance of existing steel moment-frame buildingsin future
earthquakes and to retrofit these buildings for improved performance.

* FEMA-352 — Recommended Postearthquake Evaluation and Repair Criteria for Welded
Seel Moment-Frame Buildings. This publication provides recommendations for performing
postearthquake inspections to detect damage in steel moment-frame buildings following an
earthquake, evaluating the damaged buildings to determine their safety in the postearthquake
environment, and repairing damaged buildings.

* FEMA-353 — Recommended Specifications and Quality Assurance Guidelines for Steel
Moment-Frame Construction for Seismic Applications. This publication provides
recommended specifications for the fabrication and erection of steel moment frames for
seismic applications. The recommended design criteria contained in the other companion
documents are based on the material and workmanship standards contained in this document,
which also includes discussion of the basis for the quality control and quality assurance
criteria contained in the recommended specifications.

Detailed derivations and explanations of the basis for these design and evaluation
recommendations may be found in a series of State of the Art Reports prepared in parallel with
these design criteria. These reportsinclude:

* FEMA-355A — Sate of the Art Report on Base Metals and Fracture. This report summarizes
current knowledge of the properties of structural steels commonly employed in building
construction, and the production and service factors that affect these properties.

* FEMA-355B — Sate of the Art Report on Welding and Inspection. This report summarizes
current knowledge of the properties of structural welding commonly employed in building
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construction, the effect of various welding parameters on these properties, and the
effectiveness of various inspection methodologies in characterizing the quality of welded
construction.

* FEMA-355C — State of the Art Report on Systems Performance of Seel Moment Frames
Subject to Earthquake Ground Shaking. This report summarizes an extensive series of
analytical investigationsinto the demands induced in steel moment-frame buildings designed
to various criteria, when subjected to arange of different ground motions. The behavior of
frames constructed with fully restrained, partially restrained and fracture-vulnerable
connectionsis explored for a series of ground motions, including motion anticipated at near-
fault and soft-soil sites.

» FEMA-355D — State of the Art Report on Connection Performance. This report summarizes
the current state of knowledge of the performance of different types of moment-resisting
connections under large inelastic deformation demands. It includesinformation on fully
restrained, partially restrained, and partial strength connections, both welded and bolted,
based on laboratory and analytical investigations.

* FEMA-355E — Sate of the Art Report on Past Performance of Steel Moment-Frame
Buildingsin Earthquakes. This report summarizes investigations of the performance of steel
moment-frame buildings in past earthquakes, including the 1995 Kobe, 1994 Northridge,
1992 Landers, 1992 Big Bear, 1989 Loma Prieta and 1971 San Fernando events.

* FEMA-355F — State of the Art Report on Performance Prediction and Evaluation of Steel
Moment-Frame Buildings. This report describes the results of investigations into the ability
of various analytical techniques, commonly used in design, to predict the performance of
steel moment-frame buildings subjected to earthquake ground motion. Also presented isthe
basis for performance-based evaluation procedures contained in the design criteria
documents, FEMA-350, FEMA-351, and FEMA-352.

In addition to the recommended design criteria and the State of the Art Reports, a companion
document has been prepared for building owners, local community officials and other non-
technical audiences who need to understand thisissue. A Policy Guide to Steel Moment Frame
Construction (FEMA-354) addresses the social, economic, and political issues related to the
earthquake performance of steel moment-frame buildings. FEMA-354 also includes discussion
of the relative costs and benefits of implementing the recommended criteria.

1.2 Background

For many years, the basic intent of the building code seismic provisions has been to provide
buildings with an ability to withstand intense ground shaking without collapse, but potentially
with some significant structural damage. In order to accomplish this, one of the basic principles
inherent in modern code provisionsis to encourage the use of building configurations, structural
systems, materials and details that are capable of ductile behavior. A structureis said to behave
in aductile manner if it is capable of withstanding large inelastic deformations without
significant degradation in strength, and without the development of instability and collapse. The
design forces specified by building codes for particular structural systems are related to the
amount of ductility the system is deemed to possess. Generally, structural systems with more
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ductility are designed for lower forces than less ductile systems, as ductile systems are deemed
capable of resisting demands that are significantly greater than their elastic strength limit.
Starting in the 1960s, engineers began to regard welded steel moment-frame buildings as being
among the most ductile systems contained in the building code. Many engineers believed that
steel moment-frame buildings were essentially invulnerable to earthquake-induced structural
damage and thought that should such damage occur, it would be limited to ductile yielding of
members and connections. Earthquake-induced collapse was not believed possible. Partly asa
result of this belief, many large industrial, commercial and institutional structures employing
steel moment-frame systems were constructed, particularly in the western United States.

The Northridge earthquake of January 17, 1994 challenged this paradigm. Following that
earthquake, a number of steel moment-frame buildings were found to have experienced brittle
fractures of beam-to-column connections. The damaged buildings had heights ranging from one
story to 26 stories, and arange of ages spanning from buildings as old as 30 years to structures
being erected at the time of the earthquake. The damaged buildings were spread over alarge
geographical area, including sites that experienced only moderate levels of ground shaking.
Although relatively few buildings were located on sites that experienced the strongest ground
shaking, damage to buildings on these sites was extensive. Discovery of these unanticipated
brittle fractures of framing connections, often with little associated architectural damage, was
alarming to engineers and the building industry. The discovery aso caused some concern that
similar, but undiscovered, damage may have occurred in other buildings affected by past
earthquakes. Later investigations confirmed such damage in alimited number of buildings
affected by the 1992 Landers, 1992 Big Bear and 1989 L oma Prieta earthquakes.

In general, steel moment-frame buildings damaged by the Northridge earthquake met the
basic intent of the building codes. That is, they experienced limited structural damage, but did
not collapse. However, the structures did not behave as anticipated and significant economic
losses occurred as aresult of the connection damage, in some cases, in buildings that had
experienced ground shaking less severe than the design level. These losses included direct costs
associated with the investigation and repair of this damage as well asindirect |osses relating to
the temporary, and in afew cases, long-term, loss of use of space within damaged buildings.

Steel moment-frame buildings are designed to resist earthquake ground shaking based on the
assumption that they are capable of extensive yielding and plastic deformation, without |oss of
strength. The intended plastic deformation consists of plastic rotations developing within the
beams, at their connections to the columns, and is theoretically capable of resulting in benign
dissipation of the earthquake energy delivered to the building. Damage is expected to consist of
moderate yielding and localized buckling of the stedl elements, not brittle fractures. Based on this
presumed behavior, building codes permit steel moment-frame buildings to be designed with a
fraction of the strength that would be required to respond to design level earthquake ground shaking
in an elastic manner.

Steel moment-frame buildings are anticipated to develop their ductility through the
development of yielding in beam-column assemblies at the beam-column connections. This
yielding may take the form of plastic hinging in the beams (or, less desirably, in the columns),
plastic shear deformation in the column panel zones, or through a combination of these
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mechanisms. It was believed that the typical connection employed in steel moment-frame
construction, shown in Figure 1-1, was capable of developing large plastic rotations, on the order
of 0.02 radians or larger, without significant strength degradation.

~

¢° \\rh

Figurel-1 Typical Welded Moment-Resisting Connection Prior to 1994

Observation of damage sustained by buildings in the 1994 Northridge earthquake indicated
that, contrary to the intended behavior, in many cases, brittle fractures initiated within the
connections at very low levels of plastic demand, and in some cases, while the structures
remained essentially elastic. Typically, but not always, fractures initiated at the complete joint
penetration (CJP) weld between the beam bottom flange and column flange (Figure 1-2). Once
initiated, these fractures progressed along a number of different paths, depending on the
individual joint conditions.

Colum flange

Fused zone

Peam flange

J\

Mfeeee]]
I
(

Packing bar

Fracture
Figure1-2 Common Zone of Fracture Initiation in Beam-Column Connection
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In some cases, the fractures progressed completely through the thickness of the weld, and
when fire protective finishes were removed, the fractures were evident as a crack through
exposed faces of the weld, or the metal just behind the weld (Figure 1-3a). Other fracture
patterns also developed. In some cases, the fracture developed into a crack of the column flange
material behind the CJP weld (Figure 1-3b). In these cases, a portion of the column flange
remained bonded to the beam flange, but pulled free from the remainder of the column. This
fracture pattern has sometimes been termed a*“divot” or “nugget” failure.

A number of fractures progressed completely through the column flange, along a near-
horizontal plane that aligns approximately with the beam lower flange (Figure 1-4a). In some
cases, these fractures extended into the column web and progressed across the panel zone (Figure
1-4b). Investigators have reported some instances where columns fractured entirely across the
section.

ik ¥

& e
a. Fracture at Fused Zone b. Column Flange "Divot" Fracture
Figure1-3 Fracturesof Beam-to-Column Joints

Sk ll;.' b
a. Fractures through Column Flange b. Fracture Progressesinto Column Web
Figure1-4 Column Fractures

Once such fractures have occurred, the beam-column connection has experienced a
significant loss of flexural rigidity and strength to resist those loads that tend to open the crack.
Residual flexura strength and rigidity must be developed through a couple consisting of forces
transmitted through the remaining top flange connection and the web bolts. However, in
providing this residual strength and stiffness, the bolted web connections can themselves be
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subject to failures. These include fracturing of the welds of the shear plate to the column,
fracturing of supplemental weldsto the beam web or fracturing through the weak section of
shear plate aligning with the bolt holes (Figure 1-5).

Despite the obvious local strength impairment resulting from these fractures, many damaged
buildings did not display overt signs of structural damage, such as permanent drifts or damage to
architectural elements, making reliable postearthquake damage evaluations difficult. In order to
determine if a building has sustained connection damage it is necessary to remove architectural
finishes and fireproofing, and perform detailed inspections of the connections. Even if no
damage isfound, thisisacostly process. Repair of damaged connections is even more costly.
At least one steel moment-frame building sustained so much damage that it was deemed more
practical to demolish the building than to repair it.

Figure1-5 Vertical Fracturethrough Beam Shear Plate Connection

Initially, the steel construction industry took the lead in investigating the causes of this
unanticipated damage and in devel oping design recommendations. The American Institute of
Steel Construction (A1SC) convened a specia task committee in March, 1994 to collect and
disseminate available information on the extent of the problem (AISC, 1994a). In addition,
together with a private party engaged in the construction of a mgjor steel building at the time of
the earthquake, AISC participated in sponsoring a limited series of tests of aternative connection
details at the University of Texas at Austin (AI1SC, 1994b). The American Welding Society
(AWS) also convened a special task group to investigate the extent to which the damage was
related to welding practice, and to determine if changes to the welding code were appropriate
(AWS, 1995).

In September 1994, the SAC Joint Venture, AISC, the American Iron and Steel Institute and
National Institute of Standards and Technology jointly convened an international workshop
(SAC, 1994) in Los Angeles to coordinate the efforts of the various participants and to lay the
foundation for systematic investigation and resolution of the problem. Following this workshop,
FEMA entered into a cooperative agreement with the SAC Joint Venture to perform problem-
focused studies of the seismic performance of steel moment-frame buildings and to develop
recommendations for professional practice (Phase | of SAC Stedl Project). Specificaly, these
recommendations were intended to address the following: The inspection of earthquake-affected
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buildings to determine if they had sustained significant damage; the repair of damaged buildings;
the upgrade of existing buildings to improve their probable future performance; and the design of
new structures to provide reliable seismic performance.

During thefirst half of 1995, an intensive program of research was conducted to explore
more definitively the pertinent issues. Thisresearch included literature surveys, data collection
on affected structures, statistical evaluation of the collected data, analytical studies of damaged
and undamaged buildings, and laboratory testing of a series of full-scale beam-column
assemblies representing typical pre-Northridge design and construction practice as well as
various repair, upgrade and alternative design details. The findings of these tasks formed the
basis for the devel opment of FEMA-267 — Interim Guidelines. Evaluation, Repair, Modification,
and Design of Welded Steel Moment Frame Structures, which was published in August, 1995.
FEMA-267 provided the first definitive, albeit interim, recommendations for practice, following
the discovery of connection damage in the 1994 Northridge earthquake.

In September 1995, the SAC Joint Venture entered into a contractual agreement with FEMA
to conduct Phase |1 of the SAC Steel Project. Under Phase |1, SAC continued its extensive
problem-focused study of the performance of moment resisting steel frames and connections of
various configurations, with the ultimate goal of developing reliable seismic design criteriafor
steel construction. Thiswork hasincluded: Extensive analyses of buildings; detailed finite
element and fracture mechanics investigations of various connections to identify the effects of
connection configuration, material strength, and toughness and weld joint quality on connection
behavior; as well as more than 120 full-scal e tests of connection assemblies. Asaresult of these
studies, and independent research conducted by others, it is now known that the typical moment-
resisting connection detail employed in steel moment-frame construction prior to the 1994
Northridge earthquake, and depicted in Figure 1-1, had a number of features that rendered it
inherently susceptible to brittle fracture. These included the following:

* The most severe stresses in the connection assembly occur where the beam joins to the
column. Unfortunately, thisis also the weakest location in the assembly. At thislocation,
bending moments and shear forces in the beam must be transferred to the column through the
combined action of the welded joints between the beam flanges and column flanges and the
shear tab. The combined section properties of these elements, for example the cross sectiona
area and section modulus, are typically less than those of the connected beam. Asaresullt,
stresses are locally intensified at this location.

* Thejoint between the bottom beam flange and the column flange istypically made as a
downhand field weld, often by awelder sitting on top of the beam top flange, in a so-called
“wildcat” position. To make the weld from this position each pass must be interrupted at the
beam web, with either a start or stop of the weld at this location. Thiswelding technique
often results in poor quality welding at this critical location, with slag inclusions, lack of
fusion and other defects. These defects can serve as crack initiators, when the connection is
subjected to severe stress and strain demands.

» Thebasic configuration of the connection makesit difficult to detect hidden defects at the
root of the welded beam-flange-to-column-flange joints. The backing bar, which was
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typically left in place following weld completion, restricts visual observation of the weld
root. Therefore, the primary method of detecting defects in these joints is through the use of
ultrasonic testing (UT). However, the geometry of the connection also makesit very difficult
for UT to detect flaws reliably at the bottom beam flange weld root, particularly at the center
of thejoint, at the beam web. Asaresult, many of these welded joints have undetected
significant defects that can serve as crack initiators.

Although typical design models for this connection assume that nearly all beam flexural
stresses are transmitted by the flanges and all beam shear forces by the web, in reality, dueto
boundary conditions imposed by column deformations, the beam flanges at the connection
carry asignificant amount of the beam shear. Thisresultsin significant flexural stresses on
the beam flange at the face of the column, and aso induces large secondary stressesin the
welded joint. Some of the earliest investigations of these stress concentration effectsin the
welded joint were conducted by Richard, et al. (1995). The stress concentrations resulting
from this effect resulted in severe strength demands at the root of the complete joint
penetration wel ds between the beam flanges and column flanges, aregion that often includes
significant discontinuities and slag inclusions, which are ready crack initiators.

In order that the welding of the beam flanges to the column flanges be continuous across the
thickness of the beam web, this detail incorporates weld access holes in the beam web, at the
beam flanges. Depending on their geometry, severe strain concentrations can occur in the
beam flange at the toe of these weld access holes. These strain concentrations can result in
low-cycle fatigue and the initiation of ductile tearing of the beam flanges after only afew
cycles of moderate plastic deformation. Under large plastic flexural demands, these ductile
tears can quickly become unstable and propagate across the beam flange.

Steel material at the center of the beam-flange-to-column-flange joint isrestrained from
movement, particularly in connections of heavy sections with thick column flanges. This
condition of restraint inhibits the development of yielding at this location, resulting in locally
high stresses on the welded joint, which exacerbates the tendency to initiate fractures at
defects in the welded joints.

Design practice in the period 1985-1994 encouraged design of these connections with
relatively weak panel zones. In connections with excessively weak panel zones, inelastic
behavior of the assembly is dominated by shear deformation of the panel zone. This panel
zone shear deformation resultsin alocal kinking of the column flanges adjacent to the beam-
flange-to-column-flange joint, and further increases the stress and strain demandsin this
sensitive region.

In addition to the above, additional conditions contributed significantly to the vulnerability of

connections constructed prior to 1994.

In the mid-1960s, the construction industry moved to the use of the semi-automatic, self-
shielded, flux-cored arc welding process (FCAW-S) for making the joints of these
connections. The welding consumables that building erectors most commonly used
inherently produced welds with very low toughness. The toughness of this material could be
further compromised by excessive deposition rates, which unfortunately were commonly
employed by welders. Asaresult, brittle fractures could initiate in welds with large defects,

1-8



Performance Prediction and Evaluation of FEMA-355F
Steel Moment-Frame Buildings Chapter 1. Introduction

at stresses approximating the yield strength of the beam steel, precluding the development of
ductile behavior.

* Early steel moment frames tended to be highly redundant and nearly every beam-column
joint was constructed to behave as part of the lateral-force-resisting system. Asaresult,
member sizes in these early frames were small and much of the early acceptance testing of
thistypical detail was conducted with specimens constructed of small framing members. As
the cost of construction labor increased, the industry found that it was more economical to
construct steel moment-frame buildings by moment-connecting arelatively small percentage
of the beams and columns and by using larger members for these few moment-connected
elements. The amount of strain demand placed on the connection elements of a steel moment
frame is related to the span-to-depth ratio of the member. Therefore, as member sizes
increased, strain demands on the welded connections al so increased, making the connections
more susceptible to brittle behavior.

* Inthe 1960s and 1970s, when much of theinitial research on steel moment-frame
construction was performed, beams were commonly fabricated using A36 material. Inthe
1980s, many steel mills adopted more modern production processes, including the use of
scrap-based production. Steels produced by these more modern processes tended to include
micro-alloying elements that increased the strength of the materials so that despite the
common specification of A36 materia for beams, many beams actually had yield strengths
that approximated or exceeded that required for grade 50 material. Asaresult of this
increase in base metal yield strength, the weld metal in the beam-flange-to-column-flange
joints became under-matched, potentially contributing to its vulnerability.

At thistime, it is clear that in order to obtain reliable ductile behavior of steel moment-frame
construction a number of changesto past practices in design, materials, fabrication, erection and
quality assurance are necessary. The recommended criteria contained in this document, and the
companion publications, are based on an extensive program of research into materials, welding
technology, inspection methods, frame system behavior, and laboratory and analytical
investigations of different connection details. The recommended criteria presented herein are
believed to be capable of addressing the vulnerabilities identified above and providing for frames
capable of more reliable performance in response to earthquake ground shaking.

1.3 Performance Prediction and Evaluation for Buildings under Seismic Loads

The actual performance of a building during an earthquake depends on many factors such as
the structural configuration and proportions, the dynamic characteristics of the building, the
strength, stiffness and ductility of the joints, the type of nonstructural components employed, the
quality of the materials, fabrication and erection used in the construction of the structure,
maintai ning occupancy, the site conditions, and the intensity and dynamic characteristics of the
earthquake ground motion at the site. Consequently, seismic performance prediction for new
design or evaluation of existing buildings should consider, either explicitly or implicitly, all of
these factors.

Prediction of seismic response of anew or existing structure is complex, due not only to the
large number of factors that need to be considered and the complexity of seismic response, but
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also dueto the large inherent uncertainty associated with making these predictions. Clearly the
characteristics of future earthquakes can only be approximated, leading to very large
uncertainties in the loads acting on the structure. Structural properties may differ from those
intended or assumed by the designer, or may change substantially during the earthquake (e.g.
local fracture of connections). Analysis methods may not accurately capture the actual behavior
due to ssimplifications in the analysis procedure (linear vs. nonlinear for instance) and modeling
of the structure. Our knowledge of the behavior of structures during earthquakes is not
complete, which introduces other uncertainties. Consequently, seismic performance prediction
must consider these uncertainties.

Many of these issues are covered to a greater or lesser extent in current codes through the use
of load and resistance factors, adjustment of various design parameters following major
earthquakes, and introduction of new analytical and design procedures as they are developed and
verified. Inresponding to the problems observed in steel moment-frame buildings observed after
the Northridge and other earthquakes, the SAC steel project has attempted to develop a
comprehensive understanding of the capacity of various moment-resisting connections and the
demands on these connections. To achieve satisfactory building performance through design or
to evaluate an existing building, one needs to reconcile expected seismic demands with
acceptable performance level s while recognizing the uncertainties involved.

A reliability-based, performance-oriented approach has been adopted herein for design and
evaluation. This approach was taken in order to account for uncertainties and randomnessin
seismic demand and capacities in a consistent manner and to satisfy identifiable performance
objectives corresponding to various occupancies, damage states, and seismic hazard. In this
report we will consider issues related to the performance prediction and evaluation of:

* new buildings,
* existing buildings prior to an earthquake, and
» damaged buildings following an earthquake.

There are subtle differences between performance prediction for new buildings and for
existing buildings. Conservative assumptions about the material properties may be made,
particular detailing of joints and members may be selected, and relatively simple analysis
methods and acceptance criteriamay be used with rather small impact on the cost of the new
building. For an existing building that has experienced damage during an earthquake, or one that
may be vulnerable to a future shock, any repair or modification may be quite expensive,
particularly if occupancy is not allowed during the remedial construction. Details, materials, and
member properties may not conform to code requirements for specific building types, which may
require more advanced analysis procedures and acceptance criteria. This report will discuss and
evaluate analysis procedures and acceptance criteria for performance prediction and evaluation
of steel moment frame buildings.

1.4 Critical Issues for Performance Prediction and Evaluation

This section of the report identifies and discusses some of the critical issuesinvolved in
performance prediction and evaluation. These include analysis and modeling methods, various
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performance goals, response parameters, level of seismicity, different occupancies, and legal and
socia issues. These itemswill be briefly discussed in this section and expanded in the next
chapter on performance-based design and evaluation.

A variety of simple and complex analytical methods are available to the engineer to predict
the seismic response of structures. These range from simple static elastic methods defined in
most design codes to complex nonlinear dynamic methods. In developing design guidelines, itis
desirable that these methods be used in situations where they can adequately characterize the
response of areal structure. Thus, it may be necessary to limit the use of certain methods, or to
adjust the methods or their input so that performance estimates obtained with different methods
and modeling idealizations have consistent reliability.

The performance goals and the important response parameters are closely related. One
performance goal might be to avoid collapse. The response parameter might be maximum
transient or residual story drift. The performance goal might be limitation of structural and/or
nonstructural damage, which might require that no yielding occur in structural members. Thus,
one of the goals during design or evaluation would be the calculation of story drift or member
stress levels using selected analysis and modeling procedures for a given earthquake
characterization. The earthquake characterization may take the form of a design response
spectrum or a set of accelerograms scaled to represent a certain hazard level which is expressed
in terms of probability of exceeding a given intensity within a chosen return period. The
occupancy of the building will also require special attention when selecting atarget performance
level. A building with high occupancy such as a high rise building, or a hospital needed for
emergency treatment of earthquake victims, should be designed for a higher level of
performance, or for alower probability of non-compliance of the building to the design
performance level. The probability of exceeding the design limitsis another issue that should be
considered. All of these items raised in this section will be described in more detail in the next
chapter of this report.

1.5 Objectives

The SAC Phase |1 project involves several teams doing topical investigations in various areas
important to the design and evaluation of steel moment frame buildings. Basic and applied
research is undertaken on system performance, connection performance, material properties,
welding and joining processes, and steel frame performance during past earthquakes. The
project also involves the devel opment of several products that take the form of Guidelines for
design professionals, building officials, code writers, and other government agencies. The
Performance Prediction and Evaluation (PPE) Team assimilates the work done by the other
topical investigation teams with its own research results to formulate information required by the
Guideline writers to complete their products. 1n a sense, the objective of thisreport isto provide
an information bridge between the topical investigations and the Guidelines. The two main
research objectives of the PPE Team were to evaluate linear and nonlinear analysis procedures
and to develop areliability framework for performance evaluation for the SAC project.

Thisreport is not a state-of-the-art report in the traditional sense. It does not present an
exhaustive coverage of the main topics that are covered. For instance, it does not consider some
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of the new and exciting analysis procedures because they are still in the formative stages and
require a broader review before they are ready for useful production. On the other hand, it does
present a new reliability-based performance-based model for acceptance criteriathat explicitly
consider the randomness and uncertainties involved in the seismic design process. This
performance-based evaluation procedure is at the state of the art.

In Chapter 2, several important issues related to performance-based engineering are
discussed. Past work on thistopic is reviewed, and basic definitions that have evolved over the
past few years are given. In Chapter 3, the seismic hazard levels are discussed. The earthquake
accelerograms used in the SAC project are discussed. Provisions for devel oping response
spectraarerequired. Analysis procedures and modeling of structures for linear and nonlinear
analysis are discussed in Chapter 4. Results of studies on the accuracy of seven analysis
procedures are presented. Next, in Chapter 5, a statistical and reliability framework for
comparing and evaluating predictive models for design and evaluation is presented.
Performance levels and objectives, the performance evaluation process, and concepts on demand
and capacity are given. A dual-performance level framework is developed which resultsin
acceptance criteriathat consider the randomness and uncertainties in the process. The
development of the SAC ground motions and the different seismic hazard levels and their
determination are discussed in Chapter 4. Predictive models for performance prediction are
presented and evaluated in Chapter 5. Chapter 6 presents guidelines for design and performance
evaluation of new steel moment frame buildings. In Chapter 7, performance eval uation of
ordinary and partially restrained steel moment framesis presented. Evaluation and performance
prediction for existing buildings are covered in Chapter 8, while Chapter 9 covers evaluation and
performance prediction for damaged buildings.

1.6 Summary

The SAC Phase 2 project involves several teams doing basic and applied topical
investigations on system performance, connection performance, material properties, welding and
joining processes and other topics important to the design, evaluation and construction of steel
moment frames subjected to seismic loads. The Performance Prediction and Evaluation (PPE)
team was charged with assimilating research results developed by other teams with its own
research in order to develop a state-of-the-art performance-based method for performance
evaluation of new, existing and damaged steel moment frames.

Certain areas in the San Francisco area experienced major damage during the 1989 M7.1
Loma Prieta earthquake that shook parts of the San Francisco Bay area. Even though the level of
shaking was only ¥to ¥z of the design-level earthquake in the metropolitan area, more than $7
billion of damage occurred. The 1994 Northridge earthquake caused about $20 billion of
damage. Of course, this earthquake caused fractures of connectionsin steel moment-frame
buildings and caused alarm in the minds of the public and the design profession who worried
about the safety of this class of construction. This has caused a flurry of discussion and research
on performance-based engineering.

Performance-based engineering takes a holistic view of functionality of a building from
conception to the end of its usefulness. Therefore, it isamuch broader concept than
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performance-based seismic design, where the design professional develops a building design that
will satisfy one or more performance levels for selected seismic hazard levels. One goal of this
approach isto limit damage to buildings under minor seismic events. Although thisisthe correct
approach for the profession to pursue, the scope istoo broad for the SAC program which is
focused on limiting structural damage. Nevertheless, one valuable product of the SAC project is
a performance-based design and evaluation procedure that could serve as the basis of future
performance-based engineering specifications.

The specific issues related to performance-based evaluation that this report addresses are the
following:

» the need to reconcile information on demand and capacity on aregional basis,

» the need to account for uncertainty in performance associated with unanticipated events,
» theneed to have a basis to understand performance and to set realistic expectations,

» thevariability of performance for similar buildings located near one another,

* unique issues associated with fracturing of connections such as collapse,

» theneed to evaluate and calibrate different analytical methods,

» theneed to consider new buildings and existing ones on a consistent basis,

» the development of areliability framework for the process,

» theneedto set realistic performance levels with appropriate seismic hazard, and

» the need to understand and quantify local and global behavior leading to collapse.

The two major features of a performance based approach to seismic evaluation are the
performance levels and the seismic hazards. The expression of the seismic hazard is the
response spectrum acceleration. The maps developed by the USGS for the 1997 NEHRP
Provisions were adopted by the SAC project. These are maps that plot the expected spectral
accelerations at a short period, and one-second period that have a 2% in 50 year (2/50) or 50% in
50 (50/50) year probability of being exceeded. The procedure for converting these spectral
accelerations to design valuesis different for performance evaluation using the new procedure
from that used for new design in the NEHRP Provisions. The reasons for this are discussed.
The SAC project had suites of earthquake accelerograms developed for different hazard levels
and soil conditions for Los Angeles, Seattle and Boston. Their role in the SAC research projects
and the performance-based eval uation procedure is also explained.

One of the key objectives of the PPE team was to evaluate and calibrate predictive methods
for calculating seismic demand. It was decided to include only those methods that have reached
alevel of maturity that their use was familiar to a broad sector of the engineering community.
Asaresult, several exciting new procedures are not considered. So this section of the report
could be labeled as the state of practice rather than the state of the art.

Eight analysis procedures were evaluated and calibrated. These are the 1997 NEHRP
equivalent lateral force and modal analysis procedures, the FEMA 273 linear static, linear
dynamic and nonlinear static procedures, the capacity spectrum method and linear and nonlinear

1-13



FEMA-355F Performance Prediction and Evaluation of
Chapter 1. Introduction Steel Moment-Frame Buildings

time history analysis procedures. Bias factors for each procedure are presented that remove the
systematic errors associated with each and result in equal median demand predictions for given
hazard level. Thetables give bias factors as a function of building height, hazard level and
building irregularity. The statistics of the predictions are used to develop reliability-based
demand factors for use with the new evaluation procedure. State-of-the-art modeling procedures
for linear and nonlinear analysis are described that include the effects of panel-zone yielding,
fracturing connections, strength degradation due to local flange buckling, and moment-rotation
behavior of gravity connections.

A new reliability-based performance-based evaluation procedure is presented. Two
performance levels are defined. The Collapse Prevention (CP) structural performance level is
defined as the postearthquake damage state in which the building is on the verge of experiencing
local or global collapse. Significant degradation has occurred in the strength and stiffness of the
building, which may be atotal financia loss. Thisis paired with the 2/50 hazard level to
establish a performance objective. The Immediate Occupancy performance level is defined as
the postearthquake damage state in which only limited structural damage has occurred. Damage
is expected to be so dlight that if not found during inspection there would be no cause for alarm.

The spectral accelerations used for evaluation are median values for the hazard level of
interest. Calculated demands and capacities used for evaluation are also usually median values.
Asaresult, it should not be surprising if half of the buildings failed to meet the stated
performance objectivesif subjected to the design event. Thisis clearly unacceptable. A key and
unique feature of the new performance evaluation model isthat it allows the design professional
to estimate the level of confidence that the building will satisfy the performance objective. The
target values for the SAC project were to have a 95% confidence that a building will meet the CP
performance level for the 2/50 hazard, and a 95% confidence that a building will meet the IO
performance level for the 50/50 hazard.

Another key element of the new procedure is that capacity and demand are stated in terms of
observable and quantifiable behavior. Asaresult, the acceptance criteriaare expressed in terms
of story drift. Thisrequired that local and global collapse be defined in terms of story drift.

A new analytical procedure isintroduced for defining the state of incipient global collapse of
abuilding under seismic attack called the Incremental Dynamic Analysis (IDA) procedure.
Twenty buildings designed in accordance with the 1997 NEHRP Provisions and assumed to have
prequalified post-Northridge moment connections that were tested by the Connection
Performance team were analyzed and evaluated. The set consisted of eight 3-story, eight 9-story
and four 20-story buildings with different configurations. The global collapse drifts were found
to be 10% for the 3-story and 9-story buildings and 9% for the 20-story buildings. Performance
evaluations of the buildings revealed that there is a 99% confidence that the 3- and 9-story
buildings will satisfy the performance objective and a 93% confidence level that the 20-story
building will do so aswell. Additional analysisindicated that any connection behavior that
satisfies the AI1SC test protocol should be expected to demonstrate similar performance.

Thelocal collapse drift for pre-Northridge and post-Northridge connections were determined
from laboratory tests of full-size specimens conducted by the Connection Performance team.
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The local collapse drift was defined as the point at which the beams could no longer carry
gravity loads. This could result from the loss of a shear tab or the development of alow-cycle
fatigue crack that has progressed most of the way through the web of the beam. The local
collapse criteria were evaluated for the 20 new buildings assuming that the reduced beam section
connection was used. The local collapse drift for this connection is 7%. The confidence levels
that the 3-, 9- and 20-story buildings will satisfy the local collapse performance objective are
96%, 93% and 96%, respectively. Similar results were found for the IO performance level for
the 50/50 hazard. Based on these results, it was decided that building designs conforming to
the1997 NEHRP Provisions, in conjunction with the new prequalified connections, will result in
steel moment-frame buildings that will exhibit good performance in future earthquakes.

The performance evaluations reported above required calculating the maximum story drifts
for the 20 post-Northridge buildings for 20 accelerograms representative of the 2/50 hazard level
for aLA site. Severa interesting results were observed as aresult of these analyses. The
median, 84™ and 95™ percentile drift demands for the 3-story building were 0.027, 0.039 and
0.046, respectively. For the 9-story buildings they were 0.029, 0.045 and 0.057, while they were
0.021, 0.033 and 0.050 for the 20-story buildings. Thus, theratio of local capacity to median
demand was approximately 2.7 on average.

The performance of Ordinary Moment Frames (OMF) and frames with partially restrained
connections were also evaluated. OMF buildings are assumed to be less ductile than Special
Moment Frame (SMF) buildings. Asaresult, they are designed for twice as large seismic forces,
are restricted to regions of low to moderate seismicity, and have height limitations.

Three aspects of OMF frames were studied: weak panel zones, weak column designs and
local flange buckling in beams and columns. The effects of local buckling were minor for two
reasons. First, because they are designed for larger forces the members tend to be stocky so the
degree of local buckling expected to occur islow. In addition, columnsin perimeter moment
frames tend to be vertical beams since the axial loads are very small compared to the bending
moments that develop under seismic loads. The weak panel zones and weak column designs did
not adversely affect the performance of the 3- and 9- story buildings. However, story
mechanisms developed in the 20-story buildings with weak panel zones and weak column
designs. They suffered global collapse for severa of the accel erograms representing the 2/50
hazard level. Asaresult, it isrecommended that frames with weak panel zones and weak
column designs be restricted to 100 feet tall in SPC C regions.

Partially restrained (PR) beam connections are flexible compared to the stiffness of the
beams. A connection is considered to be partially restrained (as opposed to fully restrained (FR))
if ten percent of the frame deflection results from the flexibility of the connections. PR
connections can be full-strength, partial-stiffness or partial-strength, partial-stiffness
configurations. Three types of connections were evaluated: T-stub, end-plate and clip angle
connections. The CP team tested the first two types, and a significant amount of data was
available for the third. The CP team developed procedures for modeling stiffness and identifying
failure mechanisms. A number of 3- and 9-story buildings were designed for different
geographic locations, seismic performance categories and site conditions. Demands and
capacities were determined. A performance evaluation of each building was performed which
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indicated that the confidence that each would satisfy both the CP and 10 performance objectives
isover 95%.

The general public and the design profession are concerned about the safety inherent in the
existing steel moment frame buildings with brittle pre-Northridge connections. Fracture usually
occurs at about the plastic moment capacity of the beam, which resultsin ductility capacity of
one or less. SMF buildings are expected to experience ductility demands of three or more when
subjected to the design earthquake. Although no steel buildings collapsed during the Northridge
earthquake, many experienced fractured connections for ground motion levels considerably
smaller than the design event. A new beam connection element was developed in order to study
this problem. The element is able to model the pre-fracture and post-fracture behavior of the
connections using the Drain 2DX analysis program.

Guidelines for performance evaluation of pre-Northridge buildings are presented. Such
things as performance levels and objectives, materia properties, condition assessment and
analytical modeling procedures are discussed. Different features of the older buildings are
identified that might be useful in the evaluation process. These include the year of construction
and the stiffness of the building.

The seismic provisionsin the UBC and the AISC specifications are reviewed for each edition
going back to the early 1960’s. Major changes in the codes and the years in which they occurred
were noted. The two most important features that affect the expected performance are the design
base shear and the drift limitations because they strongly affect the expected drift demand. Prior
to 1976 there was no drift limit for seismic loads. It is surmised that some design offices used
the wind drift limitations for seismic design, but is likely that many did not. In addition, there
were no panel zone limitations during this period.

In order to study this problem, a 3-story, 9-story and 20-story building was designed for the
UBC and AISC provisionsin effect in 1973, 1985 and 1994. Actually, a prominent structural
engineering firmin LA designed the 1994 buildings. The nominal member sizes and building
configurations chosen for these buildings were also used for the 1973 and 1985 building designs.

IDA analyses of the 1973 designs revealed that the global collapse capacities are 10%, 8%
and 7% for the 3-, 9- and 20-story buildings, respectively. The median demands for the 2/50
accelerograms were 0.062, 0.059 and 0.045. So the capacity/demand ratio averages 1.5. The
local collapse drift for these connections depends on the depth of the beams and was assumed to
be 0.04. None of the buildings, on average, is expected to satisfy the local collapse performance
level. The confidence levels that the buildings will satisfy the global collapse performance level
for the 2/50 hazard are 71, 20 and 46% for the 3-, 9- and 20-story buildings, respectively. For
local collapse the confidence levelsare 1, 1 and 6%.

The 1985 buildings are expected to perform somewhat better than the 1973 buildings. The
3-, 9- and 20-story buildings have global drift capacities of 10%, 9.4% and 7%, respectively,
while the median demands are 5.8%, 4.8% and 3%. The confidence levels that the buildings will
satisfy the global collapse performance levels for the 2/50 hazard are 76%, 69% and 71%. The
1994 buildings are expected to perform only alittle better than this. They had confidence levels
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of 83%, 70% and 75% that they would satisfy the collapse prevention performance objective.
The ramifications of these results are discussed. It isrecommended that the minimum acceptable
confidence level that a building will satisfy the CP performance level should be about 90% for
the 50/30 hazard level which represents areturn period of about 44 years. Infact, al of the
existing buildings considered in this study have a 99% confidence level that they will satisfy the
CP performance level for the 50/50 hazard level which has a return period of about 72 years.

Thefinal issuethat is considered in this report is performance eval uation of damaged
buildings. One of the most pressing problems facing structural engineers after amajor
earthquake is deciding if abuilding may be occupied while fractured connections are being
repaired. Inlight of the results reported above for existing but undamaged buildings, it should be
clear that the safety of damaged buildings would be difficult to ascertain. It may be required to
consider the relative safety of abuilding before and after the damage as opposed to the absolute
level of safety.

Several studies are reported which considered the pre-Northridge buildings previously
described. Each building was subjected to an earthquake representing the 2/50, 10/50 and 50/50
hazard levels. The damage state was noted and then the building was subjected to the same
earthquake again. The purpose was to determine the probability of a building surviving a second
earthquake with the same intensity asthefirst. The resultsfor the 1994 building were described
in the most detail. The 3-story building suffered the worst since it experienced global collapse
during the first application of the 2/50 accelerogram and local collapses after the second
application of the 10/50 accelerogram. The 9-story building had most of its connections suffer
bottom flange fractures during the first application of the 2/50 accelerogram and several local
collapses during the second. It was able to survive both applications of the 10/50 and 50/50
accelerograms without global or local collapse. The 20-story building experienced no local or
global collapse for any combination of earthquakes.

A procedure is presented for evaluating damaged buildings using static analysis procedures
to analyze the building before and after the damage has occurred. Modeling procedures for
handling bottom flange fractures are described and examples of “before and after” analyses are
presented. One helpful feature for the damaged building is that its first-mode period of vibration
islarger than for the undamaged state, which usually will reduce the demand during a second
event.

Finally, the performance-based evaluation procedure is used to determine the level of safety
of adamaged building. It can be a helpful tool when trying to determineif a building may
remain occupied after suffering damage. The hazard level to consider in this situation is not
clearly defined since the repair or rehabilitation process should only require months instead of
years. A confidence level of 90% of satisfying the CP performance level for the 50/30 hazard
level should be adequate. All of the buildings considered in this study had a high confidence of
satisfying this performance goal if only bottom flange fractures occurred during the first event.
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2. PERFORMANCE-BASED DESIGN AND EVALUATION

2.1 Background and Description of Performance-Based Design

Recent earthquakes in Northridge, Californiaand Kobe, Japan have resulted in billions of
dollars of damage to buildings, bridges, and other structures and the loss of thousands of lives.
The suffering people displaced from their homes and businesses wonder why. Lessons learned
from the Michoacan earthquake in Mexico City in 1985, and from the San Fernando and Loma
Prieta earthquakes that rocked parts of California, have been verified in these recent earthquakes.

Major damage occurred during the 1989 M7.1 Loma Prieta Earthquake, which shook parts of
the San Francisco Bay Area. Even though the level of shaking was only 1/4 to 1/2 of the design
level earthquake for a metropolitan area, more than $7 billion dollars of damage occurred
(SEAOC, 1995). The 1994 M6.7 Northridge earthquake caused about $20 billion of damage.
These observations have stimulated much interest and activity in performance-based design
philosophies. Asobserved in the Vision 2000 report devel oped by the Structural Engineers
Association of California (SEAOC, 1995), “ Although no loss of life occurred in modern
buildings designed to recent building codes, the economic loss which occurred was judged both
by the structural engineering profession and public policy makers astoo large for this moderate
event. A need wasidentified for new building design and construction procedures which could
better meet society’ s requirement that property and business interruption losses in moderate
earthquakes be controlled to acceptable levels.”

The underlying philosophy for current seismic design codes and practice in the United States
is expressed in the Commentary to the 1990 Blue Book (SEAOC, 1990):

1. No damageto either structural or nonstructural components during minor shaking.

2. Limited nonstructural damage, but no damage to structural components during moderate
shaking.

3. Structural and nonstructural damage during severe shaking; total building collapseis
prevented.

The goal contained in the code is one of life safety. Although this could be an excellent
framework for a performance-based design code, there are at |east two major flawsin its
application. Minor, moderate, and major earthquakes are not specified in terms of size or
probability of exceedance. Also, thereisno clear calculable building response that can be
associated with observable levels of damage or collapse. In fact, thereisno clear connection
between the code provisions and the expected performance of the building. The implicit
performance level is protection against loss of life. The other two objectives given above are
assumed to be met.

Performance-based design or engineering requires more than just a set of new provisions, it
requires a new attitude toward seismic design. A recent report, “ Performance-Based Seismic
Engineering of Buildings’ (SEAOC, 1995) provides an excellent discussion on philosophy and
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development of performance-based seismic design codes. This report contains an insightful
description of performance-based engineering. Performance-based engineering is a process that
begins with the first concepts of a project and lasts throughout the life of the building. It
includes selection of the performance objectives, determination of the site suitability, conceptual
design, preliminary design, final design, acceptability checks during design, design review,
quality assurance during construction, and maintenance during the life of the building. Each step
iscritical to the design and must be addressed to alevel suitable to the performance objective
selected. Performance-Based Engineering, not Performance-Based Design, is the most suitable
title for this process since it encompasses all aspects of the effort and not just those related to
design (SEAOC, 1995).” Inthelight of recent damaging earthquakes, thereis afeeling in the
engineering profession that we can do better. This has stimulated a flurry of activity and
thinking about performance-based engineering and design.

Performance-based engineering is a much broader concept than performance-based design.
It takes a more holistic consideration of functionality of the building from its conception to the
end of its usefulness. The SAC project made a conscious decision to consider a much narrower
view of the process. It was decided to consider those issues related to performance-based
evaluation. To further narrow the scope, it was decided that objectives of the SAC project would
not include consideration of nonstructural damage. So, only structural damage and protection of
lives are considered herein. A complete performance-based design procedure must consider the
operational level of performance where the structure behaves in the elastic range. Prevention of
damage to architectural features and mechanical and electrical systemsis the chief concern.

In arecent position paper written by R. O. Hamburger (1998), Director of Product
Development for the SAC Project, an excellent description of performance-based designis
given. A paraphrase follows that accurately describes the basis for the philosophy driving the
SAC Steel Project.

Performance-based design of structures for seismic resistance is anew concept that is rapidly
developing. Asstated by SEAOC (1995), the purpose of performance-based engineering is to
permit the design and construction of structures such that they will provide specific intended
levels of performance within defined levels of reliability. SEAOC and severa recently
published design methodology documents, FEMA-273 (ATC, 1997) and ATC-40 (ATC, 1996)
pioneer the practice of performance-based seismic design. Performance specifications consist of
the designation of one or more limiting damage states, which should not be exceeded, given that
ground shaking hazards of specific severity are experienced.

As mentioned above, typical damage states, termed performance levels, referenced by
SEAOC, FEMA-273 and ATC-40, include an incipient collapse state, often termed “ Collapse
Prevention;” a“Life Safety” state, which is somewhat arbitrarily defined as the damage that
occurs when demands are a specified fraction of those that produce the * Collapse Prevention”
state; and an Immediate Occupancy state, representing a state of very limited damage with
negligible compromise of original structural strength, stiffness, or deformation capacity. Ground
shaking hazards are typically specified in a discrete manner, based on the probability of their not
being exceeded. Typical hazard levels include hazards with 2%, 5%, 10%, and 50%
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probabilities of not being exceeded in 50 years. By coupling one of these hazard levels with a
corresponding performance level, or damage state, which should not be exceeded at that hazard
level, adesign performance objective is obtained. Although the FEMA-273 and ATC-40
methodol ogies prescribe engineering procedures to design for such performance objectives, no
attempt has been made in these documents to characterize the reliability of the methodology.
Thisissimply stated: Using the FEMA-273 and ATC-40 methodologiesit is possible to design
for agiven damage state at a given hazard level. However, the probability that a structure
designed using these methodol ogies will actually not exceed that damage is undefined. These
approaches are based on mean or median values, so it should not be a surprise if 50% of the
buildings designed in accordance with their provisions fail to meet the performance objective in
response to the appropriate earthquake. The design procedures to be employed by the SAC
project are intended to advance the state of the art by providing quantification of thisreliability.

Performance-based design includes selection of appropriate building sites, systems, and
configurations as well as analytical procedures used in the design process to confirm that the
structure has adequate strength, stiffness, and energy dissipation capacity to respond to design
ground motions without exceeding permissible damage states. The methods described in this
report are applicable to evaluation used as part of the design process or for assessment of a
damaged, or undamaged, existing building to determine its expected future performance
capabilities.

The SAC project provides a unique opportunity for the development of performance-based
design and evaluation procedures. Fundamental research is being done on a broad range of
topics including system performance, connection performance, material properties and behavior,
welding and joining processes, performance prediction, and evaluation and reliability and
reliability-based design. In addition to the researchers, imminent engineers and social scientists
from across the country are providing their expert opinion tempered by years of experience. The
framework laid in the SAC project could be the basis of afuture performance-based design code.

The specific issues related to performance-based evaluation that the SAC project will address
include the following:

» the need to reconcile information on demand and capacity on aregional basis as devel oped
by other SAC working groups,

» the need to account for uncertainty in performance associated with unanticipated
performance and fracture,

» the need to have abasis to understand performance and to set realistic expectations,
» thevariability of performance for similar buildings located near one another,
* unique issues associated with fracturing of connections such as safety against collapse,

» theneed to evaluate and calibrate different analytical methods becoming available,
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the need to consider new buildings and existing ones on a consistent basis,
» the development of areliability framework for the process,
» theneed to set realistic performance levels with the appropriate seismic hazard,

» the need to have a consistent probability-based method that is transparent to the engineer and
owner voluntarily electing to have a higher performance level, and

» the need to understand and quantify local and global behavior leading to collapse.
These issues are discussed below.

2.2 Basic Definitions

It will be helpful to the reader if basic definitions of important parameters and concepts are
given at this point.

Acceptance Criterion The value of a design parameter to which a specific performance
can be said to be achieved with suitable confidence.

Bias Factor (Cg) A factor used to adjust predictions of demand or capacity for
systematic inaccuracies (either under-prediction or over-
prediction) known to be inherent in the predictive methodol ogy.

Capacity Factor (¢) A factor applied to a capacity for a structure or structural
component in order to account either for the inherent variability
(randomness) or for information limitations (uncertainties) in the
estimation of the structure’ s capacity.

Confidence Factor (Acon) The ratio of the factored capacity and factored demand. Used with
probability tables to determine the confidence level that a building
will satisfy its performance objective.

Demand Factor (y) A factor applied to the demand (value of adesign parameter)
predicted by analysisin order to account for the inherent
variability (randomness) or for information limitations
(uncertainties) in the estimation of this demand.

Design Parameter A structural response parameter that can be used as a measure of
performance. Examples include component forces, plastic
rotations, and story drifts.

Hazard Curve A graphic representation of the variation in ground motion as
defined by a suitable parameter, such as spectral acceleration,
velocity, or displacement, with annual probability of exceedance.
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Asused in SAC documents, hazard curves are assumed to be
plotted on log-log paper.

Performance Level A state of defined and observable damage of a building.

Performance Objective The selection of ahazard level to be matched with a performance
level.

Randomness A measure of scatter of predictions of a parameter (either demand

or capacity) that cannot be attributed to specific factors that can be
predicted. The degree of randomnessiis irreducible regardless of
the number of samplesthat we take. Theyield strength of a steel
member that will be purchased in the future is arandom property.

Uncertainty A measure of the scatter of predictions of a parameter (either
capacity or demand) that can be attributed to specific factors,
which, by themselves, have uncertain values. The degree of
uncertainty is reducible with more or better knowledge. If we need
to determine the yield strength of a specific steel in acolumn of an
existing building, we can reduce the uncertainty by collecting more
samples from it for testing.

2.3 Performance Levels

As defined above, a performance level is a state of defined and observable damagein a
structure or structural component. This might range from collapse of a structure to cracking of
windows or afacade. One of the most basic issues that needs to be addressed is the
establishment and definition of appropriate performance levels and performance objectives. Ina
recent SAC report by Wen and Foutch (1997), the following guidelines for establishing
performance levels and objectives were recommended:

1. Performance levels need to be stated in terms of probability given the large uncertainty in
both loads and resistance. The performance levels need to be described directly in
probabilistic terms for multiple performance goals. The performance objectives can be
achieved by specifying multi-level probability based design earthquake response spectra
associated ground motions and structural performance criteriathat the building has to satisfy
at each level.

2. The performance levels should cover the full range of performance from operational to
incipient collapse and should be specified in terms of specific observable behavior that can
be associated with calculable building response. A consensus needs to be established asto
which calculated response and what seismic hazard level we should use as the proper limit
for the performance objective, such as an interstory drift of 2% for incipient damage and 9%
drift for incipient collapse.
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3. Thetarget reliability levels can be decided by comparing risk and expected loss and damage
corresponding to each performance goal due to seismic hazard or other societal risks. The
target reliability levels obtained for different performance goals can be used as the basis for
setting acceptance criteriafor evaluation and design.

In short, the performance goals should be based on reliability and uncertainty principles, they
should be based on calculated response associated with observed behavior, and the acceptable
risks should be determined.

The first performance-based seismic design procedure developed in the U.S. that has gone
through a broad review process was developed by the Applied Technology Council (ATC) for
the Building Seismic Safety Council (BSSC) and funded by the Federal Emergency Management
Agency. Itisentitted NEHRP Guidelines for the Rehabilitation of Buildings and is published as
FEMA 273 (ATC, 1997a) with the Commentary as FEMA 274 (ATC, 1997b). This report
identified four performance levels. Operational, Immediate Occupancy, Life Safety, and
Collapse Prevention. The definition of a performance level is the “intended postearthquake
condition of a building; awell-defined point on a scale measuring how much lossis caused by
earthquake damage; in addition to casualties, loss may bein terms of property and operational
loss (ATC, 19974).” The Vision 2000 (SEAOC, 1995) report aso identified four performance
levels: Fully Operational, Operational, Life-Safe, and Near Collapse. These are similar to those
presented in FEMA-273.

The following descriptions of these four performance levels as described in FEMA-273 are
asfollows:

Operational Level - Buildings meeting this performance level are expected to sustain
minimal or no damage to their structural or nonstructural components. The building is
suitable for its intended use, although possibly in a slightly impaired mode, with power,
water and other utilities provided from emergency sources, and possibly with some
nonessential systems not functioning.

Immediate Occupancy Level - Buildings meeting this performance level are expected to
sustain minimal or no damage to their structural elements and only minor damage to their
nonstructural elements. While it would be safe to reoccupy a building meeting this
performance level immediately following a major earthquake, nonstructural systems may not
function dueto either aloss of electrical power or internal damage to equipment. Therefore
it may be necessary to perform some cleanup and repair, and await the restoration of utility
service before the building could perform inits norma mode. For steel moment frame
buildings, some connection or member damage may be discovered during post-earthquake
inspection, but this would be minimal and repairable while the building remains occupied.
There will be no fractures and only minor local buckling or member distortion. No
permanent drift will be observed.

Life Safety Level - Buildings meeting this level may experience extensive damage to
structural and nonstructural components. Repairs may be required before re-occupancy of
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the building occurs, and repair may be deemed economically impractical. Therisk to lifein
this building would be low. Hingeswill form in steel moment frames. Severe joint
distortion and isolated moment connection fractures will be observed. But shear connections
needed to support gravity loads will remain intact. Large permanent drifts exceeding 2.5%
should be expected.

Collapse Prevention Level - Buildings meeting this performance level may pose
significant hazard to life safety resulting from failure of nonstructural components or major
structural damage. However, because the building does not collapse, gross loss of life should
not occur. Perhaps all buildings meeting this performance level will be complete economic
losses. For steel moment frames, there will be extensive deformation in beams, columns, and
panel zones. Many fractured moment connections will be observed, but shear connections
will remain intact. Transient drifts of 5% or greater will occur.

No drift limits were established in FEMA 273. Vision 2000 stated transient and permanent
drift limitations as follows: Operational: < 0.5% transient and no permanent; Life Safety: 1.5%
and 0.5%; Near Collapse: 2.5% for both. There was also a difference between FEMA 273 and
Vision 2000 in the suggested hazard level to combine with the performance levelsto establish a
performance objective.

2.4  Reliability and Performance-Based Evaluation

A method for performance evaluation based on reliability analysis and performance
objectivesis presented in the next chapter. Two performance levels are defined. Performance
objectives are established such that the performance objectives may be satisfied within agiven
level of confidence. The randomness and uncertainty associated with predicting the capacity and
demand are explicitly accounted for.
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3. SEISMIC HAZARD AND CODE PROVISIONS

3.1 Background and Special SAC Ground Motions
3.1.1 Maximum Considered Earthquake Ground Motions

The seismic hazard is represented by an elastic response spectrum acceleration as a function
of period. These spectral acceleration values used in the SAC Recommended Criteria (FEMA-
350 to 353) were determined and mapped by the USGS for the NEHRP Recommended
Provisions for Seismic Regulations for New Buildings and Other Structures (BSSC, 1997a)
(FEMA-302). This short description paraphrases material presented in the Commentary to this
document (BSSC, 1997b) (FEMA-303).

The intent of the NEHRP Provisions is to provide a uniform level of performance of
structures for all regions of the U.S. Theintent isto provide auniform level of safety against
collapse for the Maximum Considered Earthquake (MCE). For most regions of the U.S,, the
MCE is defined as the earthquake ground motion with a uniform likelihood of exceedance of 2
percent in 50 years (2/50). This represents an earthquake with areturn period of 2,475 years.

“In regions of high seismicity, such as coastal California, the seismic hazard is typically
controlled by large-magnitude events occurring on alimited number of defined fault systems.
Ground shaking calculated at a 2% in 50 years likelihood would be much larger than that which
would be expected based on the characteristic magnitudes of earthquakes on these known active
faults. Thisis because these major active faults can produce characteristic earthquakes every
few hundred years. For these regions, it is considered more appropriate to directly determine
maximum considered earthquake ground motions based on the characteristic earthquakes of
these defined faults. In order to provide for an appropriate level of conservatism in the design
process, when this approach to cal culation of the M CE ground motion is used, the median
estimate of ground motion resulting from the characteristic event is multiplied by 1.5.” (FEMA-
303).

Unfortunately, this contaminates the reliability-based design and evaluation procedures
described below. Specific references describing how the maps were generated are given in the
Commentary to the NEHRP Provisions (BSSC, 1997b) (FEMA-303).

One other simplification was also introduced. The design of new buildings using the
NEHRP Provisions, or those given in the 1997 Uniform Building Code, is based on elastic
analysis procedures. As aresult, al buildings will have significant strength above that assumed
for design. Thisisrecognized, for instance, by noting that the Cy4 value is less than the R value.
To account for thisin the design procedure, it is assumed that the lower bound on this strength
ratiois 1.5 for all building systems. Asaresult, the spectral accelerations from the maps are
multiplied by 2/3 for usein design. This further contaminates the reliability-based calculations
introduced herein. A better approach would be to omit the 2/3 factor and increase the R value.
Performance evaluation of buildings designed by the 97 NEHRP Provisions satisfy the
performance objectives established by the SAC project and described in Chapter 6. Asaresult,
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the SAC Recommended Criteria for design of new buildings adopt this same convention, to
avoid confusion. The global and local capacities are also multiplied by 2/3 to compensate for
this. For performance evaluation of new buildings, existing, or damaged buildings, however,
this convention is not followed. Consequently, design of new steel frame buildings will not be
considered explicitly in this report.

3.1.2 Special Ground Motion Time Histories Developed for the SAC Studies

The studies on system performance conducted by the System Performance team and the
reliability based approach to performance evaluation devel oped by the Performance Prediction
and Evaluation (PPE) team required sets of ground motion accel erograms consistent with the
different hazard levels that were considered.

Several sets of accelerograms for different locations, hazard levels, and site conditions were
developed for the SAC Recommended Criteria by Sommerville, et al. (1997). The different
families of accelerograms were developed in such away that they were representative of the
natural randomness that is present in the earthquake environment.

“Ground motion estimates were devel oped by Sommerville and his colleagues for three
locations in the United States (Boston, Seattle and Los Angeles) corresponding to seismic zones
2, 3 and 4, respectively. Suites of 20 time histories for each were provided for two probabilities
of occurrence (2% in 50 years and 10% in 50 years) in each of the three locations for firm soil
conditions. Time histories were also provided for 50% in 50 years for Los Angeles. Time
histories for soft soil profiles were provided for 10% in 50 yearsin all three locations. Near fault
time histories were aso provided for seismic zone 4 conditions’ (Sommerville, et al., 1997).

The target response spectrafor the different hazard levels and locations are given in Table
3-1

Before the PPE studies began, the average spectrum for the 20 time histories for the 2/50
hazard for the LA site was calculated and plotted with the |east-squares-fit NEHRP spectrum
determined for the spectral points givenin Table 3-1. These plots are shown in Figure 3-1. For
some reason, the average spectrum for the accelerograms did not fit the NEHRP spectrum well.
In order for the reliability calculations to be meaningful, it was important that these two plots
coincide. After discussing thiswith Sommerville, it was decided to multiply all accelerograms
in the set by a scale factor of 0.83. The corrected average spectrum is also shown in Figure 3-1.
This approach was taken so that the natural randomness represented in the 20 accelerograms
would not be affected. Similar adjustments were also made for other sets of accelerograms. The
scale factors used for each are given in Table 3-2. Plots of selected average spectra are shown in
Figure 3-1 to Figure 3-3.
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Table 3-1 Target Response Spectra for Site Category Sp
Return Period Location Period (% damping)
0.3 1.0 2.0 4.0
2% 50 years
Boston 0.34 0.16 0.077 0.030
Seattle 1.455 1.00 0.41 0.164
Los Angeles 1.61 1.19 0.54 0.190
10% 50 years
Boston 0.12 0.052 0.028 0.0108
Seattle 0.71 0.39 0.18 0.072
Los Angeles 1.07 0.68 0.33 0.123
50% 50 years
Boston 0.0239 0.00908 0.00516 0.001
Seattle 0.319 0.129 0.0582 0.0229
Los Angeles 0.514 0.288 0.149 0.069
50% 30 years
Boston 0.0135 0.00481 0.0027 0.0005
Seattle 0.229 0.0878 0.0397 0.0162
Los Angeles 0.434 0.219 0.110 0.0536

These are meant to represent a NEHRP Site Category D.
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Table 3-2 Scale Factorsfor Los Angeles, Seattle, and Boston Sitesfor Different
Hazard Levels

2/50 hazard

10/50 hazard

50/50 hazard

Los Angeles 0.83 0.90 0.72
Seattle 0.77 0.73 N/A
Boston 0.70 0.63 N/A

3.2 1997 NEHRP Requirements (BSSC, 1997a) (FEMA-302)

The SAC Recommended Criteria, FEMA-350 to 353, have adopted the maps and methods
for determining design ground motions and response spectra given in the 1997 NEHRP
Provisions (FEMA-302). Selected portions of these Provisions are given in this document for
reference purposes. Inthe NEHRP Provisions, the design spectral acceleration is obtained by
multiplying the spectral acceleration for the Maximum Considered Earthquake by 2/3 to account
for the fact that the building will be “at least” 1.5 times stronger than assumed for design. This
overstrength should be modeled on the capacity side and not the demand side of the design
equation as discussed in Section 3.1.1. For performance evaluation, this 2/3 factor is not used.
This report does not consider design of new buildings.
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3.2.1 Procedures for Determining Maximum Considered Earthquake and Design
Earthquake Ground Motion Accelerations and Response Spectra

“Ground motion accelerations, represented by response spectra and coefficients derived from
these spectra, shall be determined in accordance with the general procedure of Section 4.1.2 of
FEMA-302, (see Sec. 3.2.1.2, or the site-specific procedure of Sec. 4.1.3 of FEMA-302). The
general procedure in which spectral response acceleration parameters for the maximum
considered earthquake ground motions are derived using Maps 1 through 24, modified by site
coefficients to include local site effects and scaled to design values, are permitted to be used for
any structure except as specifically indicated in these Provisions. The site-specific procedure
also is permitted to be used for any structure and shall be used where specifically required by
these provisions.” (From FEMA-302.)

3.21.1 Maximum Considered Earthquake Ground Motions

“The maximum considered earthquake ground motions shall be as represented by the
mapped spectral response acceleration Ss at short period, and S; at 1 second obtained from Maps
1 through 24 of these Provisions’ (and adjusted for Site Class effects using the site coefficients
of Sec. 3.2.1.2D, herein). “When a site-specific procedure is used, maximum considered
earthquake ground motion shall be determined in accordance with Sec. 4.1.3 of FEMA-302.”
(From FEMA-302.)

3.2.1.2 General Procedure for Determining Maximum Considered Earthquake and
Design Spectral Response Accelerations

“The mapped maximum considered earthquake spectral response acceleration Ss at short
periods, and S; at 1 second, shall be determined from Maps 1 through 24.

For structures located within those regions of the maps having values of the short period
spectral response acceleration, Ss, less than or equal to 0.15g and values of the 1-second period
spectral response acceleration, Sy, less than or equal to 0.04g, accelerations need not be
determined. Such structures are permitted to be directly categorized as Seismic Design Category
A in accordance with Sec. 3.2.2.1, (herein).

For other buildings and structures, the Site Class shall be determined in accordance with Sec.
3.2.1.2A, (herein.) The maximum considered earthquake spectral response accelerations
adjusted for Site Class effects, Sus and Sy, shall be determined in accordance with Sec.
3.2.1.2D, (herein), and the design spectral response accelerations, Sps and Sps, shall be
determined in accordance with Sec. 3.2.1.2E, (herein.) The general response spectrum, when
required by these Provisions, shall be determined in accordance with Sec. 3.2.1.2F, (herein.)”
(From FEMA-302.)

“A. Site Class Definitions. For al structures located within those regions of the maps
having values of the short period spectral response acceleration, Ss, greater than 0.15g or values
of the 1 second period spectral response acceleration, S;, greater than 0.04g, the site shall be
classified as one of the following classes:
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A. Hard rock with measured shear wave velocity, v s> 5,000 ft/sec (1500 m/s)

w

Rock with 2,500 ft/sec < v s < 5,000 ft/sec (760 m/s < v s < 1500 m/s)

Very dense soil and soft rock with 1,200 ft/sec < v < 2,500 ft/sec (360 m/s< v s < 760
m/s) or with either " &/ >500r S, > 2,000 psf (100 k

. Stiff soil with 600 ft/sec < v s < 1,200 ft/sec (180 m/s < 360 m/s) or with either 15< NV

< 50 or 1,000 psf < S, < 2,000 psf (50 kPa< ™S, < 100 kPa)
A soil profile with v s < 600 ft/sec (180 m/s) or with either
~ N<15, S, < 1,000 psf,

or any profile with more than 10 ft (3m) of soft clay defined as soil with Pl > 20, w >
40%, and S, < 500 psf (25 kPa).

Soils requiring site-specific evaluations:

1 Sails vulnerable to potential failure or collapse under seismic loading such as
liquefiable soils, quick and highly sensitive clays, collapsible weakly cemented
soils.

2. Peats or highly organic clays (H > 10 ft [3m)] of peat or highly organic clay where
H = thickness of soil)

Very high plasticity clays (H > 25 ft [8m] with Pl > 75)
Very thick soft/medium stiff clays (H > 120 ft [36m])

Exception: When the soil properties are not known in sufficient detail to determine the Site
Class, Class D shall be used. Site Classes E or F need not be assumed unless the authority
having jurisdiction determines that Site Classes E or F could be present at the site or in the
event that Site Classes E or F are established by geotechnical data.” (From FEMA-302.)

“B. Stepsfor Classifying a Site (also see Table 3-3 below):

Step 1.  Check for the four categories of Site Class F requiring site-specific evaluation.
If the site corresponds to any of these categories, classify the site as Site Class
F and conduct a site-specific evaluation.

Step 2. Check for the existence of atotal thickness of soft clay > 10 ft (3m) where a
soft clay layer isdefined by: S, <500 psf (25 kPa), w = 40 percent, and Pl >
20. If these criteria are satisfied, classify the site as Site Class E.

Step 3:  Categorize the site using one of the following three methods with v, A,
and S, computed in all cases as specified by the definitionsin Sec. 4.1.2.2 of
FEMA-302:

a Vvsfor thetop 100 ft (30m) (v s method)
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b. ~ Nfor the top 100 ft (30m) (" /Vmethod)

c. N for cohesionless soil layers (Pl < 20) in the top 100 ft (30m) and
average S, for cohesive soil layers (Pl > 20) in the top 100 ft (30m) (S,

method).
Table 3-3 Site Classification
Site Cl - N oor NI —
Ite Class e N or Nch <
E <600 fps <15 < 1,000 psf
(<180 m/s) (<50 kPa)
D 600 to 1,200 fps 15t050 1,000 to 2,000 psf
(180 to 360 nVs) (50 to 100 kPa)
C > 1,200 to 2,500 fps >50 > 2,000
(360 to 760 m/s) (> 100 kPa)

NOTE: If the S, methodisused andthe Ay and S criteriadiffer, select the category
with the softer soils (for example, use Site Class E instead of D).

The shear wave velocity for rock, Site Class B, shall be either measured on site or estimated
for competent rock with moderate fracturing and weathering. Softer and more highly fractured
and weathered rock shall either be measured on site for shear wave velocity or classified as Site
ClassC.

The hard rock category, Site Class A, shall be supported by shear wave velocity
measurements either on site or on profiles of the same rock type in the same formation with an
equal or greater degree of weathering and fracturing. Where hard rock conditions are known to
be continuous to a depth of 100 ft (30m), surfacial shear wave velocity measurements may be

extrapolated to assess v .

The rock categories, Site Classes A and B, shall not be used if there is more than 10 ft (3m)
of soil between the rock surface and the bottom of the spread footing or mat foundation.” (From
FEMA-302.)

“C. Definitions of Site Class Parameters. The definitions presented below apply to the
upper 100 ft (30m) of the site profile. Profiles containing distinctly different soil layers shall be
subdivided into those layers designated by a number that ranges from 1 to n at the bottom where
there are atotal of n distinct layersin the upper 100 ft (30m). The symbol i then refersto any
one of the layers between 1 and n.

Vs = shear wave velocity in ft/sec (m/s).

di = thickness of any layer between 0 and 100 ft (30m).
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Vs =2 _- (3-1)

where" d; isequal to 100 ft (30m):
i=1

Ni is the Standard Penetration Resistance (ASTM D1586-84) not to exceed 100
blowg/ft as directly measured in the field without corrections.

Nis:
B z di
N=11 (3-2)
" d
i=1 Ni
“Mhis:
— d
=— 3-3
NCh i Q ( )
i=1 Ni
where > di=ds:
i=1
(Useonly di and N; for cohesionless soils.)
ds = total thickness of cohesionless soil layersin the top 100 ft (30m).
S = undrained shear strength in psf (kPa), not to exceed 5,000 psf

(250 kPa), ASTM D2166-91 or D2850-87.
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Siis
J— _ dC
Su— Kk g (3-4)
i=1 Sui
k
where Z di=d.:
i=1
dc = total thickness (100 - ds) of cohesive soil layersin the top 100 ft
(30m).
Pl = plasticity index, ASTM D4318-93.
w = moisture content in percent, ASTM D2216-92.”

(From FEMA-302.)

“D. Site Coefficientsand Adjusted Maximum Considered Earthquake Spectral
Response Acceleration Parameters: The maximum considered earthquake spectral response
acceleration Sys for short periods and Sy at 1 second, adjusted for site class effects, shall be

determined by Equations 3-5 and 3-6, respectively:

Sus= RS
and

S\/Ilz FVS.

(3-5)

(3-6)

where site coefficients F, and F, are defined in Tables 3-4 and 3-5, respectively.”

(From FEMA-302.)
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Table 3-4 Valuesof F, asa Function of Site Class and Mapped Short-Period Maximum
Considered Earthquake Spectral Acceleration

Site Class Mapped Maximum Considered Earthquake Spectral Response Acceleration at Short
Periods
Ss<0.25 Ss=0.50 Ss=0.75 Ss=1.00 Ss>1.25
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.2 1.2 1.1 1.0 1.0
D 1.6 1.4 1.2 1.1 1.0
E 2.5 1.7 1.2 0.9 a
F a a a a a

NOTE: Use straight line interpolation for intermediate values of Ss.
& Site-specific geotechnical investigation and dynamic site response analyses shall be
performed.

Table 3-5 Valuesof F, asa Function of Site Class and Mapped 1-Second Period M aximum
Considered Earthquake Spectral Acceleration

Site Class Mapped Maximum Considered Earthquake Spectral Response Acceleration at
1-Second Period
S;<0.1 S;=0.2 S$;=03 S;=04 S;>05
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.7 1.6 1.5 1.4 1.3
D 24 2.0 1.8 1.6 1.5
E 3.5 3.2 2.8 2.4 a
F a a a a a

NOTE: Usestraight lineinterpolation for intermediate values of ;.

& Site-specific geotechnical investigation and dynamic site response analyses shall be
performed.
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“E. Design Spectral Response Acceleration Parameters. Design earthquake spectral
response acceleration at short periods, Sys, and at 1 second period, Sy;, shall be determined from
Equations 3-7 and 3-8, respectively:

Sos = (2/3)Sys (3-7)

So1=(2/3)Sy, (3-8)
3.2.2 Seismic Design Category

Each structure shall be assigned a Seismic Design Category in accordance with Sec. 3.2.2.1,
herein. Seismic Design Categories are used in these Provisions to determine permissible
structural systems, limitations on height and irregularity, those components of the structure that
must be designed for seismic resistance, and the type of lateral force analysis that must be
performed.” (FEMA-302.)

3.2.21 Determination of Seismic Design Category

“All structures shall be assigned to a Seismic Design Category based on their Seismic Use
Group and the design spectral response accel eration coefficients, Sps and Sp;, determined in
accordance with Sec. 3.2.1.2E, herein. Each building and structure shall be assigned to the most
severe Seismic Design Category in accordance with Table 3-6 or 3-7, irrespective of the
fundamental period of vibration T, of the structure.” (From FEMA-302.)

Table 3-6 Seismic Design Category Based on Short Period Response Accelerations

Value of Spg Seismic Use Group
I I 11
Sps < 0.167g A A A
0.1679g < Sps < 0.33g B B C
0.33g < Sps < 0.50g C C D
0.509g < Sps D? D? D?

& Seismic Use Group | and |1 structures located on sites with mapped maximum considered
earthquake spectral response acceleration at 1 second period, S, equal to or greater than
0.75g shall be assigned to Seismic Design Category E and Seismic Use Group |11 structures
located on such sites shall be assigned to Seismic Design Category F.

3-12



Performance Prediction and Evaluation of FEMA-355F
Steel Moment-Frame Buildings Chapter 3: Seismic Hazard and Code Provisions

Table 3-7 Seismic Design Category Based on 1-Second Period Response Acceler ations

Value of Sp; Seismic Use Group
I I Il
Sp1 < 0.067g A A A
0.067g < Sp; < B B C
0.133¢g
0.133g < Sp; < 0.20g C C D
0.20g < Sp; D? D# D?

& Seismic Use Group | and |1 structures located on sites with mapped maximum considered
earthquake spectral response acceleration at 1 second period, S;, equal to or greater than
0.75g shall be assigned to Seismic Design Category E, and Seismic Use Group |11 structures
located on such sites shall be assigned to Seismic Design Category F.

3.2.2.2 Site Limitation for Seismic Design Categories E and F

“A structure assigned to Seismic Design Category E or F shall not be sited where there is the
potential for an active fault to cause rupture of the ground surface at the structure.

Exception: Detached one- and two-family dwellings of light-frame construction.” (From
FEMA-302.)

3.2.3 Occupancy Importance Factor

An occupancy importance factor, |, shall be assigned to each structure in accordance with
Table 3-8.
Table 3-8 Occupancy Importance Factors, |

Seismic Use Group |
| 1.0

" 1.25
" 15

3.3 Comparison of Seismic Demand for Design from Various Specifications

Welded steel moment frames began to be built in the 1950s. The seismic design
requirements, as well as the specifications for designing steel structures, have changed a great
deal between then and the present. The design spectra from selected past UBC provisions for a
Los Angeles site are shown in Figure 3-4. Also shown is the design spectrum for the LA site
from the current 1997 NEHRP Provisions. A direct comparison of these spectrafrom the older
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codes with those from the current code can be misleading, since the older designs used allowable
stress design while the new Provisions are based on strength (LRFD) design.

0.12

0104 - S S L AN el

008 - - - - \ i AR R L S

88 & 94UBC ' 79 & 85UBC

0.06 1 -

spectral acceleration(g)

0044 - - - - - " ONQL T TN Tl & e e
0024 ---- - - e Lo Pt P IR N N —
0.00 t t t
0.0 1.0 2.0 3.0 4.0
period(sec)

Figure 3-4 Design Response Spectrum for Special Steel Moment Frames 1973 UBC and
Later Years, Los Angeles

3-14



Performance Prediction and Evaluation of FEMA-355F
Steel Moment-Frame Buildings Chapter 4: Analysis Methods for Evaluation of Buildings

4. ANALYSIS METHODS FOR EVALUATION OF BUILDINGS

4.1 Introduction
4.1.1 Background

Seismic design codes have been used in parts of the U.S. for over 60 years. An excellent
historical review of past codes and critical review of current codes was recently published by the
Applied Technology Council (ATC) under the title A Critical Review of Current Approaches to
Earthquake Resistant Design (ATC, 1995). This document was heavily used in the development
of this report.

Currently there are three model building codes that are used in the United States: the
Uniform Building Code (UBC), (ICBO, 1997); the National Building Code (NBC) (BOCA,
1999); and the Standard Building Code (SBC) (SBCCI, 1999). Most local jurisdictions adopt all
or most of the seismic provisions given in one of these model codes. Only Wisconsin has not
adopted at least one of the model codes.

The UBC seismic provisions are based on the SEAOC “Blue Book” (SEAOC, 1997)
recommendations. The NBC and SBC seismic provisions are based on FEMA-302
recommendations. In the year 2000, all three model building codes will be combined to form the
International Building Code (IBC). The IBC seismic provisions will be based on an updated
version of FEMA-302, the 1997 NEHRP Provisions.

4.1.2 Brief Summary of Past Code Provisions

The performance of steel frame buildings during an earthquake is influenced by four factors
that are defined and specified in various codes: (1) the characterization of the intensity of the
ground motion; (2) the design base shear and distribution of specified design forces; (3) the
acceptance criteria based on the capacity of the structural members and the allowable story drift;
and (4) the detail requirements such as by/2t¢ values for Special Moment Frames. Of course,
there are also many factors that are not covered in the code, as discussed in Chapters 1 and 2.
Changing the requirements in any one of these parameters will affect the structure’s design and,
therefore, its performance during an earthquake. As a result, it is neither useful nor adequate to
consider any one of these factors without acknowledging and quantifying the effects of the
others. A historical perspective of how these factors have been specified in the UBC is included
in Chapter 7 on evaluation of existing buildings.

4.2  Description of Analysis Methods

Eight analysis and design procedures were evaluated for this project. The four elastic
procedures that were considered are the FEMA-302 equivalent lateral force and modal analysis
procedures, the FEMA-273 linear static and linear dynamic procedures, and the linear time
history analysis procedure. The three inelastic procedures that were considered are the FEMA-
273 nonlinear static procedure, the capacity spectrum procedure (Skokan and Hart, 1999), and
the nonlinear time history analysis procedure.

4-1



FEMA-355F Performance Prediction and Evaluation of
Chapter 4: Analysis Methods for Evaluation of Buildings Steel Moment-Frame Buildings

It is not feasible or necessary to review all of the design requirements for each procedure.
This section of the report will focus on the following features of each code: (1) the seismic
hazard and the depiction of the seismic demand; (2) description of the design forces and their
vertical distribution; and (3) the acceptance criteria. Most of the descriptive material is taken
verbatim from the appropriate code or report. The material on seismic hazard and depiction of
seismic demand is given in Chapter 3 for each design procedure. The reason for including this
material is for completeness and to facilitate comparisons. Most design professionals are
familiar with the elastic procedures found in one or two of the model codes. This document
includes linear dynamic, nonlinear static, and nonlinear dynamic procedures.

Acceptance criteria for each procedure will not be discussed since the SAC project has
acceptance criteria based on story drift. Only those provisions related to calculating story drift
will be given. In some cases there is a modification of the original procedures in order to be
consistent within the SAC methodology. It should be remembered that this document considers
only performance evaluation and not design of new buildings. It is pointed out in the text where
this distinction is important.

4.2.1 1997 NEHRP Equivalent Lateral Force Procedure — N97-LSP (FEMA-302)
4211 Background

The first NEHRP Provisions were published in 1985 (BSSC, 1985). They were modeled in
part on the ATC-3-06 recommendations (ATC, 1978). They were prepared for FEMA by the
Building Seismic Safety Commission. “The Building Seismic Safety Commission was
established under the auspices of the National Institute of Building Sciences as an entirely new
type of instrument for dealing with complex regulatory, technical, social and economic issues
involved in developing and promulgating building earthquake hazard mitigation regulatory
provisions that are national in scope. By bringing together in the BSSC all of the needed
expertise and all relevant public and private interests, it was believed that issues related to
seismic safety of the built environment could be resolved and jurisdictional problems overcome
through authoritative guidance and assistance backed by a broad consensus” (FEMA-302). So,
the NEHRP Provisions were developed as a national standard. The UBC provisions, on the
other hand, were primarily developed by the Structural Engineers Association of California.

4.2.1.2 Design Forces
A. Seismic Base Shear: The seismic base shear, V, in a given direction shall be determined
in accordance with the following equation:
V=CW (4-1)

where:

C; = the seismic response coefficient determined by Equation 4-2
W = the total dead load and applicable portions of other loads
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The seismic response coefficient, Cs, shall be determined in accordance with the following
equation:

SDS
Cs = 4-2
R (4-2)
where:
Sps = the design spectral acceleration in the short period range as determined
below,
R = the response modification factor given in Table 4-1.

The value of the seismic response coefficient computed in accordance with Equation 4-2
need not exceed the following:

Sbi
T 4-3
C TR (4-3)
but shall not be taken less than:
C,=10.044Sps (4-4)

nor for buildings and structures in Seismic Design Categories E and F:

_0.558,

S (4-5)
where R is defined above and
Spr = the design spectral acceleration at a period of 1.0 seconds as determined
below,
T = the fundamental period of the structure as determined below,
S = the mapped maximum considered earthquake spectral acceleration

determined in accordance with provisions given below.

For performance evaluation, the limits given by Equations 4-4 and 4-5 do not apply. These
are included for design to provide a cushion of safety for tall buildings for potential problems
such as P-A effects. This is not appropriate for performance evaluation. Only Equations 4-2 and

4-3 apply.

B. Period Determination: The fundamental period of the building, T, in the direction under
consideration shall be established using the structural and deformational characteristics of the
resisting elements in a properly substantiated analysis. Alternatively, the period may be
calculated as
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(4-6)
where:
Wi = weight at each floor
g = gravity acceleration
fi = applied force at floor level i
a = displacement at floor level i

Research conducted by the PPE team demonstrated that the natural periods of steel frame
buildings measured during earthquakes are very well approximated by these procedures (Lee and
Foutch, 2000). The simple formulas given in the code for calculating T are conservative.

Table4-1 Coefficientsand Factorsfor Performance Evaluation of Steel Moment-Resisting

Frame Systems
Basic-Seismic- Response System Over- Deflection
Force-Resisting Modification Strength Factor Q Amplification Factor,
System Coefficient, R 0 Cq
Special steel moment 2 3 5.1
frames
Intermediate steel 6 3 412!
moment frames
Ordinary steel 4 3 3.1
moment frames

' This has been changed from the NEHRP Provisions

4.2.1.3 Drift Determination
The lateral load Fy applied at any floor level x shall be determined from the following
equations:
F.=C_V (4-7)
hk
C VX W — (4'8)
Z w;h
where:
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k = 1.0 for T <0.5 second
= 2.0 for T =2.5seconds

Linear interpolation shall be used to estimate values of k for intermediate

values of T.
Cix = Vertical distribution factor
Vv = Seismic base shear from Equation 4-1
Wi = Portion of the total building weight W located on or assigned to floor level i
Wy = Portion of the total building weight W located on or assigned to floor level x
h; = Height (in ft) from the base to floor level 1
hy = Height (in ft) from the base to floor level x

Determination of story drifts shall be based on the application of the design seismic forces
determined by Equation 4-7 to a mathematical model of the structure. The model shall include
the panel zone deformations. The design story drift, A, shall be computed as the difference
between the deflections at the center of mass at the top and the bottom of the story under
consideration.

The calculated story drift, &, in story x shall be determined in accordance with the
following:

6x = Cd Sxe (4-9)
where:
Cq = deflection amplification factor in Table 4-1,
Ore = deflections determined by an elastic analysis.

The drift angle A is then calculated by

A _(3,-8,.) (4-10)

hy 1s the height of the story directly under floor x. The demand drift, D, is then calculated as

D =Cgs6n (4-11)
where:
D = seismic demand
Cs = bias factor (see Section 4.4)
Om = the maximum story drift angle, A, for all stories.
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4.2.2 1997 UBC Static Force Procedure: UBC97-LSP (ICBO, 1997)
4221 Background

The future UBC Provisions will be the same as given in the 2000 NEHRP Provisions. As a
result, the analysis methods given in the 1997 UBC were not evaluated and will not be described
in detail here.

4.2.3 FEMA-273 Linear Static Procedure: F273-LSP (ATC, 1997a)
4231 Background

The NEHRP Guidelines for the Seismic Rehabilitation of Buildings, FEMA-273, (ATC,
1997a) and the NEHRP Commentary on the Guidelines for the Seismic Rehabilitation of
Buildings, FEMA-274 (ATC, 1997b) were the culmination of over 13 years and thousands of
man-hours of effort. They contain systematic guidance enabling design professionals to
formulate effective and reliable rehabilitation approaches that will limit the expected earthquake
damage to a specified range for a specified level of ground motion. They also represent the first
attempt to develop a standardized performance-based engineering procedure. The reader is
encouraged to read the Guideline and Commentary. In the FEMA-273 Guidelines, acceptance
criteria were calculated from member forces. As a result, there are no drift limitations given.
For the SAC Recommended Criteria, FEMA-350 to 353, all acceptance criteria are based on
story drifts.

4232 Design Forces

A. Seismic Base Shear: Under F273-LSP design, seismic forces are determined and
distributed over the height of the building. A linear static analysis of the building is used to
calculate the deflections in each story and the internal member forces.

The building is modeled using linear elastic stiffness properties and equivalent viscous
damping appropriate for the building as it approaches the elastic limit. The design earthquake
demands are expressed as a set of forces whose sum is equal to the ‘pseudo lateral load’ as given
in Equation 4-12. On the surface, this appears to be identical to the NEHRP and UBC Linear
Static Procedures. However, there is a subtle difference. For the F273-LSP, the pseudo lateral
load is chosen such that when the design forces are applied to the linear elastic model of the
building, the calculated displacements and member deformations will be approximately the same
as those calculated for a nonlinear time history analysis. The calculated member forces, on the
other hand, will be much higher than the actual member forces, which will be limited by inelastic
action.

The pseudo lateral load for a given horizontal direction of a building is determined using
Equation 4-12. This load shall be increased as necessary to account for torsion.

V=CCC3C4S, W (4-12)

where:
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A%
C

G,

GCs

Cy4

W

pseudo lateral load

modification factor to relate expected maximum inelastic displacements to
displacements calculated for linear elastic response

C; = 1.5 for T<0.10 second

C; = 1.0 for T>Ty. Linear interpolation shall be used to calculate C; for
intermediate values of T.

fundamental period of the building

characteristic period of the design response spectrum, defined as the
period associated with transition from the constant acceleration segment
of the spectrum to the constant velocity segment

modification factor to represent the effect of stiffness degradation and
strength deterioration on maximum displacement response. For steel
moment frames C,=1.0

modification factor to account for P-delta effects
C;=1.0 : for8<0.1
C3=1+5(6-0.1)/T: for0>0.1

0 is the maximum value of 6; for all ; stories

0. = \P;l—il (See Equation 2-14 in FEMA-273.)

1 1

modification factor to account for effects of overstrength

Cy4 = 1.0 for all frame types for 10 performance level
Cy = 0.7 for Special Moment Frames for CP level

Cy = 0.8 for Intermediate Moment Frames for CP level
Cy = 0.9 for Ordinary Moment Frames for CP level

response spectrum acceleration at the fundamental period and damping
ratio of the building in the direction under consideration as given in
Equation 4.2.1.2-2 for the hazard level as discussed in Chapter 4

total dead load and anticipated live load, see Section 3.3.1.3A of
FEMA-273.

B. Period Determination: The period determination follows the same procedures as those
given in Section 4.2.1.2 for the 1997 NEHRP Provisions.

C. Vertical Distribution of Seismic Forces: The vertical distribution of the seismic forces
follows the same procedures as those given in the 1997 NEHRP Provisions.

4.2.3.3

Acceptance Criteria

For the NEHRP-LSP, the elastic level forces are reduced by the Response Modification
Factor, R, to determine the reduced seismic member forces. These reduced seismic forces are
then included in the appropriate load factor combinations to determine the design member
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actions that are compared to the strength capacities of each member given in the appropriate
code. In addition, the calculated story drifts are multiplied by a deflection modifier coefficient,
Cq4, then compared to the specified drift limits. This overstrength is accounted for using the
coefficient C4 in Equation 4-12.

The acceptance criteria for the FEMA-273 procedure are quite different from these, and are
based on member deformation capacities. The calculated non-reduced seismic member forces
for the appropriate load combinations are compared to the expected strength of the member
multiplied by a demand modifier (ductility factor) times the yield strength of the member.
Although on the surface this appears to be a strength-based procedure, the effect is that the
expected maximum seismic deformation demand is actually compared to the member
deformation capacity. For this document, acceptance criteria for this procedure will be the same
for all procedures as described in Chapter 5. The acceptance criteria for FEMA-273 is described
here for reference only.

4.2.3.4  Story Drift Calculation

The base shear is applied to the building model using the vertical distribution procedure
referred to above. The story drift angle for story x is then calculated as the difference in
deflection between floor x and floor x-1

(6,-3,.)
A, =2 4-13
. h (4-13)
and the demand story drift, D , 18
D = Cbn (4-14)
where:
Oy, 01 = deflection at floors x and x-1
hy = the height of story x measured as the distance between the girder
centerlines at floors x and x-1
AW = the drift angle of story x

4.2.4 1997 NEHRP Modal Analysis Procedure — N97-MAP (BSSC, 1997a)
4241 Background

This procedure requires calculation of mode shapes and periods calculated from a computer
model of the structure. Actually, two approaches may be taken when using a modal analysis
procedure. One approach is a static procedure that calculates the response in each mode using a
design spectrum. The modal responses are combined in an appropriate manner to determine the
total response. This is the analysis approach described in this section. The other approach
requires calculating the time history response of each mode using an earthquake accelerogram.
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The individual modal responses are then combined at each instant of time to determine the total
response. This method will be described in the next section of this report.

A. Modeling: A mathematical model of the structure shall be constructed that represents the
spatial distribution of mass and stiffness throughout the structure. For regular structures with
independent orthogonal seismic-force-resisting systems, independent two-dimensional models
may be constructed to represent each system. For irregular structures or structures without
independent orthogonal systems, a three-dimensional model incorporating a minimum of three
dynamic degrees of freedom consisting of translation in two orthogonal plan directions and
torsional rotation about the vertical axis shall be included at each level of the structure. Where
the diaphragms are not rigid compared to the vertical elements of the lateral-force-resisting
system, the model should include representation of the diaphragm’s flexibility and such
additional dynamic degrees of freedom as are required to account for the participation of the
diaphragm in the structure’s dynamic response. More specific modeling information is given in
Section 4.3.

B. Modes: An analysis shall be conducted to determine the natural modes of vibration for
the structure including the period of each mode, the modal shape vector ¢, the modal
participation factor, and modal mass. The analysis shall include a sufficient number of modes to
obtain a combined modal mass participation of at least 90 percent of the actual mass in each of
two orthogonal directions.

C. Modal Properties: The required periods, mode shapes, and participation factors of the
structure shall be calculated by established methods of structural analysis for the fixed-base
condition using the masses and elastic stiffnesses of the seismic-force-resisting system.

4.2.4.2 Design Forces

A. Modal Base Shear: The portion of the base shear contributed by the m™® mode, Vi, shall
be determined from the following equations:

Vm:CsmW_m (4_15)

n 2
[ Z Wi (pimJ
i=1

Wy=~r— (4-16)

n

2
Zwi (Pim
i=1

where:
Cemn = the modal seismic response coefficient determined below,
VTm = the effective modal gravity load including portions of the live load as
defined in Sec. 5.3.2 of FEMA-302,
W = the portion of the total gravity load of the structure at Level i, and
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the disp%acement amplitude at the i™ level of the structure when vibrating
in its m" mode.

¢im

The modal seismic response coefficient, Cqn, shall be determined in accordance with the
following equation:

S
= — 4-17
Co= 21 (4-17)
where:

Sm = the design spectral response acceleration at period Ty, determined from
either the general design response spectrum of Sec. 3.2.1.2 or a site
specific response spectrum of Sec. 4.1.3 of FEMA-302,

R = the response modification factor determined from Table 4-1,

I = the occupancy importance factor determined in accordance with Sec.3.2.3,

Tm = the modal period of vibration (in seconds) of the m" mode of the structure.

B. Modal Forces, Deflections, and Drifts: The modal force, Fyny, at each level shall be
determined by the following equations:

Fim = Cyvam Vi (4-18)
and
Com= tibn_ (4-19)
D W,
i=1
where:
Cisn = the vertical distribution factor in the m™ mode,
Vm = the total design lateral force or shear at the base in the m" mode,
Wi, Wy = the portion of the total gravity load, W, located or assigned to level i or X,
Bm = the displacement amplitude at the X" level of the structure when vibrating
in its m" mode, and
@m = the displacement amplitude at the i™ level of the structure when vibrating

in its m™ mode.

The modal deflection at each level shall be determined by the following equations:

Oxm = Cad .. /1 (4-20)
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2
6xem — g 5 Tm FX[H (4_21)
4n Wi
o, —0
Axm - ( Xm x—lm) (4_22)
h X
and
D = Cg 6 (4-23)
where:
Oem = the deflection of level X in the m™ mode at the center of the mass at level
X determined by an elastic analysis,
g = the acceleration due to gravity (ft/s” or m/s?),
I = the occupancy importance factor determined in accordance with Sec.3.2.3,
Tm = the modal period of vibration, in seconds, of the m™ mode of the structure,
Fem = the portion of the seismic base shear in the m™" mode, induced at level X,
Wy = the portion of the total gravity load of the structure, W, located or assigned
to level Xx.
N = drift angle for level x for mode m
O = the maximum drift angle for all stories = maXKZn:Nmewz
Cs = the bias factor given in Table 4-8 ™
D = the demand drift for the building
Oxms, Oxlm = Deflection of floor x and floor x-1 in mode m
hy = story height from centerline of beam at level X to centerline of beam at
level x-1

C. Modal Story Shears and Moments: The story shears, story overturning moments, and the
shear forces and overturning moments in vertical elements of the structural system at each level
due to the seismic forces determined from the appropriate equation in Sec. 4.2.4.2 shall be
computed for each mode by linear static methods.

D. Design Values: The design value for the modal base shear, V;, each of the story shear,
moment and drift quantities, and the deflection at each level shall be determined by combining
their modal values as obtained from Sec. 4.2.4.2. The combination shall be carried out by taking
the square root of the sum of the squares of each of the modal values or by the complete
quadratic combination technique.

The base shear, V, using the equivalent lateral force procedure in Section 4.2.1 shall be
calculated using a fundamental period of the structure, T, in seconds, as given by Equation 4-6.
Where the design value for the modal base shear, Vi, is less than the calculated base shear, V,
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using the equivalent lateral force procedure, the design story shears, moments, drifts, and floor
deflections shall be multiplied by the following modification factor:

Y
X 424
v, (4-24)

4.2.5 1997 NEHRP Dynamic Linear Time History Procedure — N97-LTH
4251 Background

This chapter provides required standards for the linear time history analysis procedure of
seismic analysis of structural demands. Two different methods are available within this class of
analysis procedures. One method, the mode superposition method, uses mode shapes and modal
periods calculated using a computer model of the building as described for the N97-MAP
procedure described in Section 4.2.4. The symbols used in this method of analysis have the same
meaning as those for similar terms used in Sec. 4.2.4, with the subscript m denoting quantities in
the m™ mode. The information on number of modes and other restrictions required in the N97-
MAP procedure apply here (where appropriate) as well. The other procedure utilizes a direct
integration of the equations of motion for a computer model of the building using any widely
accepted integration method such as the Newmark -method and the Wilson 6-method. Many
requirements for using linear time history methods apply to both of these methods.

4252 Modeling

A mathematical model of the structures shall be constructed that represents the spatial
distribution of mass and stiffness throughout the structure. For regular structures with
independent orthogonal seismic-force-resisting systems, independent two-dimensional models
may be constructed to represent each system. For irregular structures or structures without
independent orthogonal systems, a three-dimensional model incorporating a minimum of three
dynamic degrees of freedom consisting of translation in two orthogonal plan directions and
torsional rotation about the vertical axis shall be included at each level of the structure. Where
the diaphragms are not rigid compared to the vertical elements of the lateral-force-resisting
system, the model should include representation of the diaphragm flexibility and such additional
dynamic degrees of freedom as are required to account for the participation of the diaphragm in
the structure’s dynamic response. Modeling guidelines are given below in Section 4.3.

4253 Modes

For the modal superposition method, an analysis shall be conducted to determine the natural
modes of vibration for the structure including the period of each mode, the modal shape vector ¢,
the modal participation factor, and modal mass. The analysis shall include a sufficient number
of modes to obtain a combined modal mass participation of at least 90 percent of the actual mass
in each of two orthogonal directions.
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4254 Modal Properties

For the modal superposition method, the required periods, mode shapes, and participation
factors of the structure shall be calculated by established methods of structural analysis for the
fixed-base condition using the masses and elastic stiffnesses of the seismic-force-resisting
system.

4255 Damping

A survey of damping in buildings excited by dynamic forces revealed that the average
damping values are as follows: 3-stories 4.3%; 9-stories 3.6%; and 20-stories 2.3%. These
values should be used for the analyses. Interpolation may be used for building heights between
these. For building heights below 3-stories, use 5%, and for buildings taller than 20-stories use
2%.

4.2.5.6 Earthquake Accelerograms

A total of 7 or more earthquake accelerograms should be used. Where possible, the
accelerograms should be representative of the seismic environment and soil conditions at the
site. The accelerograms must be scaled to the design spectrum for the site according to the
provisions given in Chapter 3. This may be done by scaling the accelerogram such that its
response spectrum ordinate at the fundamental period of the building is equal to the design
response spectrum ordinate at the same period (Luco and Cornell, 1998). Care must be taken so
that the spectral accelerations at the fundamental period of the buildings are not all at extreme
peaks for all accelerograms. This possibility can be avoided by using a least square fit to the
design spectrum in the vicinity of the first period of the building. If the spectrum is calculated at
0.02 second intervals, using the spectral values of the accelerogram at the fundamental period
and those other values on each side of this one would be one way to do this. This approach is
demonstrated in Figure 4-1 using a 3-story building with a fundamental period of 0.88 second.
An example for both approaches is shown for one accelerogram in Figure 4-2. The scale factor
of 0.74 is observed for the method using only the fundamental period. A significantly different
scale factor of 1.01 was observed using a period range from 0.58 seconds to 1.18 seconds. When
averaged over several accelerograms, these differences are irrelevant. (Shome and Cornell, 1999)
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4257 Calculation of Story Drift Demands

The maximum drift angle, 6,,, calculated for any story should be determined for each
accelerogram. The median value (Bpeq) for this set of maximum drift angles should be

determined. The demand drift angle, D , 18

D=C,. >0 =y, (4-25)
m=1

where Cg is the bias factor from Table 4-8.

4.2.6 FEMA-273 Nonlinear Static Procedure — F273-NSP
4.2.6.1 Background

Under the F273-NSP, a model that accounts for inelastic material behavior P-delta effects is
used for the analysis of the frame. The model is loaded monotonically until a target
displacement is reached or the structure collapses or becomes unstable. This is sometimes
referred to as a static force-controlled pushover analysis. The analysis may also be done by
applying increments of displacements to each floor until the target displacement is reached. This
is referred to as a static displacement-controlled pushover analysis. The target displacement is
intended to represent the maximum displacements likely to occur during the earthquake. The
target displacement may be calculated by any procedure that accounts for the effects of nonlinear
response on displacement response. One such method is presented in Section 4.2.6.2. Because
the mathematical model directly accounts for material inelastic behavior, the calculated internal
member forces and deformations will be reasonable approximations of those expected during the
design earthquake.

4.2.6.2 Design Forces

A. Lateral Load Pattern: The F273-NSP requires that a pattern of loads be specified.
These loads are then increased monotonically until the target displacement is reached or the
building becomes unstable. Lateral loads shall be applied to the building in profiles that
approximately bound the likely distribution of inertial forces in the earthquake. At least two
vertical distributions of horizontal load shall be considered. The first pattern shall be based on
lateral forces that are proportional to the weight at each floor. The second pattern shall be taken
from one of the following two options.

* A lateral load pattern represented by values of C,x given in Equation 4-8 may be used if more
than 75% of the total mass participates in the fundamental mode in the direction under
consideration.

* A lateral load pattern proportional to story inertial forces consistent with story shear
distribution calculated by a combination of modal forces using (1) response spectrum
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analysis of the building including a sufficient number of modes to capture 90% of total mass,
and (2) the appropriate ground motion spectrum.

B. Period Determination: The effective fundamental period Te in the direction under
consideration shall be calculated using the force-displacement relationship of the NSP. The
nonlinear relationship between base shear and displacement of the target node shall be replaced
with a bilinear relation to estimate the effective lateral stiffness, Ke, and the yield strength, Vy, of
the building. The effective lateral stiffness shall be taken as the secant stiffness calculated at a
base shear force equal to 60% of the yield strength. See Figure 4-3 for further details.

K.
Te = Tl —
Ke
where:
T = elastic fundamental period in the direction under
consideration calculated by elastic dynamic analysis

Ki = elastic lateral stiffness of the building in the direction under

consideration
Ke = effective lateral stiffness of the building in the direction

under consideration

E A

g aKe N

(%]

@ Vy / ‘ /%[

©

m

Ki ’
0.6V,
/e
g a

Roof displacement
Figure 4-3 Calculation of Effective Stiffness, Ke

C. Target Displacement: The target displacement, &, for a building shall be estimated
using an established procedure that accounts for the likely nonlinear response of the building.
Actions and deformations corresponding to the control node displacement equaling or exceeding
the target displacement shall be used for component checking.

One procedure for evaluating the target displacement is given by the following equation:
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0:=CoCiC G S, _ez g (4-26)
4
where:
Te = effective fundamental period (sec.) of the building in the direction under
consideration
Co = modification factor to relate spectral displacement to roof displacement

Estimates for Cocan be calculated using one of the following:
 the first modal participation factor at the level of the control node

* the modal participation factor at the level of the control node calculated using a shape
vector corresponding to the deflected shape of the building at the target displacement

* the approximate value given in Table 4-2

Table4-2 Valuesfor Modification Factor, Cy

Number of stories modification factor', Cy

1 1.0

2 1.2

3 1.3

5 1.4

10+ 1.5

! Linear interpolation should be used to calculate intermediate

values

C

modification factor to relate expected maximum inelastic displacements to
displacements calculated for linear elastic response,

1.0 for Te = To
[1.0+ (R-1) T¢/T.J/R for T < Ty

Values for C; shall not be taken as less than 1.0 nor greater than those values given in
Section 4.2.3.2.

4-17



FEMA-355F Performance Prediction and Evaluation of
Chapter 4: Analysis Methods for Evaluation of Buildings Steel Moment-Frame Buildings

T = a characteristic period of the response spectrum defined as the period
associated with the transition from the constant acceleration segment of
the spectrum to the constant velocity segment as given by Equation 4-12.

R = ratio of elastic strength demand to calculated yield strength coefficient as
given below in Equation 4-27.

C = modification factor to represent the effect of hysteresis shape on the
maximum displacement response. Values for C, may be taken as 1.0 for
steel moment frames.

Cs = modification factor to represent increased displacements due to dynamic
P-delta effects. For buildings with positive post yield stiffness, C; may be
set equal to 1.0. For buildings with negative post yield stiffness values, Cs;
shall be calculated using Equation 4-28. Values for C; need not exceed
the values set forth in Section 4.2.3.2.

Sa = response spectrum acceleration (in g) at the effective fundamental period
and damping ratio of the building in the direction under consideration.

The strength ratio R shall be calculated as:

S

=—— (4-27)
V,C,/W
where S, and Cy are defined above and:
Vy = yield strength calculated using the F273-NLP, where the nonlinear force-

displacement (i.e., base shear force vs. roof displacement) is characterized
as a bilinear relation as shown in Figure 4-3.

w = total dead load and anticipated live load.

The coefficient C; shall be calculated as follows if the relation between base shear force and
control node displacement exhibits negative post-yield stiffness.

|a| (R _ 1)3/2
C,=10+——m (4-28)
where R and T, are defined above and
a = ratio of post yield stiffness to effective elastic stiffness where the

nonlinear force-deflection relation is characterized by a bilinear relation as
shown in Figure 4-3.

4.2.6.3 Acceptance Criteria

When the tangent displacement is reached, the drift of each story X is
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d . —0
Ax — ( X x—l) (4_29)
h X
where:
&, O1 = deflection of story x and x-1
hy = height of story x
AW = drift angle of story

The demand drift angle, D , 1s calculated as

D=C.0, (4-30)
where 0, is the maximum story drift calculated by Equation 4-29.

4.2.7 Capacity Spectrum Procedure — CSP-NSP (ATC-40)
4.2.7.1 Background

The Capacity Spectrum Method was originally developed for the evaluation of existing
buildings. This method is recommended for the evaluation of existing reinforced concrete
buildings in ATC-40 (ATC, 1996).

4.2.7.2 Calculation of Floor Displacements

Using this method, the capacity curve obtained from the pushover analysis is first
transformed to equivalent spectral coordinates. For each point on the capacity curve, the base
shear and roof displacement quantities are transformed into equivalent spectral acceleration and
spectral displacement quantities, respectively. The transformations come from the basic
principles of structural dynamics and are based on first mode relationships between building
response quantities and spectral quantities. The base shear from the capacity curve is
transformed to an equivalent spectral acceleration by the following,

S, = Vi/g
1—‘l Ll

(4-31)

where V is a value of base shear from the capacity curve, ', is the first mode participation
factor defined as

r = o) MY (4-32)
{o,} Mo}

and L is defined as,

Li = {@} MI{1} (4-33)
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The roof displacement from the capacity curve is transformed to an equivalent spectral
displacement by the following:

Sy= (4-34)

@’

where A, is a value of roof displacement from the capacity curve, and @, is the value of the
fundamental mode shape at the roof level.

After transforming the capacity curve to spectral coordinates, the resulting values of spectral
acceleration and spectral displacement comprise what is known as the capacity spectrum. An
example of a capacity spectrum plot is shown in Figure 4-4. The target displacement is
calculated by finding the intersection between the capacity spectrum and the demand spectrum.
The demand spectrum, sometimes called the composite spectrum, is a plot of spectral
acceleration versus spectral displacement. The demand spectrum is calculated from the response
of a SDOF oscillator, at a given level of damping, to an earthquake ground motion. The demand
spectrum corresponding to a level of damping equal to the inherent structural damping, 3; in a
building is shown in Figure 4-4. This spectrum represents the demand spectrum for purely
elastic response of the building. Note that each pair of points on the demand spectrum curve
corresponds to a different period of vibration of the SDOF system. For purely elastic response of
the building, the elastic capacity spectrum is a straight line corresponding to the initial elastic
period of the building and is shown in Figure 4-4. The intersection of this line with the demand
spectrum corresponding to [3; results in a spectral target displacement equal to the elastic spectral
displacement, (Sg)elastic, at the initial building period.

For nonlinear response of a building to an earthquake ground motion, the demand spectrum
must be modified to account for the energy dissipated by hysteresis during the building’s
response to the earthquake ground motion. Chopra (1995) showed that an equivalent viscous
damping can be defined such that, for an elastic SDOF system, the energy dissipated by this
equivalent viscous damping is equal to the energy dissipated by hysteresis during the response of
the building to the earthquake ground motion. The equivalent viscous damping, [3,, is defined as,

ED
47nE_

B, = (4-35)

where Ep is the energy dissipated by hysteresis in the actual structure, and E, is the strain
energy calculated at the maximum displacement. Estimates of these quantities can be obtained
by assuming that the force-deformation response of the building during an earthquake ground
motion can be adequately modeled by the bilinear representation of the capacity curve, as shown
in Figure 4-5. Ep is calculated from the area enclosed by one hysteresis loop of the bilinear
capacity curve with a maximum displacement equal to the target displacement, and Eso is the
strain energy calculated at the target displacement. Substituting the definitions of the energy
quantities given in Figure 4-5 into Equation 4-35 results in
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B, =0.63

60,680, =6), <sd>y} (4-36)

(S, (Sa),

The demand spectrum is calculated using an effective viscous damping, defined as follows

Berr = K Bo + B (4-37)

where [3; is a damping constant representing the inherent viscous damping of the building, 3, is
the equivalent viscous damping that accounts for the energy dissipated by hysteresis given in
Equation 4-36, and K is a hysteresis modification factor. The coefficient K in Equation 4-37
modifies the effective damping to account for the fact that the cyclic nonlinear behavior of the
building may not be adequately represented by a bilinear relationship. The values of K account
for the effects of strength and stiffness deterioration on the equivalent viscous damping
calculated from the bilinear representation of the capacity curve. For new buildings, the value of
K recommended in ATC-40 is given by

K=1.0 for [, <16.25%

K=1.13-0.80B, for P, > 16.25% (4-38)

The method used to calculate the demand spectrum corresponding to the effective damping
depends on whether the demand spectrum is the composite spectrum calculated from the
response of a SDOF system to a particular earthquake ground motion record, or a smooth
representation of the composite spectrum. If the composite spectrum is used, then the demand
spectrum is simply calculated from the earthquake response of a SDOF system having a damping
equal to the effective damping, Begr. If a smooth demand spectrum is used, then the demand
spectrum is reduced using spectral reduction factors that are a function of the effective damping.

The spectral reduction factors given in ATC-40 were developed based on the work of Newmark
and Hall (1982). The spectral reduction factor of the constant acceleration range, SR, is
calculated from the following:

3.21-0.681
SRA= WPen (4-39)
3.21-0.681np,

The spectral reduction factor for the constant velocity range, SRy, is calculated from the
following:

SR, 231-041Inp,, )
2.31-0.411np,

The spectral reduction factor for the constant displacement range, SRp, is calculated from the
following:
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SRy 182 70271nB, o
1.82-0.27Inp,

Note that the damping values [3; and e, in Equation 4-39, 4-40 and 4-41 should be
expressed as percentages.

Once the demand spectrum and capacity spectrum curves have been calculated, the target
spectral displacement is calculated from the intersection of the demand spectrum and the
capacity spectrum. This value of spectral displacement can be used to calculate a value of target
roof displacement by reversing the operation in Equation 4-34.

——_  demand spectrum

elastic capacity spectrum

inelastic capacity
spectrum

ak |V\A[§* R=Sa./Sa, l

(Sd)inelastic (Sd)elastic

Spectral Displacement

Spectral Acceleration

Figure 4-4 Demand and Capacity Spectrum Curves
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[ | Ea=(SaSas2

:

/ %

/ (Saly /
/ Ep =4[ (Sa)y (Sa)t - (Sa)t (Sa)y ] /
\ 4
Figure 4-5 Effective Damping Calculation
4.2.7.3 Acceptance Criteria
When the target displacement is reached, the drift is calculated as
Ax - (5X B 6)(—1) (4_42)
hX
where:
& Ol = deflection of story X and x-1
hy = height of story x
AR = drift angle of story x
The demand drift angle, D , 1s calculated as
D=Cgé, (4-43)

where 0y, is the maximum story drift at any level from Equation 4-42.
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4.3 Modeling of New Steel Moment Frames for Performance Prediction
4.3.1 Background

The engineer’s ability to model buildings has increased quickly over the past several years
with the development of advanced analysis programs and the competition among software
developers. In fact, our ability to model structural behavior probably exceeds our ability to
understand fully the observed behavior.

The first structural analysis programs that were developed in the early 1960s could handle
only linear prismatic beam and column members with fully restrained or pinned joints and
centerline dimensions. Programs in use today have a number of elements that model material
and geometric nonlinearities, rigid or partially restrained connections, and flexible foundations
and diaphragms. This section will cover commonly used modeling procedures for steel moment
frames. Additional information may be found in the Sate of the Art Report on System
Performance (FEMA-355C) and the two SAC reports, SAC/BD-00/26, and Lee and Foutch
(2000).

A word of caution is required. Although the modeling procedures described herein are
detailed and match measured behavior well, it must be remembered that this is still greatly
simplified from the case of a real building which has cladding, partitions, mechanical equipment,
stairways, and many other discounted attributes. A real building might have irregularities that
are important but not included here. It is important to remember that these calculations are only
estimates of actual behavior, and caution is advised.

4.3.2 Linear Elastic Models
43.2.1 Linear Centerline Models

When designing new buildings or evaluating existing or damaged buildings, two acceptance
criteria must be checked: member strength and building stiffness (drift). For new steel moment
frame buildings, the drift limitation always governs in high seismic regions.

For performance evaluation using the SAC Guidelines, the acceptance criterion is stated in
terms of the maximum demand drift angle where:

D =Cs6n (4-44)
B, is the maximum story drift angle demand calculated by one of the analysis procedures, and
Cg is the bias factor given in Table 4-8. As a result, any model that will conservatively predict
the drift angle is acceptable.

Research done by Krawinkler (2000) has shown that a linear elastic model using centerline
dimensions is acceptable for Special Moment-Resisting Frames. The beam moments may be
checked at the location in the beam where it intersects the column flange. Even though this
model gives adequate results for story drift, it will not always give good estimates of the
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distribution of shears, moments, and axial forces throughout the building. Centerline dimensions
are not acceptable for Ordinary Moment-Resisting Frames with weak panel zones.

43.2.2 Elastic Models with Panel Zones Included

The next increase in reality is to include the panel zone behavior in the model. The panel
zone is the region in the column web defined by the extension of the beam flange lines into the
column as shown in Figure 4-6. The simplest way to model the panel zone for linear analysis is
referred to as the scissors model also shown in Figure 4-7. The beams and column are modeled
with a rigid link through the panel zone region, and a hinge in the beam is placed at the
intersection of the beam and column centerlines. A rotational spring with stiffness kg is then
used to tie the beam and column together. The rigid links stiffen the structure, but the panel zone
spring adds flexibility. The net result is that this building model is usually stiffer than the
centerline model. Since it is stiffer, it will help in satisfying the drift design criteria. It will also
give better estimates of shears, moments, and axial forces in the members. Most finite element
programs currently used by engineers for seismic analysis have this feature. The method for
determining the stiffness to be used for the flexibility of the panel zone is first to find the
yielding properties of the panel and then to use them to calculate the stiffness of the panel zone.
The yielding properties of the panel zone are:

F
=2 =0 4-45
yy \/§G y ( )
M, =V,d, =0.55F d.td, (4-46)
where:
Fy = the yielding strength of the panel zone
G = the shear modulus = ——
2(1+v)
d. = depth of column
t = thickness of panel zone which is the thickness of the web of the column
plus the thickness of the doubler plates if they are utilized.
dyp = depth of beam
vV = Poisson’s ratio = 0.30
So, the stiffness of the panel becomes
M
K, = o : (4-47)
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43.2.3 Nonlinear Centerline Models

Models that allow yielding in the beams and columns are much more realistic than linear
models. Most of the programs commonly used today model this behavior by including a
nonlinear flexural spring at the ends of elastic beam and column members. The springs should
be assigned very high stiffness compared to that of the beam or column. However, the spring
yields at the plastic moment capacity of the member. The correct structure elastic stiffness is
maintained because it comes from the actual members rather than from the spring. This model is
shown schematically in Figure 4-8.

The spring is rigid until the plastic moment of the member is reached. After yielding, a post-
yield stiffness is assigned to the spring which represents the strain hardening behavior of the
member. A strain hardening coefficient, d, is assigned to the spring after yielding. A value of
equal to 0.03 is a reasonable choice. The spring behavior and member plus spring behavior are
shown in Figure 4-8. The value of a equal to 0.03 is a good choice for calculating story drift
angles out to about 3% - 4%. After this, local flange buckling will begin to occur that causes O
to gradually decrease to zero and then it can become negative with larger drifts. Most programs
will not allow a negative value of a. For calculating building behavior beyond 4%, it is best to
choose a strain hardening factor of zero.

For performance evaluation, the expected values of the yield strengths of the steels should be
used. Expected yield strengths of commonly used steels are given in Table 4-3 (Roeder, 2000).

A
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beam ] , connection 1t
behavior '« . _ -7 behavior i
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|
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Figure 4-8 Centerline M odel with Nonlinear Elements

4-27



FEMA-355F Performance Prediction and Evaluation of
Chapter 4: Analysis Methods for Evaluation of Buildings Steel Moment-Frame Buildings

Table 4-3 Expected and Lower Bound Material Propertiesfor Structural Steel of Various
Grades"? (Frank, 2000 and Roeder, 2000)

Yield Strength Tensile Strength
Material Year of Lower
Specification Construction Bound Expected Lower Bound Expected
ASTM, A36 1961 — 1990
Group 1 41 51 60 70
Group 2 39 47 58 67
Group 3 36 46 58 68
Group 4 34 44 60 71
Group 5 39 47 68 80
ASTM, A572 1961 -
Group 1 47 58 62 75
Group 2 48 58 64 75
Group 3 50 57 67 77
Group 4 49 57 70 81
Group 5 50 55 79 84
A36 and Dual
Grade 50 1990 — 1999
Group 1 48 55 66 73
Group 2 48 58 67 75
Group 3 52 57 72 76
Group 4 50 54 71 76
Notes:
! L ower bound values for material are mean — 2 standard deviation values from statistical data. Expected values for
material are mean values from statistical data.
% For wide flange shapes, indicated values are representative of material extracted from the web of the section. For
flange, reduce indicated values by 5%.

4324 Nonlinear Models with Panel Zones

Most of the pioneering work on nonlinear panel zone modeling has been done by
Krawinkler. His state-of-the-art report (Krawinkler, 2000) provides a good discussion of this
topic and includes references to his earlier work (Krawinkler et al., 1971, 1987). Two methods
of modeling the nonlinear behavior of frames with yielding beams, columns, and panel zones are
available. One procedure is based on the scissors model shown in Figure 4-7. The panels zone
springs as well as the springs at the ends of the members are nonlinear. The behavior of the
member spring is exactly the same as described in the previous section. The panel zone spring is
assigned a stiffness of

M
K, =—* (4-48)

0

y

where:
M, =V, [, =0.55F, d_ tld, (4-49)
—_ — FY

0,=v,= (4-50)

4-28



Performance Prediction and Evaluation of FEMA-355F
Steel Moment-Frame Buildings Chapter 4: Analysis Methods for Evaluation of Buildings

In most cases, panel zones have a much steeper stiffness and post yield stiffness. Therefore,
a value of a equal to 0.06 is a reasonable value to use.

A better model is shown in Figure 4-9. This model holds the full dimension of the panel
zone with rigid links and controls the deformation of the panel zone using two bilinear springs
that work as a tri-linear behavior. With this, the large strength difference between the real
behavior and the model is reduced.

The first slope past yield is steep and represents the behavior between the time that yielding
is initiated and the full plastic capacity is reached. After the plastic capacity is reached, a small
slope (2 %) or zero slope may be used. This is shown in Figure 4-10.

Since yielding in the beams, columns, and panel zones is represented well by this model, the
actual distribution of yielding throughout the structure will be represented well. For design of
new Special Moment Frames, the panel zones often yield first. But, because of the steep strain-
hardening slope for the panel zones, the beams will yield shortly thereafter.

column

2 rotational springs . _
for panel zone unrestrained rotation

rotational spring

for beam
\ dp
59 beam
node

rigid element

dC !

Figure 4-9 Panel Zone Modeling
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In Figure 4-10, the following equations hold.

- Fy —
yy - \/EG yp - 4yy
3b, t;
V, =0.55F, [, [ V, =V, [ 1+—F v=[M_y,
d, d,t d,
VA VA
— > / > : >
Yooy Y VoW y YW y
(a) Elastic — perfectly plastic (b) Bilinear (c) Trilinear

Figure4-10 Panel Zone M odeling

Figure 4-11 shows a 9-story building that was designed according to the 1994 UBC. This
building will be used for comparing the different models described here. The pushover analysis
of the buildings is shown in Figure 4-12. ‘M1’ in the figure is the modeling case with the
centerline dimensions, whereas, ‘M2’ is for the clear length plus panel zone modeling case. M2
also includes the modeling of the panel zones. The panel zone is modeled with tri-linear model
spring and the full dimension of the member for the analysis. As can be seen, the M2 model case
is a little stiffer in the elastic region than the M1 model case. The M1 model with P-A gives the
lowest strength. Care should be taken when plotting the roof drift ratio versus the total base
shear. The roof drift ratio can be misleading because it is incapable of capturing local drift
concentration. A good example of this case can be seen for the 20-story building for the weak-
column strong-beam design which collapsed due to large P-A effects. The concentration of
plastic deformations around the 10™ level was the controlling region. Figure 4-13 shows the plot
of global roof drift ratio, top story drift ratio, and the 10™ level story drift ratio versus total base
shear. Global roof drift ratio is defined as the roof displacement divided by the total height of
the building. Top story drift ratio is the story drift divided by the height of the story level.

While the global drift ratio shows the averaged drift ratio over the whole height, when each story
drift ratio is plotted, the 10™ level concentration of plastic deformation is clearly noticeable. A
plot of displaced shapes of the building with increasing roof displacement is also shown in
Figure 4-14. The story level where the tangential slope is small indicates the large change in
drift ratio. The concentration of plastic deformation can clearly be seen in Figure 4-15 where the
story drift ratio for each story level with increasing lateral load is plotted. These results indicate
that any nonlinear static procedure that relies on roof drift is highly questionable.
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Figure 4-12 Comparison of Modeling for 1994 UBC 9-Story Building
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WCSB Building

4.3.3 Nonlinear Springs for Beams, Columns, and Panel Zones

43.3.1 Reduced Beam Section Connection

For new buildings, reduced beam sections, which are also referred to as dog-bone members,
were used for the analysis. They exhibit very good hysteretic behavior with stable loops and
good energy dissipation. Tests were performed by Venti and Engelhardt (1999). A typical case
of the hysteretic behavior is shown in Figure 4-16. This test used a w14x398 column member
and w36x150 beam section. Both members have nominal strength of 50 ksi. A model for the
analysis using the DRAIN-2DX program is shown in Figure 4-17. The behavior of the member
was modeled using a tri-linear model. The model simulated the specimen well. The ratio
between the beam plastic moments to the first yielding point as well as the second moment value
were calculated and used for determining the yielding properties of the other member sizes. 74%
of the plastic moment of the beam was used as the first yielding moment for both positive and
negative moments. For the second yielding moment value, a factor of 132% of the first yielding
moment for the positive side and 120% of that for the negative side of the connection were used.

The rotational value for the second yielding moment of 0.03 radians for the positive side and
0.017 radians for the negative side were used for the protocol model. The rotational values that
are proportional to the plastic section modulus were assigned for the other beam sections. The
strength degradation ratio, that is, the drop of the strength at each plastic excursion, was assigned
a value of 0.83. This value was fixed for all member sizes although in reality, there would be
variations from member to member. The drift demand is not significantly affected by the choice
of this ratio. Differences in drift demand calculations would not vary by more than two or three
percent because of this difference. An illustration of the yielding values for the protocol member
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(w36x150) and the first floor beam in the 3-story WCSB building (w30x90) are shown in Figure
4-18. The plastic moments for the members are 33,750 (k-in) for w36x150 and 16,423 (k-in) for

the w30x90 member.
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Figure 4-18 Illustration of Yielding Valuesfor w36x150 (Protocol) and w30x90 (SDC C, 3-
Story WCSB Building)

43.3.2 Bolted T-Stub, Partially Restrained, Connection

Experimental data provided by Leon (2000) served as the basis for estimating the stiffness
and the strength of the T-stub connection. A typical T-stub connection is shown in Figure 4-19.
Connection experiments with the w21x44 beam connected to the w14x311 column were selected
and simulated using a spring element from the DRAIN-2DX program. The stiffness equation
specified in the FEMA-273 for PR connections together with 50% of the strength of the beam
was used. The stiffness equation in FEMA-273 is as follows:

- M CE
0.005
With the strain-hardening ratio of 20%, the hysteresis from the spring element matched the

response of the experiment very well. The ratio of stiffness of the connection divided by that of
beam, which is written as

(4-51)

e

KH
El, /I,

(4-52)

was calculated to be 8.15. This is less than the stiffness ratio of 20 specified for a rigid
connection, as will be described in the Chapter 7.
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Since none of the tests were cycled to failure, 4% of the connection rotation value was used
as a limiting rotation before the strength dropped down drastically. This was the recommended
value provided by personal communication with Roeder (1999). Due to the lack of modeling
parameters provided in the modified version of the analysis program, DRAIN-2DX (Foutch and
Shi, 1996), two individual springs were used to model the connection behavior. The illustration
of two springs used for the model is shown in Figure 4-20. The first spring is perfectly elasto-
plastic with strength dropping to 15% of the strength of the spring at 4% rotation. The second
spring is elastic until the rotation reaches the value of 4%. The strength of the connection again
drops down to 15% of the spring strength. The measured moment-rotation behavior of the
connection and the model of it are shown in Figure 4-21 and Figure 4-25, respectively. The
behavior of the two springs for the cyclic loading are also shown in Figure 4-22 and Figure 4-23.
Figure 4-24 shows the total rotation behavior of the joint.

The connection stiffness values of the rest of the connections were determined using the
stiffness ratio of 8.15 and 50% of the beam strength. Again, two springs for each end of the
beam were used to model the strain hardening with fracturing behavior of the joint. Therefore,
the rotation at which the strain hardening starts varies according to the beam size. The stiffer the
member is, the smaller the rotation at which the strain hardening starts. The range of the rotation
for the 9-story building with PR connections is 0.0041 radian for the lower stories to 0.0051
radian for the top story.

A similar procedure was taken for modeling the clip angle connection behavior. A more
detailed description of the modeling and the behavior of the connection, as well as the behavior
as a whole, are addressed in Chapter 7.
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Figure 4-21 Measured Moment-Rotation Behavior of T-Stub Partially Restrained
Connection (Leon, et al., 1999)
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Figure 4-25 Model of Moment-Rotation Behavior of T-Stub Partially Restrained
Connection

4.3.3.3 Local Buckling Behavior in Columns

The reduced beam section experiment case with w36x150 beams that was addressed in
Section 4.3.3.1 was selected for the study. The amount of strength degradation for the next
loading cycle was altered to represent the actual case correctly. The degradation ratio of 0.83
matched the response very well for the member size. In reality, the amount of degradation is
dependent on the amount of the plastic deformation occurring in a cycle. The more plastic
deformation occurs, the more strength degradation is observed. Therefore, for the incrementally
increasing load cyclic experiments, the amount of strength drop is small in the low amplitude
cycles, whereas the drop is large for the high amplitude cycles. However, in the DRAIN-2DX
model, it is somewhat the opposite. The strength drop is represented using a factor multiplied by
the strength at the cycle. Therefore, the drop is larger for the smaller amplitudes since the
strength is larger. The drop is smaller for the larger amplitude cycles since the remaining
strengths for the cycles are small. This can be observed from Figure 4-26. Again, modest
differences between hysteresis relationships have only a small effect on calculated drifts (Shi and
Foutch, 1997).

The strength degradation ratios of the member sizes were assigned proportional to the
slenderness of the corresponding column sizes. The slenderness ratio is defined as bg/2t;. The
value for the w36x150 is 6.37. The ratios used for the study are listed in Table 4-4.
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Figure 4-26 Hysteresiswith Degradation Ratio of 0.83

Table4-4 Strength Degradation Ratios Assigned for Each Column Member

SDC=D sSbC=C
3-story | bf/2tf | ratio | 3-story | bf/2tf | ratio | 9-story | bf/2tf | ratio | 20-story | bf/2tf | ratio
wil4x342 | 3.31 | 0.91 | wl4x159 | 6.54 | 0.83 | wl4x233 | 4.62 | 0.88 | w24x192 | 4.43 | 0.88
wi14x311 | 3.59 | 0.90 | w14x99 9.34 | 0.75 | wl4x159 | 6.54 | 0.83 | w24x176 | 4.81 | 0.97
wl14x132 | 7.15 | 0.81 | w24x146 | 5.92 | 0.84
w14x99 | 9.34 | 0.75 | w24x131 | 6.70 | 0.82
wil4x90 | 10.23 | 0.73 | w24x117 | 7.53 | 0.80
w14x74 6.41 | 0.83 | w24x104 | 8.50 | 0.77
w14x43 7.54 | 0.80 | w24x103 | 4.59 | 0.88
w24x84 | 5.86 | 0.84
w24x68 7.66 | 0.80
w21x50 6.10 | 0.84
w21x44 7.22 | 0.81
wl8x35 | 7.06 | 0.81
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4.3.4 Simple Connection in Gravity Frames

The gravity frames are usually thought of as frames with no resistance to the lateral load
since the beam flanges are not connected to the column flanges. The frame is sometimes
modeled with pinned connections to capture the P-delta effect due to additional gravity load
from the interior frames. However, according to the experimental results from Liu and Astaneh-
Asl (1999) the resistance not only exists but sometimes is significant due to the additional
resistance occurring when a compression force in the composite floor slab is combined with a
tension force in the shear tab. Additional resistance is encountered when the flanges of the beam
come in contact with the column. An illustration of the connection is shown in Figure 4-27.
Figure 4-28 shows a typical case where the shear tab with concrete slab on top resists lateral load
for many cycles of motion. This is a case with a w18x35 beam connected to the w14x90 column
with a shear tab and with a concrete slab. Minimum reinforcement was used for the slabs. The
moment-rotation behavior of the connection was modeled with a nonlinear spring that drops in
strength at specified rotations. The model of the connection is shown in Figure 4-29. A portion
of the beam stiffness was used for the stiffness of the connection since it will not be like the rigid
cases. The proportion was determined to be 25% of the stiffness of the beam. Also, the
connections cannot be expected to develop the full plastic moment capacity. The maximum
moment for the positive moment was taken as 38% of M,, and that for the negative side as 11%
because these values resulted in a good match between experiment and analysis. The fact that
the positive side develops higher moment is attributed to the compressive resistance of the
concrete slab on top of the girder. The tensile strength of the slab cannot be expected to help,
since minimum reinforcement is used. The rotation at which the strength drops is assigned a
value of 0.045 radians for the positive side and 0.05 radians for the negative side of the
connection. The drop in strength was assigned a value of 53% for the positive side and 8§9% for
the negative. The rotational values for the other sections were calculated using the
disproportional value to the depth of the beam. Again, gradual degradation of strength was
modeled using 0.97 as the strength degradation factor. As will be seen later in Chapter 4 and
Chapter 5, the resistance from the gravity frame is significant. However, most of the
contribution is not from the connection but from the flexural resistance from the continuous
columns. As was addressed previously, the differences in responses between the models with
the simple connection are negligible as long as the continuity of the gravity frame columns is
modeled. This is due to the fact that the connections lose strength at very early stages of the
ground motion leaving only the columns to resist the lateral load. Figure 4-30 shows an
illustration of the yielding properties of a protocol connection and the connection from the first
floor of SDC C WCSB 3-story building.
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Figure4-27 Illustration of Simple Connection in Gravity Frames
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Figure 4-28 Measured M oment-Rotation Behavior of Simple Beam in Gravity Frame (Liu
and Astaneh-Asdl, 1999)
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Figure 4-29 Model of Moment-Rotation Behavior of Simple Beam in Gravity Frame (Lee
and Foutch, 2000)
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Figure4-30 Illustration of Yielding Propertiesfor w18x35 (Protocol) and w1l6x26 Beamsin
Gravity Frames (SDC C WCSB 3-Story Building)

4.3.5 Other Modeling Attributes

Another feature that should be included for the analysis of tall buildings, or shorter buildings
taken out to large drifts, is the P-A effect. When the structure is displaced laterally, the gravity
forces acting throughout the increasing displacement cause additional overturning moments to
develop in the structure. For a perimeter frame building, this can be a significant effect since the
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perimeter frames must carry the overturning moments of the entire building including the gravity
frames.

One way to do this is to provide a dummy column in the model that carries the gravity loads
in the building not directly carried by the moment frame. The column is connected to the
moment frame using rigid links with hinges at each end as shown in Figure 4-31. The columns
are hinged at both top and bottom. By doing this, only additional overturning moment from the
lateral displacement will be induced. The columns will not help carry any of the lateral load
since they are pinned. However in reality, the interior columns do help the moment frames since
the columns are not connected with a hinge and some resistance exists for the shear tab
connection in the beams due to the slab on top. An additional bay that has the equivalent
properties for the whole interior frames can be used. The columns and beams will have the
equivalent stiffness and strength for the corresponding stories of the interior frames. The beam
springs used for the gravity frame have the hysteresis behavior described in Figure 4-28. The
contribution of the equivalent gravity bay comes from both the flexural resistance of the columns
and well as those from the beam springs used. However, since the strengths of the beam springs
are very small compared to the moment frame springs, most of them will yield at a very early
stage of the excitation.

A study using strength and stiffness calculated based on different recommendations for the
simple connection with slab was performed. A total of three different connection models were
used for the 3-story and the 9-story buildings which were designed according to the 1994 UBC.
The first two models are based on the AISC Design Guideline document Partially Restrained
Composite Connections (Leon, 1996). The guideline only describes the cases with
reinforcements in the concrete slab. Since our case only has minimum reinforcement for
shrinkage, some assumptions were made to use the equations given in the document for
calculating the stiffness and the strength of the connection. The first case, noted as PR-CC 1, is
to assume that there are two shear tabs with distance to the neutral axis of the concrete slab taken
as zero since the concrete is assumed to have no tensile resistance. The second model, noted as
PR-CC 3, is to have only one shear tab but with half the thickness of the concrete slab as the
additional lever arm for development of moment. The third model, noted as Krawinkler, is to fix
the rotation where the yielding starts to the value of 0.02 radians and evaluate the connection for
a minimum failure mechanism. This model usually developed more flexible connections but
with higher strengths compared to the other models. The differences in the connection models
are shown in Figure 4-33. The ‘PR-CC’ represents the partially restrained composite connection
cases and ‘Krawinkler’ represents his recommendation described in SAC report (1995).

LA38, which is one of the strongest ground motions from the 2% in 50 year hazard level for
LA, was selected for the study. The static pushover curves and the demands of the analysis are
plotted in Figures 4-34, and 4-35 for a 3-story and 9-story building, respectively. These
buildings were designed using the strong-column weak-beam concept. As can be seen from the
plots, the differences between the different models of the connections are very small. However,
the difference between the behavior of the cases without the gravity bay is significant. It also
shows that the contribution from the gravity frame is more prominent for the 9-story building
compared to the 3-story building. The WCSB designed buildings are more affected than the
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SCWB designed buildings since the bay helps to distribute the deformations over the height
instead of being concentrated in a few stories. This is shown in Figure 4-36 for the 3-story
building designed using the WCSB concept. Although the effects of the gravity frames seems
small in these examples, they have a more significant effect on the results of the IDA analysis
where global stability is studied in Chapter 7 and Chapter 8.
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Figure 4-31 Modeling Interior Columnsfor P-A Effect Only
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Figure 4-32 Modeling Interior Columnsfor P-A Effect and Resistance from the Equivalent
Interior Bay
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Figure 4-33 Connection Modelsfor Simple Connection with Slab on Top for the 3-Story
Building

4.4 Determination of Bias Factors

4.4.1 Background

Each analysis procedure described above has a systematic error, or bias, and random error
associated with it. All of the procedures utilize an average elastic response spectrum to
characterize the design ground motion. The result of the design calculation is an estimate of the
maximum story drift for the building if it is shaken by the design earthquake. As discussed in
Chapter 3, the “design earthquake” is a random event in intensity, time, and space. For instance,
each suite of 20 accelerograms represents a collection of ground motions each of which may be
said to represent the design earthquake. The generation of these suites of accelerograms was
discussed in Chapter 3.

If the nonlinear time history response of a building is calculated for each accelerogram, the
maximum drift that occurs for each earthquake will be different. The median value of this set of
20 maximum drifts is an estimate of the expected value of the maximum drift for the seismic
hazard represented by the sample ground motions. The maximum drift calculated by any of the
above analysis procedures is an estimate of the expected value of the maximum drift. The
difference between the calculated design drift and the median value calculated from the
nonlinear time history analyses is the bias for the method. The bias factor is the ratio of the
expected maximum drift and the calculated design drift. Once the bias factor is known, the best
estimate of the maximum expected drift is the product of the calculated design drift and the bias
factor. The level of uncertainty in the design drift is greatly reduced when this approach is
taken. Two of the research projects of the PPE team focused on determining the bias factors for
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the linear (Duan and Anderson, 2000) and nonlinear (Skokan and Hart, 2000) analysis
procedures described in this Chapter. This section reviews selected results of these projects and
describes how these results are used to calculate the bias factors.
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4.4.2 Calculation of Bias Factors

Twenty buildings were designed using the 1997 NEHRP Provisions for the SAC Los
Angeles site. There were eight 3-story buildings, eight 9-story buildings and four 20-story
buildings. For each group, four column sizes, (W14, W24, W30 and W36) were used. For the 3-
story and 9-story buildings, four upper bound and four lower bound buildings were designed.
The upper bound buildings were designed using the period calculated from the empirical
equation given in the code. The lower bound buildings were designed using a period calculated
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using a structural analysis program. The equivalent lateral force (in the 1997 NEHRP
Provisions) was used for each design. The period of the 20-story building was in the region of
the design spectrum that is defined by a lower bound constant that is not a function of period
given in Equation 4-4 and 4-5. As a result, only four 20-story buildings could be designed. The
resulting designs are given in Figure 4-37 with member sizes given in Table 4-10.
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Figure4-37 Plan and Elevation View of the 3, 9, and 20-Story Buildings Designed
According to the 1997 NEHRP Provisions

Each building was analyzed for each of the 20 accelerograms in a suite using a nonlinear
time history analysis. The reduced beam section was assumed to be the connection system used.
The behavior of the panel zones was included in the model. The gravity frames were also
included in the model, and P-A effects were calculated. The hysteresis behavior of the RBS
connection and the gravity beam-column connection are shown in Figures 4-17 and 4-29,
respectively. The median maximum drift was then calculated for each building. This was done
for the 2/50 and 50/50 hazard levels and the LA site. These were then used to calculate the bias
factors.
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The bias factor is defined as follows:

drift duetoNTH

B.F.=
drift dueto corresponding analysismethod

(4-53)

The variability of each method with the corresponding bias factor is also calculated. The
variations of the corrected drift values due to the analysis method were calculated by taking the
coefficient of variation of the maximum drifts. The values of the variations are expected to be
very small since the bias factor will shift the drift values very close to the correct drift value.

The USC team headed by Anderson has studied the Linear Static Procedures (Duan and
Anderson, 2000). The UCLA team headed by Hart has performed the Nonlinear Static
Procedures and the Capacity Spectrum Procedure (Skokan and Hart, 1999). The fundamental
periods of each of the structures that were used for the study are shown in Table 4-5. The
calculated drift values for each of the buildings for each of the methods are given in Table 4-6
for the 2% in 50 year hazard level and in Table 4-7 for the 50% in 50 year hazard level. This
table includes the average values for each of the story heights as well as the weighted average for
all of the story heights.

Since different teams performed the work, two changes in the data values were necessary to
correctly calculate the bias factor and the variance of the drifts. The first change was for the
difference in the strength reduction factor, R, and the displacement amplification factor, Cq4, used
in the 1997 NEHRP Provisions. The second change was to account for the same damping levels
for each structure.

The first change that was made to calculate drift values was to account for the difference in
the strength reduction factor, R, and the displacement amplification factor, Cq, used in the 1997
NEHRP Provisions. Since the 1997 NEHRP Provisions gave the best estimation for the drifts,
all of the calculated drift values from the FEMA Linear Static procedures (F273L and F273M)
were multiplied by the factor of 5.5/8.0, which is 0.70.

The second change involved the damping value used in the analysis. The LTH and NTH
calculations used the correct average damping values for the 3-story (4.3%), 9-story (3.6%), and
20-story (2.3%) buildings. The LSP calculations were done using the NEHRP design spectrum.
So the bias factor calculations are direct. The engineer uses LSP using the 5% damping
spectrum and multiplies this by the bias factor to get the drift value for the correct damping level.
The NSP and CSP were done using the elastic spectrum for the correct damping levels. So if
the designer uses a 5% damped spectrum, the values have to be scaled upward to match those for
the correct damping level. These scale factors were 1.04, 1.06, and 1.11 for the 3-, 9-, and 20-
story buildings, respectively (Yun, et al., 2000). The final value in Table 4-8 incorporates these
factors with some rounding and engineering judgment. Table 4-9 gives the bias factors for
existing buildings built prior to the 1997 NEHRP Provisions.

As can be seen from the results, all of the analysis methods for the 2% in 50 year hazard
level somewhat fail to capture the P-delta effects as the structures get taller. Therefore, the
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methods underpredict the drift for taller structures. The linear static procedure from both the
1997 NEHRP Provisions and FEMA-273 predicts the response the best. The FEMA-273 Modal
Analysis Procedure failed to predict the response of the taller stories better even though three
modes were used for the drift calculation of the 20-story building, whereas one mode for the 3-
story and 2 modes for the 9-story were used. For all of the story heights, the Linear Time
History method over-predicted the response of the structure. All of the methods for the 50% in
50 year hazard level predicted the response much better since the responses stay pretty much in
the elastic range with small drift values. Not much effect from P-delta is expected.

Table 4-5 Fundamental Period of Each Structure

Column design 3-story O-story 20-story
LB 1.00 (sec) 2.45 (sec)

wl4 3.47 (sec)
uUB 0.88 (sec) 2.16 (sec)
LB 1.00 (sec) 2.47 (sec)

w24 3.43 (sec)
uUB 0.87 (sec) 2.18 (sec)
LB 1.00 (sec) 2.44 (sec)

w30 3.43 (sec)
uUB 0.86 (sec) 2.18 (sec)
LB 0.99 (sec) 2.47 (sec)

w36 3.46 (sec)
uUB 0.84 (sec) 2.18 (sec)

4.5 Analytical Studies of Post-Northridge Buildings
45.1 Description of Building Designs

Twenty buildings were designed for a Los Angles site using the 1997 NEHRP Provisions.
These buildings (3-, 9-, and 20-stories) were designed for a Seattle site. The soil was assumed to
be stiff and defined as a soil type D in the NEHRP Provisions. The buildings were designed for
the 2/50 hazard level response spectra discussed in Chapter 3. In addition, 3-, 9-, and 20-story
buildings were designed on a soft-soil site in Seattle. Plan and elevation views of the buildings
are shown in Figure 4-37. The member sizes are given in Table 4-10. The 20-story buildings
designed for the LA site used four different column sections (w14, w24, w30, and w36) in order
to consider different frame conditions. Upper-bound designs for each building configuration
were developed by using the empirical value of T as a function of height given in the NEHRP
Provisions to calculate the design base shear. Lower-bound designs for the 3- and 9-story
buildings were developed by using the value of T calculated by the SAP 2000 structural analysis
program, but subjected to the limitations in the NEHRP Provisions. The lower-bound value of
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the base shear for buildings with long natural periods precludes the development of a lower-
bound design for the 20-story building. Other details of the buildings including the one in
Seattle are given in SAC/BD-00/25, by Lee and Foutch (2000).

Table4-6 Drift and Variance Valuesfor Different AnalysisMethodsUsing LA 2% in 50
Year Hazard Level Before Corrections

) NO7L F273L F273M ETH F273N CSP
LA 2/5Qcolumnjl design | NTH I=eee™ o= [ B.F. | dnft | BF. | it | B.E | dnft | BF. || drift [ BF.
Wi4 || LB || 0030 0.030 | .00 [[0.048 [ 0.63 || 0.036 ] 0.83 || 0.033 | 0.90 || 0.034 | 0.87 |[0.023 | 131
uB |l 0.027 || 0.030| 0.91 [ 0.047| 0.58 || 0.033| 0.83 || 0.032| 0.85 || 0.035 | 0.78 | 0.023| 1.18
w24 || LB || 0029 0.030 | 0.96 || 0.048 | 0.60 || 0.037 | 0.78 || 0.033 | 0.86 || 0.034 | 0.84 || 0.022 | 1.28
- uB |l 0.025 | 0.030 | 0.83 || 0.047| 0.53 || 0.032| 078 || 0.032| 0.78 || 0.034 | 074 || 0.022 | 113
w30 || LB || 0.028 | 0.030 | 0.94 || 0.045 | 0.63 || 0.037 | 0.76 || 0.034 | 0.84 || 0.040 | 0.70 || 0.022 | 1.31
uB || 0.024 | 0.030| 0.81 || 0.039| 0.63 || 0.032| 0.76 || 0.031| 0.78 || 0.029 | 0.84 | 0.018 | 1.34
w36 || LB || 0.028 || 0.030 | 0.94 || 0.046 | 0.62 || 0.037 | 0.77 || 0.034 | 0.83 | 0.033 | 0.85 || 0.021 | 1.32
uB || 0.024 ] 0.030| 081 || 0.039| 0.62 || 0.031| 078 || 0.032| 0.76 || 0.029 | 0.83 || 0.019 | 1.31
m 0.027 | 0.030 | 0.90 || 0.045 | 0.60 || 0.034 | 0.79 ]| 0.033 | 0.82 | 0.034 | 0.81 || 0.021 | 1.27
G 0.0022][0.0000] 0.0742||0.0038] 0.0344][0.0026 | 0.0283]| 0.0011] 0.0479[0.0035 | 0.0610]| 0.0019] 0.0754
COV 0.08 0.08 0.06 0.04 0.06 0.08 0.06
) NO7L F273L F273M ETH F273N Csp
LA 2/5Qjcolumnjjdesign | NTH |=e™ o =——5tt | B.F. || drift | BE. || art | BF. | drift | BE. || dift | BE.
Wi4 || LB || 0036 0030 1.20 [[0.048] 0.75 || 0.034 | 1.06 || 0.042| 085 || 0042 0.85 | 0.027 | 132
uB |l 0.036 || 0.030| 1.19 || 0.041| 0.87 || 0.028 | 1.28 || 0.040 | 0.90 || 0.037 | 0.97 || 0.023| 1.54
w24 | LB |[0.034 [ 0.030 | .14 || 0.048 | 0.71 || 0.032 | .07 || 0.042 | 0.82 | 0.041 | 0.83 || 0.025 | 1.39
- uB |l 0.033] 0.030| 1.10 || 0.042| 0.78 || 0.029 | 1.13 || 0.039 | 0.85 || 0.035 | 0.93 || 0.023 | 1.44
W30 || LB || 0.035 | 0.030 | 1.16 || 0.047 | 0.74 || 0.031 | 1.12 || 0.042 | 0.83 || 0.043 | 0.81 || 0.027 | 1.30
uB |l 0.032 ] 0.030| 1.07 || 0.042| 0.76 || 0.028 | 1.15 || 0.038 | 0.84 || 0.031 | 1.03 || 0.023| 1.40
w36 || LB || 0.034 [ 0.030 | 1.13 || 0.050 | 0.68 || 0.032 | 1.06 || 0.042 | 0.81 || 0.044 | 0.77 || 0.027 | 1.25
uB_ || 0.034] 0.030| 112 || 0.043| 0.78 || 0.028 | 1.20 || 0.039 | 0.86 || 0.038 | 0.88 [ 0.024 | 1.39
m 0.034 ][ 0.030 | 1.14 || 0.045] 0.76 ][ 0.030 | 1.13 || 0.040 | 0.84 ][ 0.039 | 0.88 || 0.025 | 1.38
5 0.0013][0.0000] 0.0447]|0.0035] 0.0580][0.0023] 0.0774|0.0018] 0.0300][0.0044] 0.0867]|0.0019] 0.0891
CoV 0.0 0.04 0.08 0.07 0.04 0.10 0.06
) NO7L F273L F273M ETH F273N CsP
LA 2/5Q|columnjjdesign | NTH =™ =—anit | B.F. || drft | BF. | drt | BF. | drift | BF. | dift | BF.
W14 || L&UB || 0.024 || 0.018 | 1.34 ][ 0.027 | 0.89 || 0.024 | .01 ][ 0.029] 083 || 0033 ] 0.74 ][ 0.020 | 1.19
ho-stord 24| L&UB [ 0.024 ] 0.018 | 1.34 |[0.028 | 0.86 | 0.024 | 1.01 | 0.030] 0.61 |[0.031] 0.77 |[0.020 121
w30 || LeUB || 0.024 |[0.018 | 1.36 || 0.028 | 0.87 || 0.024 | 1.02 ][ 0.030 | 0.81 || 0.031 ] 0.78 || 0.020 | 1.23
w36 || L&UB || 0.024 || 0.018 | 1.34 || 0.028 | 0.86 || 0.024 | 1.00 | 0.030 | 0.80 || 0.033 | 0.73 || 0.020 | 1.20
m 0.024 ][ 0.018 | 1.35 || 0.028 | 0.87 | 0.024 | 1.01 || 0.030 ] 0.81 || 0.032 | 0.75 || 0.020 | 1.20
o 0.0002][0.0000] 0.0087][0.0005] 0.0156/[0.0000] 0.0065/0.0004] 0.0090][0.0008] 0.0219]|0.0002] 0.0162
COV 0.01 0.01 0.02 0.0 0.01 0.03 0.01
. NO7L F273L F273M ETH F273N CsP
LA 2/5Qicolumnjjdesign | NTH = e 0= —\anit | B.F. || drift | BF. || drt | BF. | drift | BF. | dnft | BF.
39 | & 1.13 0.75 0.98 0.83 0.82 1.29
and 20 o 0.192 0.119 0.154 0.034 0.081 0.097
story [[Cov 0.17 0.16 0.16 0.04 0.10 0.08
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Table 4-7 Drift and Variance Valuesfor Different Analysis M ethods Using LA 50% in 50
Year Hazard L evel Before Corrections

) NO7L F273L F273M ETH F273N cSP
LA 2/5q|columnjjdesign | NTH = o= —"aitt | BF. | dnft | BE. || drft | BF. || drft | BF. | drft | BF.
Wi || LB || 0009 0009 099 [[0.009] 0.99 || 0.008 | .10 |[0.009| 0.96 || 0.007 | .30 | 0.006 | 1.48
ue | 0.007 || 0.009 | 0.81 || 0.009 | 0.81 || 0.008 | 0.90 || 0.009 | 0.85 || 0.007 | 1.04 || 0.006 | 1.20
w24 || LB || 0.007 || 0.009 | 0.80 |[0.009 | 0.80 || 0.008 | 0.89 |[0.009 | 0.80 || 0.007 | .06 || 0.006 | 1.20
- ue | 0.006 || 0.009 | 0.69 || 0.009 | 0.69 || 0.008 | 0.77 || 0.009 | 0.72 |{ 0.007 | 0.90 || 0.006 | 1.04
w30 || LB || 0.007 || 0.009 | 0.80 || 0.009 | 0.80 || 0.008 | 0.89 || 0.009 | 0.79 || 0.007 | 1.04 || 0.006 | 1.23
ue | 0.006 || 0.007 | 0.88 || 0.007 | 0.88 || 0.006 | 0.98 || 0.008| 0.81 || 0.006 | 1.04 || 0.005] 1.22
w36 || LB || 0.007 || 0.009 | 0.83 || 0.009 | 0.83 || 0.008 | 0.92 |[0.009 | 0.79 || 0.007 | .09 || 0.006 | 1.26
uB_ || 0.006 || 0.007 | 0.90 || 0.007 | 0.90 || 0.006 | 1.00 || 0.008 | 0.80 || 0.006 | 1.05 || 0.005] 1.23
m 0.007 ][ 0.009 | 0.84 || 0.009 | 0.84 || 0.008 | 0.93 || 0.009 | 0.82 | 0.007 | 1.06 || 0.006 | 1.23
o 0.0009][0.0009 0.0894/0.0009] 0.0894][0.0008 | 0.0993[0.0007 | 0.0684][0.0004] 0.1085[0.0004 ] 0.1209
Cov 0.13 011 0.1 011 0.08 0.10 0.10
. NOTL F273L F27aM ETH F273N Csp
LA 2/5q|columnjidesign | NTH ===t | BF. | dnft | BE. || drft | BE || drft | BF. | drft | BF.
Wi4 || LB || 0.009 || 0.008 | 1.06 | 0.008 | 1.06 || 0.007 | 1.22 |[0.009 | 0.98 || 0.006 | 1.37 | 0.006 | 1.53
ue | 0.008 ] 0.008| 1.03 || 0.008| 1.03 || 0.006 | 1.31 || 0.008 | 0.97 || 0.006 | 1.29 || 0.005]| 1.45
w24 || LB || 0.008 || 0.008 | 1.03 || 0.008 | 1.03 || 0.007 | 117 || 0.009 | 0.92 || 0.006 | 1.32 || 0.006 | 1.49
- ue || 0.007 || 0.008 | 0.93 || 0.008| 0.93 || 0.006 | 1.21 || 0.008 | 0.87 || 0.006 | 1.16 || 0.006 | 1.31
w30 || LB || 0.008 || 0.008 | 1.02 |[0.008 | .02 || 0.007 | 1.18 || 0.009 | 0.93 || 0.006 | 1.32 || 0.006 | 1.48
ue | 0.007 || 0.008 | 0.92 || 0.008| 0.92 || 0.006 | 1.20 || 0.008 | 0.87 || 0.006 | 1.16 || 0.006 | 1.30
w36 || LB || 0.008 || 0.008 | 0.96 || 0.008 | 0.96 || 0.007 | 1.15 || 0.009 | 0.92 || 0.006 | 1.26 | 0.006 | 1.42
ue || 0.007 || 0.008 | 0.92 [ 0.008 | 0.92 || 0.006 | 1.21 || 0.008 | 0.88 || 0.006 | 1.15 || 0.006 | 1.30
m 0.008 ] 0.008 | 0.98 || 0.008 | 0.98 || 0.007 | 1.21 || 0.009 | 0.92 || 0.006 | L.25 || 0.006 | 141
o 0.0005][0.0002 | 0.0555/0.0002] 0.0555][0.0005 | 0.0480][0.0003] 0.0428][0.0001 | 0.0842][0.0001 ] 0.0944
Cov 0.07 0.06 0.06 0.04 0.05 0.07 0.07
) NO7L F273L F273M ETH F273N Csp
LA 2/5Qcolumnf design}) NTH =T 5 | anitt | BF. || ai | B.F. || diit | BF. | antt | BF. | ot | BE.
W14 |[ L&UB || 0.006 || 0.004 | 1.46 |[ 0.004 | 1.46 || 0.006 | 1.08 |[ 0.007 | 0.98 || 0.004 | 1.81 |[0.004 | 1.85
bo-ctor 24 | L&UB 0,007 ][0.005 | 1.46 |[0.005 | 146 | 0.006 | 1.09 |[0.007 | 0.98 |[0.004 1.79 |0.004 183
w30 || L&UB || 0.007 | 0.005 | .48 |[0.005 | 1.48 || 0.006 | .13 | 0.007 | 0.99 || 0.004 | 1.84 | 0.004 | 1.87
w36 || L&UB || 0.007 || 0,005 | 1.44 | 0.005 | 1.44 || 0.006 | 1.10 | 0.007 | 0.99 || 0.004 | 1.78 | 0.004 | 1.81
m 0.007 ] 0.005 | 1.46 || 0.005 ] 1.46 || 0.006 | 1.10 || 0.007 | 0.98 |[ 0.004 | 1.81 || 0.004 | 1.84
o 0.0001][0.0001 | 0.0174]/0.0001] 0.0174][0.0000] 0.0226[0.0001 | 0.0033][0.0001 | 0.0250]|0.0001 | 0.0246
Cov 0.02 0.01 0.01 0.02 0.00 0.0l 0.01
) NO7L F273L F273M ETH F273N Csp
LA 2/5Q|columnijdesign | NTH =it | BF. | dnft | BE || drft | BE || drt | BF. | it | BF.
39 [ & .09 1.00 108 0.01 .37 1.49
and 20 o 0.277 0.277 0.131 0.083 0.331 0.274
story [[Cov 0.05 0.25 0.12 0.09 0.04 0.18
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Table4-8 Default Valuesfor the Cg for the Collapse Prevention and mmediate
Occupancy Performance Levelsfor New Buildings™®

No higher modes, regular

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
NO7-LSP 0.90 0.90 1.15 1.10 1.35 1.05
F273-LSP| 0.65 0.90 0.85 1.10 1.00 1.05
N97-MAP[| 0.80 0.80 1.05 0.90 1.10 1.10
F273-LDP| 0.80 1.00 1.15 1.10 1.00 1.15
LTHP 0.85 0.85 0.90 1.00 0.90 1.00
F273-NsP] o0.85 NA® 0.95 NA® 0.85 NA®
csSM-NSP| 1.30 NA™ 1.50 NA® 1.35 NA®

Higher modes®

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
N97-LSP NP* NP* NP* NP* NP* NP*
F273-LSP NP* NP* NP* NP~ NP~ NP*
N97-MAP| 0.80 0.80 1.05 0.90 1.10 1.10
F273-LDP| 0.80 1.00 1.15 1.10 1.00 1.15
LTHP 0.85 0.85 0.90 1.00 0.90 1.00
F273-NSP NP* NP* NP* NP* NP* NP*
csM-NsP| NP? NP NP* NP? NP? NP?

Irregular®

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
N97-LSP NP? 1.00 NP? 1.20 NP? 1.15
F273-LSP| NP? 1.00 NP* 1.20 NP* 1.15
N97-MAP| 0.85 0.85 1.10 0.95 1.15 1.15
F273-LDP| 0.85 1.05 1.20 1.15 1.05 1.20
LTHP 0.90 0.90 0.95 1.05 0.95 1.05
F273-NSP] 0.90 NA® 1.00 NA® 0.90 NA®
cSM-NsSP| 1.35 NA 1.55 NA® 1.40 NA®

NA: Not appropriate. Assume linear behavior.

NP: Not permitted.

Use this if T1/To= 2.5.

Use this for NEHRP plan irregularity 1a or 1b or vertical irregularity 1a, 1b, 2 or 3.
Cp = 1.0 for nonlinear time history analysis.

Use T determined by analysis with these bias factors. See Appendix B for others.

AN S
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Table4-9 Default Valuesfor the Cg for the Collapse Prevention and mmediate
Occupancy Performance Levelsfor Existing Buildings™®

No higher modes, regular

3-story 9—stor§/ 20-story
2/50 50/50 2/50 50/50 2/50 50/50
NO7-LSP 1.25 0.75 1.40 0.80 1.00 0.75
F273-LSP] 0.90 0.75 1.00 0.80 0.70 0.75
N97-MAP 0.90 0.70 1.00 0.60 1.10 0.80
F273-LDP] 1.20 1.00 1.30 1.05 1.20 1.30
LTHP 1.35 0.95 1.20 1.05 1.00 1.15
F273-NSP| 1.25 NA® 1.35 NA® 1.30 NA®
CSM-NSP NA® NA" NA®

Higher modes?

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
N97-LSP NP* NP* NP* NP* NP* NP*
F273-LsP| NP° NP* NP* NP* NP* NP*
N97-MAP 0.90 0.70 1.00 0.60 1.10 0.80
F273-LDP| 1.20 1.00 1.30 1.05 1.20 1.30
LTHP 1.35 0.95 1.20 1.05 1.00 1.15
F273-NSP| NP° NP NP NP NP NP
CSM-NSP NP* NP* NP* NP* NP* NP*

Irregular’

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
N97-LSP NP® 0.85 NP® 0.90 NP? 0.85
F273-LsP| NP? 0.85 NP* 0.90 NP* 0.85
N97-MAP 0.95 0.75 1.05 0.65 1.15 0.85
F273-LDP| 1.25 1.05 1.35 1.10 1.25 1.35
LTHP 1.40 1.00 1.25 1.10 1.05 1.20
F273-NSP| 1.30 NA® 1.40 NA® 1.35 NA®
CSM-NSP NA® NA® NA®

NA: Not appropriate. Assume linear behavior.

NP: Not permitted.

Use this if T{/Ty = 2.5.

Use this for NEHRP plan irregularity 1a or 1b or vertical irregularity la, 1b, 2 or 3.
Cp = 1.0 for nonlinear time history analysis.

Use T determined by analysis with these bias factors. See Appendix B for others.

S e
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Table4-10 Member Sizesfor the 3, 9, and 20-Story Buildings Designed According to the

tory SMF, 1997 NEHRP (Upper Bound)

1997 NEHRP Provisions

14 24 w30 w36
Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Panle-zone Beam
Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int.

[Wiax342 | widx398 | 0 0| w2ax76 |[ w24x192 | w24x207 |0 0 | w24x76 |[ w30x173 | w30x173 | 0O 0| w24x62 |[ w36x135 | w36x135 | 0 0| w24x76
w14x342 | w14x398 0 0 w33x130 || w24x192 | w24x207 0 0.625] w33x118 || w30x173 | w30x173 | 0.125] 0.625] w33x118 || w36x135 | w36x135 | 0.125] 0.625] w33x130
w14x342 | wi14x398 0 0 w30x108 || w24x192 | w24x207 0 0.5 | w30x108 || w30x173 | w30x173 0 0.375] w30x108 || w36x135 | w36x135 0 0.5 | w30x108

-story SMF, 1997 NEHRP (Lower Bound)
14 24 w30 w36
Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Panle-zone Beam
Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int. Exterior | interior | Ext. | Int.

[ Wi4x257 | wiax283 ]| 0 0| w21x68 |[ w24xi62 | w2dx192 ] 0 0| w21x68 |[ w30x132 | w30x148 ] O 0 | w21x68 |[ w36x135 | waexi35 ] 0 0| wisxes
w14x257 | wi14x283 0 1 Ww33x118 || w24x162 | w24x192 | 0.25 | 0.75 | w30x99 || w30x132 | w30x148 | 0.125] 0.625] w30x90 |f w36x135 | w36x135 | 0.125] 0.375] w30x90
w14x257 | w14x283 0 0.875] w30x99 || w24x162 | w24x192 0 0.5 w27x84 |[ w30x132 | w30x148 0 0.5 w27x84 || w36x135 | w36x135 0 0.5 w24x84

-story SMF, 1997 NEHRP (Upper Bound)
1 14 24 30 w36
Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Panle-zone Beam
Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int.
W14x342 | widx398 | 0 0| w2ix62 |[ w24x207 | w24x250 |0 0 | w2ix62 [ w30x173 | w30x19L] O 0 | w2ix62 |[ w36x135 | w3exi50 | 0 0_| w2lxe2
W14x342 | w14x398 0 0 W27x94 || w24x207 | w24x250 0 0 W27x94 || w30x173 | w30x191 0 0.125] w27x94 || w36x135 | w36x150 0 0.125] w27x94
W14x398 | wi14x455 0 0 W33x118 || w24x250 | w24x279 0 0 w33x118 || w30x191 | w30x211 0 0.625] w33x118 || w36x150 | w36x182 0 0.5 | w33x118
W14x398 | wi14x455 0 0 W33x118 || w24x250 | w24x279 0 0.125] w33x118 || w30x191 | w30x211 0 0.625] w33x118 || w36x150 | w36x182 0 0.5 | w33x118
W14x455 | w14x550 0 0 w36x150 || w24x279 | w24x335 0 0.125] w36x150 || w30x211 | w30x261 0 0.5 | w36x150 || w36x182 | w36x210 0 0.5 | w36x150
W14x455 | w14x550 0 0 w36x150 || w24x279 | w24x335 0 0.25 | w36x150 || w30x211 | w30x261 0 0.625] w36x150 || w36x182 | w36x210 0 0.5 | w36x150
W14x550 | wi14x550 0 0 w36x150 || w24x335 | w24x335 0 0.375] w36x150 || w30x261 | w30x261 0 0.625]| w36x150 || w36x210 | w36x256 0 0.5 | w36x150
W14x550 | wi14x550 0 0 w40x183 || w24x335 | w24x335 0 0.625| w36x182 || w30x261 | w30x261 0 0.875] w36x182 || w36x210 | w36x256 0 0.5 | w36x150
W14x550 | wi14x605 0 0 w40x183 || w24x335 | w24x408 0 0.25 | w36x182 || w30x261 | w30x326 0 0.75 | w36x182 || w36x210 | w36x280 0 0.875] w36x182
JL w14x550 | w14x605 0 0 w40x183 || w24x335 | w24x408 0 0 w36x182 || w30x261 | w30x326 0 0 w36x182 || w36x210 | w36x280 0 0 w36x182
-story SMF, 1997 NEHRP (Lower Bound)
14 24 30 w36
Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Panle-zone Beam
Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int.

[Wi4x257 | wiax283 |0 0| w21x62 |[w24xi76 | w24x192 | 0 0| w2ix62 |[ w30x148 | w30x148 | O 0| wisx50 |[ w36x135 | w3exi35 | 0 0_ | wisxs0
W14x257 | w14x283 0 0 W27x94 || w24x176 | w24x192 0 0.25 | w27x94 || w30x148 | w30x148 0 0.375] w27x94 || w36x135 | w36x135 0 0.375] w27x94
W14x283 | wi14x398 0 0 W30x116 || w24x192 | w24x229 0 0.5 | w30x116 || w30x148 | w30x173 0 0.5 W27x94 || w36x135 | w36x160 0 0.375] w27x94
w14x283 | w14x398 0 0 w30x116 || w24x192 | w24x229 0 0.75 | w30x116 || w30x148 | w30x173 0 0.75 | w30x116 || w36x135 | w36x160 0 0.625] w30x116
w14x398 | w14x455 0 0 w33x141 || w24x229 | w24x279 0 0.625] w33x118 || w30x173 | w30x211 0 0.875] w33x141 || w36x160 | w36x194 0 0.625 ]| w33x130
w14x398 | wi14x455 0 0 w33x141 || w24x229 | w24x279 0 0.625| w33x118 || w30x173 | w30x211 0 0.875] w33x141 || w36x160 | w36x194 0 0.625]| w33x130
W14x455 | wi14x500 0 0 w33x141 || w24x279 | w24x279 0 1 w33x141 || w30x211 | w30x235 0 0.875] w33x141 || w36x194 | w36x210 0 0.5 ] w33x130
Ww14x455 | wi14x500 0 0 W36x150 || w24x279 | w24x279 0 1 w33x141 || w30x211 | w30x235 0 0.875] w33x141 || w36x194 | w36x210 0 0.5 | w33x130
W14x500 | wi14x550 0 0 W36x150 || w24x279 | w24x335 0 0.75 | w36x150 || w30x235 | w30x261 0 0.75 | w36x150 || w36x210 | w36x232 0 0.5 | w36x135
w14x500 | wi14x550 0 0 w36x150 || w24x279 | w24x335 0 0 w36x150 || w30x235 | w30x261 0 0.125] w36x150 || w36x210 | w36x232 0 0 w36x135

0O-story SMF, 1997 NEHRP (Upper & Lower Boun )
14 24 30 w36
Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Doubler plate] Beam Columns Panle-zone Beam
Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int. Exterior | interior | Ext. Int.

15x15x0.5] w14x370 0 0 W18x46 || 15x15x0.5| w24x207 0 0 W18x46 || 15x15x0.5| w30x148 0 0 w18x46 || 15x15x0.5] w36x135 0 0 w18x46
15x15x0.5] w14x370 0 0 W24x55 || 15x15x0.5| w24x207 0 0 W24x55 || 15x15x0.5| w30x148 0 0 W24x55 || 15x15x0.5] w36x135 0 0 W24x55

15x15x0.79 w14x426 0 0 W27x84 |[15x15x0.75| w24x250 0 0 Ww27x84 |[15x15x0.75 w30x191 0 0.125] w27x84 |[15x15x0.75 w36x135 0 0.125] w27x84

15x15x0.79 w14x426 0 0 w30x108 |[15x15x0.75] w24x250 0 0.125] w30x108 ||15x15x0.75 w30x191 0 0.375] w30x108 ||15x15x0.75 w36x135 0 0.375] w30x108
15x15x1.0] w14x500 0 0 w30x108 |[ 15x15x1.0| w24x279 0 0 w30x108 |[ 15x15x1.0| w30x211 0 0.375] w30x108 || 15x15x1.0] w36x194 0 0.25 | w30x108
15x15x1.0] w14x500 0 0 w30x108 |[ 15x15x1.0| w24x279 0 0.25 | w33x118 |[15x15x1.0] w30x211 0 0.5 | w33x118 || 15x15x1.0] w36x194 0 0.375] w30x108
15x15x1.0] w14x500 0 0 W33x118 || 15x15x1.0| w24x279 0 0.375] w33x118 || 15x15x1.0] w30x211 0 0.625] w33x118 || 15x15x1.0] w36x194 0 0.5 | w33x118
15x15x1.0] w14x605 0 0 Ww33x118 || 15x15x1.0| w24x335 0 0.125] w33x118 || 15x15x1.0] w30x261 0 0.375] w36x135 || 15x15x1.0] w36x245 0 0.375] w33x118
15x15x1.0] w14x605 0 0 W36x135 || 15x15x1.0| w24x335 0 0.25 | w36x135 || 15x15x1.0] w30x261 0 0.625] w36x135 || 15x15x1.0] w36x245 0 0.5 | w36x135
15x15x1.0] w14x605 0 0 W36x135 || 15x15x1.0| w24x335 0 0.25 | w36x135 || 15x15x1.0] w30x261 0 0.625] w36x135 || 15x15x1.0] w36x245 0 0.5 | w36x135
15x15x1.29 w14x605 0 0 Ww36x135 |[15x15x1.25] w24x408 0 0 w36x135 |[15x15x1.25 w30x326 0 0.375] w36x135 ||15x15x1.25 w36x260 0 0.5 | w36x135
15x15x1.29 w14x605 0 0 Ww36x135 |[15x15x1.25] w24x408 0 0 w36x135 |[15x15x1.25 w30x326 0 0.5 | w36x135 [[15x15x1.25 w36x260 0 0.625] w36x135
15x15x1.29 w14x605 0 0 w36x135 |[15x15x1.25] w24x408 0 0 w36x135 |[15x15x1.25 w30x326 0 0.5 | w36x135 |[15x15x1.25 w36x260 0 0.625] w36x135
15x15x1.25 w14x665 0 0 w36x135 [|15x15x1.25( w24x408 0 0 w36x135 ||15x15x1.25 w30x326 0 0.5 | w36x135 |[15x15x1.25 w36x260 0 0.75 | w36x135
15x15x1.25 w14x665 0 0 W36x135 [|15x15x1.25( w24x408 0 0.125| w36x135 |[15x15x1.25) w30x326 0 0.5 | w36x135 |[15x15x1.25 w36x260 0 0.75 | w36x135
15x15x1.25 w14x665 0 0 W36x135 [|15x15x1.25( w24x408 0 0.125] w36x135 ||15x15x1.25) w30x326 0 0.5 | w36x135 |[15x15x1.25 w36x260 0 0.75 | w36x135
15x15x2.0] w14x730 0 0 W36x135 || 15x15x2.0| w24x492 0 0 W36x135 || 15x15x2.0| w30x391 0 0.25 | w36x135 || 15x15x2.0] w36x300 0 0.625] w36x135
15x15x2.0] w14x730 0 0 W33x118 || 15x15x2.0| w24x492 0 0 w33x118 || 15x15x2.0| w30x391 0 0 w33x118 || 15x15x2.0] w36x300 0 0.375] w33x118
15x15x2.0] w14x730 0 0 w33x118 || 15x15x2.0] w24x492 0 0 w33x118 || 15x15x2.0] w30x391 0 0 w33x118 || 15x15x2.0] w36x300 0 0.375] w33x118
15x15x2.0] w14x808 0 0 w33x130 || 15x15x2.0] w24x492 0 0 w33x118 || 15x15x2.0] w30x391 0 0 w33x118 || 15x15x2.0] w36x300 0 0.375] w33x118
15x15x2.0] w14x808 0 0 w33x130 |[ 15x15x2.0| w24x492 0 0 w33x118 [ 15x15x2.0] w30x391 0 0 w33x118 || 15x15x2.0] w36x300 0 0 w33x118
15x15x2.0] w14x808 0 0 wi4x22 |[15x15x2.0| w24x492 0 0 wi4x22 |[15x15x2.0] w30x391 0 0 wi4x22 |[15x15x2.0] w36x300 0 0 w14x22
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4.5.2 Static Pushover Analysis

A static pushover analysis was performed on each building to evaluate its lateral strength and
post-yield behavior. Force and displacement relationships obtained from the static pushover
analysis are very useful to evaluate the capacity of a structure experiencing substantial inelastic
deformation. The force and displacement relationship was plotted in terms of the seismic base
shear coefficient and roof drift angle. The seismic base shear coefficient was calculated from the
ratio of lateral force to structural seismic weight. The roof drift angle was obtained from the roof
displacement divided by the total height of the structure. All lateral forces were distributed
along the height of the structure based on the 1997 NEHRP Provisions. In this analysis model, a
bi-linear connection model representing ductile behavior was used along with the P-delta effect.
Displacement control was used for the pushover analyses.

Figure 4-38 shows the seismic coefficient to top-story drift angle relationships for the 3-story
buildings designed for the upper-bound limit. The frames designed by the upper-bound
limitation have a higher strength and stiffness than those from the lower-bound designs. This
indicates that increasing seismic design force or the drift requirement leads to an increase in the
stiffness and strength when the drift limit controls the frame design. It is interesting to note that
usually the frame designed with W14 column members results in less stiffness and more strength
than those using other section types such as W24, W30, and W36 column members. This is
because the W14 column member must have a much higher plastic section modulus in order to
provide the same stiffness as the deeper sections. In addition, the relatively thick web plate in
the W14 member does not require putting a doubler plate in the column web to satisfy the panel
zone requirement. The doubler plates attached to the frames using W24, W30, and W36 column
members add significant strength and stiffness in the beam-to-column connections and result in
increasing the initial stiffness of the structures.

0.6

0.4

0.2

Seismic Coefficient(V /W)

Seismic design coefficient for the upper bound designs

0 0.02 0.04 0.06

roo fdrift angle

‘—A—UB wl4 —e— UB w24 —— UB w30 —m—UB w36 ‘

Figure 4-38 Static Pushover Analysisfor LA 3-Story Upper Bound Designs
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An over-strength ratio was calculated to examine the strength of a structural system for
seismic evaluation. The over-strength ratio was defined here as the ratio of ultimate strength of
the frame to the design strength used as the minimum design force in the 1997 NEHRP
Provisions. A peak point from the static pushover analysis was selected as the ultimate strength
of the frame. Since the post-yield strengths increased continuously as the drift increased, a point
corresponding to the roof drift angle of 0.03 was chosen and calculated as the ultimate strength.
The over-strength ratios ranged from 3.3 to 3.7 for 3-story upper-bound designs and from 3.9 to
4.5 for the lower bound designs. For the 9-story upper-bound designs, the over-strength ratios
varied between 3.3 and 3.8. For the lower-bound designs, the range was 3.7 to 4.1.

For the 20-story building design, the frame with W14 column members has an over-strength
factor of 3.6, while others have values of 3.6, 3.4, and 3.4 for the frames with W24, W30, and
W36 column members, respectively. The displacement-controlled pushover analysis allows one
to observe the load-deflection behavior after the slope becomes negative. Figure 4-39 indicates
that the slope of the load-drift curve becomes negative at a drift of about 0.03. The negative
slope gradually increases as the building is pushed to larger deflections. This is discussed
further in relation to the pushover results for the 20-story building.

0.15

0.1 4

0.05
Seismic design coefficient

Seismic Coefficient (V/ W)

roof drift angle

‘—0—w14 —a— W24 —4—w30 —%—w36 ‘

Figure 4-39 Static Pushover Analysisfor LA 20-Story Designs

Figure 4-39 illustrates the lateral strength capacity of the 20-story SMRF buildings. As
described previously, the minimum constant design force defined in the 1997 NEHRP Provisions
controlled both the upper and lower-bound design. As a result, the UB and LB design for the 20-
story buildings are the same design. The pushover analyses show that the P-delta effects cause
negative stiffness in the 20-story building after a roof drift angle of 0.01 is reached. Using the
different column depths does not result in a significant difference in the initial elastic stiffness of
each building. However, the post-yield behavior of the frames is different as the frames
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experience substantial inelastic drift. The general trends of the post-yield strength observed in
the 3- and 9-story buildings are very similar for the 20-story buildings. The frame using W14
columns shows the highest post-yield strength, while the frame using the W36 column has the
lowest one. Krawinkler (2000) observed similar post-yield behavior for the 20-story pre-
Northridge building and was quite concerned by it.

The P-delta effect was further investigated for the 9-story and 20-story buildings where the
building frames are more vulnerable to the geometric instability. Figure 4-40 shows the
deflected shape of the 20-story buildings during the static pushover analyses. The building
experiences substantial displacements in the lower stories when the top floor drift angle exceeds
1%. After the frame enters the negative stiffness region, the drifts at the lower stories are
increased at a much higher rate due to the detrimental P-delta effect. Figure 4-41 shows the drift
angle at the 5™ floor and roof for comparison. Each story displacement was divided by height
corresponding to the location of each floor. As the drift angle exceeds about 1%, the drift angle
at the 5™ floor becomes larger than the one for the roof, indicating that large drift demands are
concentrated in the lower stories.

21

Story level

0.00 0.02 0.04 0.06
Roof drift angle

Figure 4-40 Deflected Shape During Pushover Analysis— LA 20-Story Designs

The pushover results for the 20-story building demonstrate that this analysis procedure may
be misleading. They suggest that the building will collapse if the roof drift exceeds 2% to 3%.
However, the dynamic analyses described in the next chapter demonstrate that the median drift
at global collapse is about 9%. Inspection of the equations used to calculate the time history
response indicate that the equivalent positive stiffness represented by changing the velocity of
the mass over a time step overshadows the negative structural stiffness. The pushover analyses
were conducted using the displacement control in order to be able to observe the negative
stiffness without collapse. This is an artificial representation, however, because it is required to
apply forces in the opposite direction to hold the structure up. If force control is used for the
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pushover analysis, the structure will collapse as soon as a negative stiffness is encountered. This
casts a considerable amount of doubt on analysis procedures that utilize nonlinear pushover
analysis, especially those that use roof drift versus base shear.

—>— 5th floor

—e— Roof

0.10 4

Seismic coefficietnt (V /W)

0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14

Story drfit angle

Figure 4-41 Static Pushover Analysis— LA 20-Story Designs
4.5.3 Drift Demands for Typical Post-Northridge SMRF Buildings

The results discussed here were obtained from the three typical building types: 3-story UB
with W14 columns, 9-story UB with W14 columns, and 20-story building with W24 columns.
These buildings were selected as typical building frames since previous SAC studies have been
done based on these structural configurations. Each of the 20 ground motions with 2/50, 10/50

and 50/50 hazard levels were used to evaluate the statistical performance of the post-Northridge
SMREF buildings.

Figure 4-42 shows the median, 84", and 95" percentile values of maximum story drifts from
the 20 ground motions representing the 2/50 and 50/50 hazard levels. For the 3-story building
with 2/50 ground motions, the difference of drift demand between the second and roof floor level
becomes smaller as the percentile values are increased. The maximum drift demands of 0.027,
0.039, and 0.046 were calculated for the median, 84th, and 95" percentile response levels,
respectively. All maximum drift demands occurred in the second story. The smaller drift
demand at the first story for the 2/50 motions is the result of the fixed columns at the base.

For the 9-story building, the median distribution along the height is relatively uniform, while
the 84" and 95™ percentile values have a distinct concentration of large drifts in the middle
stories. This trend was not observed from the static pushover analyses. The maximum values
for the median, 84th, and 95 percentile levels are 0.029, 0.045, and 0.057, respectively.
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For the 20-story buildings, large concentrations of drift demands in the lower stories were
observed from the inelastic analysis for the 85™ and 95" percentiles of response. The maximum
drift demands occurred in the fourth story, and the drift values of 0.021, 0.033, and 0.050 were
observed for the median, 84™, and 95" percentile calculations, respectively. The drift values
from the 95™ percentile clearly show that the significant P-delta effect produced the large drift
concentration in the lower stories. It is interesting to note that the response at the 84™ and 95™
percentile levels predict the lower stories mechanism that was predicted using the static pushover
analysis procedure. This is because of the P-delta effects, which are greater in the lower stories.
P-delta effects do not explain all features of the results, however, since the maximum drifts in
the 9-story building were larger than those for the 20-story buildings.

Figure 4-42 illustrates the performance of the post-Northridge buildings subjected to 20
ground motions in LA representing the 50/50 hazard level. The median, 84", and 95" percentile
values for drift demand were calculated and plotted along the height. All median values
observed in these results are much less than the drift of 0.01, which is considered to be the
average elastic drift limit of typical moment frames (97AISC/LRFD Commentary). This result
indicates that most structural members remain in the elastic range, which is necessary to satisfy
the Immediate Occupancy performance level. The median maximum drift demands were
observed to be 0.070, 0.070, and 0.065 for the 3-, 9-, and 20-story buildings, respectively.

45.4 Axial Force Demand in Column

Axial forces generated for the 2/50 LA ground motions are plotted in Figure 4-43. Exterior
columns that produce high axial forces resulting from overturning moments were used to
calculate the axial force demand. The compression forces are shown in the left side using the
ratio of the axial force demand to the column critical load (P.;). The tension forces are plotted in
the right side using the ratio of axial force demand to the column yield load (Py). While the axial
force demands for the 3- and 9-story buildings are relatively small, those for the 20-story
building have a relatively large demand/capacity ratio. It shows that the large overturning
moments induced by severe ground motions cause high axial force demand. For compression,
the ratio of P/P., was 0.52 for the median value and 0.67 for the 95th percentile. The maximum
recommended ratio is 0.75. On the tension side, for the 20-story building, P/P, reached 0.35 for
the median response and 0.57 for the 95™ percentile.

In addition to the axial force demands from the nonlinear time history (NLTH) analyses, a
simplified method was investigated for estimating maximum column axial load demands. By
assuming formation of plastic hinges at the beam ends in all stories, the simplified method could
provide engineers with a reasonable estimation of maximum forces in the columns.
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Figure 4-42 Drift Demandsfor Post-Northridge Typical Buildings
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Figure 4-43 Column Axial Force Demand for Post-Northridge Typical Buildings
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Figure 4-44 shows the formations of plastic hinges at the beam ends. The column
compression and tension forces obtained from the beam shear forces (22M,/L) are shown.
These axial forces are then summed from top to bottom of the column and added to the gravity
loads. Assuming that all beam elements experience inelastic deformation at the same time in all
stories, the results from the simplified method are usually conservative. Figure 4-45 shows the
comparison of the axial force demands of the exterior columns calculated from the two different
approaches: one is the NLTH analyses and the other is the simplified method. Note that the
column axial force demands from the NLTH analyses were added or subtracted from the gravity
axial forces based on the compression or tension consideration. From the NLTH results based
on the 20 LA ground motions for the 2/50 hazard level, four results were selected, which provide
the 6th, 8th, IOth, and 12 largest drift demands for the three different buildings. The axial force
demands for the exterior columns were averaged and compared with those from the simplified
method.

As expected, all the ratios shown here are more than 1.0, implying that the simplified method
provides conservative estimations compared to those for the NLTH analyses. For instance, the
errors in estimating the axial force demands for the 3-story buildings are only about 10% and
20% for the compression and tension forces, respectively. For the 9-story building, the
differences between the simplified method and NLTH analyses remain in the same range
providing about a 20% difference in estimates from the simple model compared to the NLTH
results. The difference becomes greater for the 20-story building where estimations are larger by
about 40%. The estimation for the 20-story building provides a rather high over-estimation
compared to those for the lower buildings. Nevertheless, the estimation of the seismic column
axial forces, which are a critical aspect to ensure structural safety, using the 22M,/L. mechanism
provides reasonable and conservative results without excessive effort. The estimated forces
from the simple model will still be smaller than those calculated using Q. It is very important to
note that expected yield strength as opposed to nominal yield strengths must be used to calculate

-

—

Figure 4-44 Estimation of Column Axial Force Using Z2M /L
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Figure 4-45 Comparison of Axial Force Estimation (NLTH Analysisvs. Simplified

455 Other Analysis Results

M ethod)

The results presented herein are included to provide an overview of the results reported in
SAC/BD-00/25 by Lee and Foutch. They are also provided to substantiate drift demands that are
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used in the performance evaluation procedures described in the next chapter. The reader is
referred to this report for more details and results.

4.6  Effects of Modeling, Structural Configuration, and Other Attributes on
System Performance

It is highly recommended that the engineer read FEMA-355C, the State of the Art Report on
Systems Performance of Steel Moment Frames Subject to Earthquake Ground Shaking
(Krawinkler, 2000). This report summarizes the results of investigations by the SP Team. Space
limitations do not allow for an adequate summary of this report. The topics covered include
inelastic cyclic characteristics of structural elements, methods for predicting seismic demands,
selected issues affecting the seismic performance of SMRF structures, seismic demands for
frames with rigid connections, behavior of frames with pre-Northridge connections, and behavior
of frames with partially restrained connections.

4.7 Recent Advances in the Development of Predictive Methods

It was mentioned earlier in this report that a policy decision was made to restrict efforts to
evaluate predictive methods to those that are accepted by the engineering community and have
reached a relatively high level of maturity. The R-method, included as the equivalent lateral
force procedure in the NEHRP Provisions, is the simplest method currently available for use in
design. The vast majority of new buildings designed today are designed using this procedure.
Even though it is well known that it is based on several faulty assumptions, it is still preferred
because of its simplicity and the fact that it usually produces a building that will perform well in
an earthquake. If we think of it as a design tool rather than an analysis method, it is a little easier
to accept. For some buildings, particularly those with short periods, it is not a good choice. But
for steel frame buildings, which are usually flexible (a three story building with a period of one
second!), the method is conservative.

The accuracy of the analysis procedure used for design of steel frame buildings is not an
important issue as long as an acceptable level of conservatism is used. One reason for this is that
the incremental cost incurred from the over-conservatism is minimal. For evaluation, however,
this is not the case. If a decision has to be made to evacuate a building for repair or rehabilitate
every connection in a steel moment frame, the cost can be substantial. This is one of the reasons
that the SAC Steel Project has focused on evaluation rather than design.

One of the major flaws of the R-method is that it does not result in buildings that have a
uniform level of ductility demand over the complete range of periods. For instance, if we design
a building with a 0.2 second period using an R of 6, the ductility demand might be 10 or 12 for a
building with little over-strength when subjected to the design earthquake. A building with a
period of 2 seconds on the other hand might have a ductility demand of 3. So one great
improvement that could be made would be to have R a function of period. Bertero (Bertero et
al., 1986, 1988; Miranda and Bertero, 1994) has long been a proponent of replacing the current
R-method.
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The next level of advancement would be to have a series of coefficients that are multiplied
together to account for differences in behavior among different structures. These could be
referred to as coefficient methods. The FEMA-273 LSP described in this report is one such
model. There is a period-dependent coefficient and coefficients to account for P-delta effects
and deterioration of stiffness and strength. A recent development in this approach was reported
by Han and co-workers (1999) that has coefficients to account for period, target ductility, strain
hardening rate, strength degradation, and degree of pinching.

The methods discussed so far are linear elastic procedures. There have been a number of
relatively new methods that include nonlinear analysis. One family of these could be labeled as
equivalent single-degree-of-freedom methods. The basic concept of these methods is that a
static nonlinear pushover analysis of a building can be made, and the results related to nonlinear
dynamic analysis results for a single-degree-of-freedom model. The FEMA-273 NSP and
Capacity Spectrum Method are two such procedures. Another similar method was developed
(Collins, 1995; Collins, et al., 1996) that introduced the concept of the bias factor that was
incorporated into the SAC methodology. Chen and Collins (1999) recently improved this
procedure. Black and Aschheim (2000) recently reported a new approach called the Capacity
Spectrum Method which holds great promise for use in performance-based design.

Another class of procedures is based on energy principles. Bertero and Uang (1992)
discussed issues related to energy methods. Leelataviwat, Goel, and Stojadinovic (1998) have
proposed the most well developed procedure to date based on energy principles.

Although this is not an exhaustive coverage of the broad range of research on new predictive
methods, it does show that there is activity in this area. It takes continued exposure before a
research method is incorporated into engineering practice. Great strides have been made in the
practice of earthquake engineering practice over the past ten years. Although the R-method is
used for new design, many firms now routinely use nonlinear pushover analysis for evaluation
and rehabilitation. This will increase in the future as more documents like FEMA-273 adopt
new procedures and legitimize them.
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5. STATISTICAL AND RELIABILITY FRAMEWORK FOR
ESTABLISHING PERFORMANCE OBJECTIVES

5.1 Background

Structural failures observed in the Northridge and Kobe earthquakes have exposed the
weakness of current design and construction procedures and shown the need for new concepts
and methodologies for evaluation of building performance and design. A central issue is proper
treatment and incorporation of the large uncertainty in both seismic loading and building
resistance in the evaluation and design process. The state of the art of statistical and reliability
methods that can be used for this purpose has been reviewed, and several critical issues directly
related to the mission of the SAC Project have been discussed in the report “Critical Issues in
Developing Statistical Framework for Evaluation and Design” (Wen and Foutch, 1997). Based
on the review, a statistical and reliability framework for the purpose of comparing and evaluating
predictive models for structural performance evaluation and design was developed. This was
further advanced by Hamburger (1998) and Jalayer and Cornell (1999). From this basis, the load
and resistance factor approach described below has been adopted by the SAC Phase 2 Project.
Technical details and justifications of the proposed framework can be found in papers by Luco
and Cornell (1998) and Hamburger, Foutch, and Cornell (2000).

5.2 Performance Levels

Two performance levels are defined herein. These are termed Collapse Prevention and
Immediate Occupancy.

The Collapse Prevention (CP) structural performance level is defined as the postearthquake
damage state in which a structure is on the verge of experiencing either local or total collapse.
Substantial damage to the building has occurred, including significant degradation in strength
and stiffness of the lateral-force-resisting system, large permanent deformation of the structure,
and possibly some degradation of the gravity-load-carrying system. However, all significant
components of the gravity-load-carrying system must continue to be functional.

The Collapse Prevention (CP) level is not achieved if any of the following occurs:

1. The structure experiences excessive drift resulting in initiation of a P-A instability and
global collapse.

2. Beam-column connections in the structure, including those in gravity frames, experience
sufficient inelastic rotation demand to cause excessive damage to the shear-resisting
elements, which may lead to local loss of gravity-carrying capacity and collapse.

3. A column in a frame experiences sufficient axial load demand to induce buckling. It is
recommended that P/P,, be less than 0.75.

4. A column splice in a frame experiences sufficient axial tension plus bending demand to
induce splice fracture. Fracture of a bottom column connection to the base plate should
be avoided.

5-1



FEMA-355F
Chapter 5: Statistical and Reliability Framework for Performance Prediction and Evaluation of
Establishing Performance Objectives Steel Moment-Frame Buildings

For this performance level, it is expected that the building may be a total financial loss and
that occupancy of the building before extensive repairs are made will not be permitted.

The Immediate Occupancy (10) structural performance level is defined as the post-
earthquake damage state in which only slight structural damage has occurred. Damage is
anticipated to be so slight that, if not found during inspection, there would be no cause for
concern. The basic vertical-and-lateral-load-carrying systems still have most, if not all, of their
strength and stiffness. Buildings meeting this performance level should be safe for occupancy
immediately after the earthquake, presuming that damage to nonstructural components is light
and utility service is available.

The Immediate Occupancy (I0) performance level is not achieved if any of the following
occurs:

1. Damage detected after the design earthquake is significant enough that repair would be
required. This would allow some yielding in the members, minor local buckling in some
beams but not in any columns.

More than 15% of the connections fracture on any floor.
Observable damage occurs at any base plate.

Yielding of any column splice plate occurs.

A

Permanent residual drift exceeds 0.5% in any story.

Maximum interstory drift angle, 6y, at any story will be the primary design parameter used to
determine if the damage states related to connection fractures, loss of the gravity-load-carrying
ability of connections, buckling of beam and column flanges, permanent lateral drift, and global
instability are exceeded. Column axial force and moment will be the design parameters used to
determine if the column buckling or column splice fracture damage states have been exceeded.

Interstory drift capacity may be limited by global response of the structure, or by local
behavior of the beam-column connection. This is discussed more thoroughly in the next section,
and median drift capacities for the various connections are given.

The probable behavior of beam-column connections at various demand levels can best be
determined by full-scale laboratory testing. Such testing can provide indications of the probable
physical behavior of such assemblies in buildings. Depending on the characteristics of the
connection assembly being tested, meaningful behavior may include the onset of local buckling,
initiation of fractures in welds, base metal, or bolts, a drop in the moment below some designated
threshold, and the loss of gravity-carrying capacity. If enough experimental data are gathered, it
should be possible to obtain statistics on the demand levels at which this meaningful behavior
will occur.

In the past, most laboratories used plastic rotation as the demand parameter by which a beam-
column connection assembly was judged. However, since plastic deformations may occur at a
number of places within a connection assembly, including within the panel zone, the laboratories
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have reported plastic rotation angles from testing in an inconsistent manner. Therefore, in the
Guidelines, connection assembly drift angle, consisting of the deflection of the point of
contraflexure of the beam under load, relative to its unloaded position, divided by the linear
distance between the point of contraflexure and the center line of the column, is recommended as
the demand parameter for reporting laboratory data. This parameter is less subject to
interpretation by various testing laboratories and also has the advantage that it is approximately
equal to the interstory drift angle predicted by structural analyses.

5.3 Load and Resistance Factor Format for Evaluation and Design of Building
Systems at Multiple Performance Levels

This approach to performance-based evaluation was developed over a period of time by
several people involved in the SAC project working closely together. The issues considered and
the theoretical background for this approach are given in several publications (Wen and Foutch,
1997; Hamburger, 1998; Luco and Cornell, 1998; Jalayer and Cornell, 1999; Hamburger, Foutch
and Cornell, 2000). Its development is described in the next several sections of this report. The
description here is for the design of SMF buildings (Foutch, 2000). The application to OMF
buildings will be described following SMF buildings.

5.4 Performance Objectives

A building’s desired performance level is characterized by performance objectives. A
performance objective is a specification of the performance level that is to be achieved together
with a seismic hazard level. The 1997 NEHRP Provisions (FEMA, 1997) specify that the
primary design performance objective for Seismic Use Group 1 buildings is the Collapse
Prevention Level of performance not to be exceeded for a Maximum Considered Earthquake
ground motion assumed to be taken as that having a 2% probability of being exceeded in 50
years (abbreviated, 2/50). The approximate return period for this event is 2,475 years. The
NEHRP Provisions also imply that a performance objective consisting of Immediate Occupancy
(I0) performance level, which is similar to the SAC IO level, for a ground motion having a 50%
probability of exceedance in 50 years, can also be achieved for conforming buildings. FEMA-
273, however, suggests that Immediate Occupancy be paired with a ground motion with a 50%
probability of exceedance in 30 years (BSSC, 1997¢), but the definitions of acceptable damage
within the IO performance level are not identical in the two documents.

It is recommended, herein, that the only performance objective that should be specified in the
Guidelinesis the Collapse Prevention performance level, paired with the 2%-in-50-year (2/50)
seismic hazard level, rephrased as a performance objective that there be less than a 2%
probability of collapse in 50 years. It is recommended that a 95% confidence in achieving this
performance objective be adopted. A description of how this is attained through the design,
evaluation and rehabilitation, or repair is given below. The other performance levels deal with
damage control. The structural design requirements necessary to achieve 10 performance, for
example, are given later in this document. The design professional working with the owner or
developer should decide which hazard level to use and the associated confidence level.
Combining the 10 performance with the 50/50 hazard level is a reasonable performance
objective.
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For evaluation of an existing building, or one that has been damaged by an earthquake, this
level of confidence will probably not be attainable without upgrading the building. The design
professional and owner should decide on the level of confidence that is appropriate for the
building and its current occupancy. In Chapters 8 and 9, which deal with existing and damaged
buildings, respectively, this issue is discussed further. It is recommended that a minimum
confidence level of 90% of achieving the CP Performance level for the 50/30 hazard level be
required for the building to remain occupied. If not, upgrade or repair should be required.

5.5 Performance Evaluation Process for New Buildings

The specific criteria for performance evaluation will be determined by the design
professional in consultation with the owner and building authorities. This requires the selection
of a performance objective and a degree of confidence that the performance will not be worse, or
the damage greater. For new design, the performance objective is Collapse Prevention (CP) for
the seismic hazard which has only a 2% probability of being exceeded in 50 years (2/50 hazard).
The CP performance level is defined by a maximum design drift capacity, C, times a resistance
factor, . The design capacity and resistance factor are given in Table 5-1 for each connection
type that has been tested for the SAC project (Roeder, 2000). The procedure required for
determining capacity for other connection types is given in Section 4.7.

Table5-1 Default Drift Capacitiesand Resistance Factorsas Limited by L ocal Connection
Response - Ductile Welded Connections (Roeder, 2000)

Strength Immediate Occupancy Collapse Prevention
Connection Deg[r)?ﬁc?'f&?]gllgmlt Limit Drift Angle Capaci_ty Limit Drift Angle’ Capaci_ty
Type di . Reduction . Reduct|c2)n
(radians) (radians) Factor (radians) Factor
Bsp 8o (0] Bcp (0]
WUF-B® 0.031-0.0003dy 0.015 0.9 0.060-0.0006 d, 0.9
WUF-wW* 0.051 0.020 0.9 0.064 0.9
FF° 0.077-0.0012 d, 0.020 0.9 0.10-0.0016 dy 0.9
RBS® 0..060-0.0003 dy 0.020 0.9 0.08-0.0003 d, 0.9
0.10-0.0011 dy
WFP’ 0.12-0.023 dj 0.020 0.9 except that 8sp should 0.9
be used if wl4 or less
End-plate Not pre-qualified for the Guidelines
1. These capacities are for local collapse. For global collapse use C =0.085.
2. These @ factors are for local collapse. For global collapse use ¢= 0.85.
3. WUF-B: Welded Unreinforced Flange — Bolted connection.
4. WUF-W: Welded Unreinforced Flange — Welded Web connection.
5. FF: Free Flange connection.
6. RBS: Reduced Beam Section connection.
7. WFP: Welded Flange Plate connection.
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For the Collapse Prevention performance level, the desired performance is to prevent global
or local collapse. Global collapse is assumed to have occurred when the numerical calculation of
dynamic response becomes unstable or a drift of 10% in any story has been reached. Local
collapse is assumed to have occurred when the rotation at each end of a girder is so large that the
gravity-load-carrying capacity is lost. Methods for determining these capacities for connections
not tested for the SAC Project are given in Section 5.6.1.2.

For local collapse, the resistance factor, @, is a function of the randomness in the ground
motion and the uncertainty in the connection performance. The development of ¢ for
connections not tested for the SAC project is described in Section 5.6.1.2. Additional
information is given in the State of the Art Report on Connection Behavior (FEMA-355D).

The seismic demand is determined by multiplying the median estimate of the seismic

demand, D , by demand factor, Yy, and an analysis demand factor, y,. The demand, D , 18
calculated as the product of the estimated median story drift, 8,,, and the bias factor, Cg:

D= 0 Cg. The bias factor is dependent on the analysis procedure used to calculate 6,,. Values
of Cp are given in Table 4-7. Default values for v, y, and the confidence level are given in this
section. Methods for calculating these factors are given in Section 5.6.

The provisions for new design given in the Guidelines are established such that, given the
mean estimate of the hazard at the site, there is a 95% confidence of less than 2% probability of
global or local collapse in 50 years. The calculation of this confidence level is described in the
next section.

Although design for the Immediate Occupancy (I0) performance level is not required for
new buildings, it is highly recommended. It should also be a part of any performance evaluation.
The 10 performance level is assumed to have been exceeded (there is more damage, or poorer
performance) if there is enough observable damage to connections that repair is necessary, or if
there is a permanent drift exceeding 0.5% in any story. Default median capacities and demands,
resistance factors, and demand factors are given below. Methods for determining the load and
resistance factors are similar to those used for the CP performance level and are also given in the
corresponding sections below.

The acceptance criteria described above may be written in equation form as

ACOI’] = ¢C A (5-1)
yV.D
where:
D = estimate of median drift demand
C = estimate of median drift capacity — Section 5.6.1 or Tables 5-1 to 5-3
(0] = resistance factor — Section 5.6.1 or Tables 5-1 to 5-3

5-5



FEMA-355F

Chapter 5: Statistical and Reliability Framework for Performance Prediction and Evaluation of
Establishing Performance Objectives Steel Moment-Frame Buildings
Y = demand factor — Section 5.6.2.1 or Table 5-4
Va = analysis demand factor — Section 5.6.2.2 or Table 5-4
Acon = confidence factor — used to determine the confidence level from Table
5-6

A brief description of the steps to take will be addressed in this section. Procedures for doing
more detailed, or customized, application of the basic performance evaluation are given in the
following sections. A method for calculating A.o, is given in Section 5.6.3.

D is the median estimate of the demand drift calculated using the appropriate hazard level
response spectrum and any of the analysis procedures calibrated as part of the SAC Project. Any
commonly used structural analysis program may be used to calculate D. Default values for C,

@, Y. and Ao, are given in this section. The default values for the demand factor, v, are listed in
Table 5-4.

The global and local median collapse drifts are derived for the reduced beam section (RBS)
connection. The default values for @, y and Ao, and for parameters given in Table 5-1 and Table
5-6 are based on studies of 20 buildings designed for a Los Angeles site. The buildings had
different configurations and included eight 3-story, eight 9-story, and four 20-story buildings
(Lee and Foutch, 2000). Another variable used in calculating these factors is k, which is the
slope of the hazard curve for a 1.0-second period. A value of k equal to 3.0 was used for the
default value which represents an average of 25 sites in California. Definitions and calculations
for these parameters are given below. Although Equation 5-1 appears to be complicated, its
application is straightforward, as will be demonstrated in Chapter 6.

Procedures for doing more detailed, or customized, application of the basic performance
evaluation are given in the following sections. Generation and use of each uncertainty and
randomness term will be described. Summary of the uncertainty and randomness are given in
Table 5-25 at the end of the chapter. A method for calculating Ao, is given in Section 5.6.3.

The Guidelines writers made two changes in format to the performance evaluation
procedures. The first was to combine the two coefficients, Cg and V,, into a single coefficient y,,
Therefore, Y, is now a function of the analysis procedure in the Guidelines and there is no Cg.

The second change affected the symbol and definition of the confidence factor. The symbol
used is A instead of Acon. The relationship between A and Aoy is that A is the inverse of Agop :
A=1/A¢con. So A is the ratio of factored demand divided by factored capacity. This also required
changing the values in Table 5-6 which will be introduced below.

5.6 Reliability Format Evaluation Procedures
5.6.1 Determination of Median Drift Capacity and Resistance Factors

The median drift capacities and resistance factors for connection types tested under the SAC
Project are given in Tables 5-1 to 5-3. These values, corresponding to local collapse, were
determined from cyclic tests of full-size connection specimens, and those for global collapse
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were determined from dynamic nonlinear analysis of multi-story building models. The cyclic
tests are used to determine load-deformation hysteresis behavior of the system and the maximum
drift for which gravity loads may still be carried by the girders. This gravity-induced drift limit
is reached when the shear tab is significantly damaged, a low-cycle fatigue crack develops in the
beam web, or the load-deformation behavior of the moment connection has completely
deteriorated. This local drift limit is based on the judgment of the design professional after
observing the test results.

56.1.1 Connection Test Protocol and Determination of the Median Local Drift

Capacity, C

The test protocol developed for the SAC Project has been adopted by the AISC Seismic
Provisions (SAC, 1997). Instructions on loading sequence and required response measurements
are given therein. The moment vs. plastic rotation of the beam for the RBS System is shown in
Figure 4-16. This is characterized by a gradual strength degradation with increasing plastic
rotation. It appeared that the shear-carrying capacity was reached at a plastic rotation of about
0.06. That was also the rotation where the moment strength approached zero. One modification
of the AISC test protocol that should be made is that the tests should be continued until the total
drift has reached 0.06 to 0.07, so that the local collapse limit state can be determined.

Local collapse is assumed to have occurred when the rotation at each end of a girder is so
large that the gravity-load-carrying capacity is lost. The default drift capacity and resistance
factors as limited by local connection response for ductile welded connections are listed in Table
5-1. Those for the brittle connection representing the pre-Northridge case and partially
restrained connections are listed in Table 5-2 and Table 5-3, respectively. Detailed information
can be obtained from the State of the Art Report of Connection Performance (Roeder, 2000).

Table5-2 Default Drift Capacities and Resistance Factorsas Limited by L ocal Connection
Response - Brittle (Pre-Northridge) Welded Connections (Roeder, 2000)

Strength Immediate Occupancy Collapse Prevention
_ Degradation S Capacit i oy 1 Capacit
Connection | Limit Drift Angle Limit Drift Angle RedFLctioyn Limit Drift Angle RedFLctioyn

Type (radians) (radians) Factor (radians) Factor?

Bsp 8o (0] Ocr (0]

Larger of
WUF?® (<1980) | 0.061-0.00013d, 0.010 0.8 0.053-0.0006 d, 0.8
or 0.061-0.00013 d,
WUF? (>1980) 0.021 0.010 0.8 0.053-0.0006 d, 0.8

1. These capacities are for local collapse. For global collapse use C =0.07.

2. These @ factors are for local collapse. For global collapse use ¢= 0.85.
3. WUF: Welded Unreinforced Flange connection.
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Table 5-3 Default Drift Capacities and Resistance Factorsas Limited by L ocal Connection
Response — Partially Restrained Connections (Roeder, 2000)

Immediate Occupancy

Collapse Prevention

Strength Degradation Limit ) .
Connection Limit Drift Angle Drift Capacity Limit Drift Angle® Capacity
Type (radians) Angle Reduction ] Reductlgn
_ Factor (radians) Factor
Osp (radians)
¢ Ocp ¢
eIO
Full strength
Full strength connections:
connections: 0.14-0.0032 db.
0.12-0.0032 dy. Partial strength
Partial strength connections:
connections: Mo e~ Mo ]
DST 0.030 0.90 O A e e * Moo 0.90
‘M -M ‘ fail - TFIngFlex fail - TStem
0.9_1.4# fail~TEIngFlex fail ~TStem } 6,= d
MfaﬂfTHngl'lcx + Mfﬂl]’TSl(‘lll °
0, = ) +0.01
0.6-14 %w} ‘Mm—m.\grm _Mm—xmm‘
P d, P d,
+0.01
Clip angle 0.5/d, + 0.01 0.90 0.5/d, + 0.03 0.90

1. These capacities are for local collapse. For global collapse use C =0.087.
2. These @ factors are for local collapse. For global collapse use @= 0.86.
3. DST: Double Split Tee connection.

5.6.1.2

Calculation of Global Stability

It is important that the analytical model used for determining the global drift demand
reproduce the major features of the measured response, such as sudden loss of strength or
pinching. This means that the measured hysteresis behavior must be modeled as closely as
possible. Figure 5-2 shows the modeled behavior of the RBS system which can be compared to
the measured response given in Figure 5-1 (Veti and Engelhardt, 1999). Modeling requirements
are given by Foutch (2000) and Lee and Foutch (2000). It should be noted that the connection
that reaches a plastic rotation of 0.03 without significant loss of strength and 0.05 without
complete loss of strength will have a median global drift capacity of 0.09 or greater, for L.A.-
type ground motions. This can be thought of as the lower bound behavior of a connection that
satisfies the AISC test protocol. Including the gravity columns in the model helps to stabilize the
building at large drifts. If the computer program is capable of handling complex moment-
rotation behavior, the moment developed in gravity beams through composite action can be
included. Figure 5-3 shows a typical moment-rotation behavior for a typical interior beam-
column connection (Liu and Astaneh-Asl, 1999). Figure 5-4 shows the modeled behavior. In
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lieu of calculating a median drift capacity, the value C =0.09 for global stability may be used
for any connection satisfying the AISC test protocol.

The global stability limit is determined using the Incremental Dynamic Analysis (IDA)

technique developed by Cornell and his associates (Luco and Cornell, 1999). The procedure that
was followed in doing this analysis follows:

1.

Choose a suite of ten to twenty accelerograms representative of the site and hazard level. The
SAC project developed typical accelerograms for Los Angeles, Seattle, and Boston sites
(Somerville, 1997). These might be appropriate for similar sites.

Perform an elastic time-history analysis of the building for one of the accelerograms. Plot
the point on a graph whose vertical axis is the spectral ordinate for the accelerogram at the
first period of the building and the horizontal axis is the maximum calculated drift at any
story. Draw a straight line from the origin of the axes to this point. The slope of this line is
referred to as the elastic slope for the accelerogram. Calculate the slope for the rest of the
accelerograms using the same procedure and calculate the median slope. The median slope
is referred to as the elastic slope, S..

Perform a nonlinear time-history analysis of the building subjected to one of the
accelerograms. Plot this point, as in Step 2, on the graph. Call this point A,.

Increase the amplitude of the accelerogram and repeat step 3. This may be done by
multiplying the accelerogram by a constant that increases the spectral ordinates of the
accelerogram by 0.1g. Plot this point as AA,. Draw a straight line between points A; and A;.
If the slope of this line is less than 0.2 S, then A is the global drift limit. This can be
thought of as the point at which the inelastic drifts are increasing at five times the rate of
elastic drifts.

Repeat step 4 until the straight line slope between consecutive points A; and Ay is less than
0.2 S.. When this condition is reached, A; is the global drift capacity for this accelerogram.
If Ay > 0.10, then the drift capacity is taken as 0.10.

Choose another accelerogram and repeat steps 3 through 5. Do this for each accelerogram.
The median capacity for global collapse is the median value of the calculated set of drift
limits. An example for two accelerograms for an L.A. site for a 20-story weak-column OMF
building is shown in Figure 5-5. The open triangles represent the IDA for an accelerogram
where the 0.2 S, slope determined the capacity. The open circles represent a case where the
default capacity = 0.10.

The factors that affect the curve of the Incremental Dynamic Analysis (IDA) are as follows:
P-A effects

increment used for the analysis

ground motion used

strain-hardening ratio

shifting of fundamental period due to nonlinearity
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* higher-mode effects
* shifting of maximum-story-drift location

A strain hardening ratio of 0.03 was used for all of the analyses in this study. A ground
motion intensity increment of 0.2g for the 3-story and 9-story buildings was used, whereas 0.1g
was used for the 20-story buildings since sudden increases in drift were observed due to larger P-
delta effects. The ground motion increment must be small enough that the drift increment is
relatively small for each step. The values given above should be considered as upper bounds.
The use of larger increments would usually result in a smaller drift capacity and larger variation
of the capacity. Therefore, it would give conservative results.

5.6.1.3 Determination of the Resistance Factor, ¢

The resistance factor, @, accounts for the fact that the estimate of C is affected by
randomness and uncertainty in the estimation process. The capacity of the building against
global collapse is a function of the earthquake accelerograms used in the IDA analyses. These
accelerograms are part of a random process. The capacity is also affected by the uncertainty in
the load-deformation behavior of the system determined from tests. The local collapse value is
also affected by uncertainties in the response of the components due to variable material
properties and fabrication.

The equation for calculating @ is given by Jalayer and Cornell (1999)

¢ = ¢ec Wiyc (5-2)
kB
g=e (5-3)
-~k Bic
@ =e (5-4)
where:
(0] = Resistance factor
Gre = Contribution to @ from randomness of the earthquake accelerograms
Puc = Contribution to @ from uncertainties in measured connection capacity
Bre = (1) global: Standard deviation of the natural logs of the drift capacities
from IDA analysis. Independent from the demand uncertainty.
(i1) local: Test variability in rotation. Set to 0.20, according to Cornell
(personal communication).
Buc = Standard deviation of the natural logs of the drift capacities derived

from testing.

(1) global: Dependent part of the demand capacity. Negatively correlated
to demand uncertainty. More description will follow in Section 5.7.10.
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Therefore,
By =B +Bos’ =B, +20p DBy By
=3 By P=43 B
where:
Bui = independent part of uncertainty
Bua = dependent part of uncertainty
3-story 9-story 20-story
B 0.15 0.20 0.25
B 0.26 0.35 0.43
(i1) local: Calculate the coefficient of variation described in the
connection Performance report (Roeder, 2000) depending on the
connection type used. Set to 0.25, according to Cornell (personal
communication).
k = slope of the hazard curve as discussed in Section 5.7.3
b = 1.0 for this application as discussed in Section 5.7.4

For local collapse, Buc accounts for the uncertainty in the median drift capacity. This
includes uncertainties in material properties, weld properties, and weld quality. The Bgc term
would account for randomness in the natural log of the drift capacity resulting from the test
setup, and testing procedure. If 10 specimens could be manufactured exactly the same way with
no uncertainties and sent to ten different laboratories, the difference in test results could be
associated with randomness in the testing.

The capacities determined by testing are subject to uncertainties. For new connections not
considered by the SAC Project, it is likely that there will not be enough specimens tested to
determine a reliable estimate of Byc. In this case, it is recommended that test data from similar

connections be used along with the new test results for determining Buyc. For SAC studies, Buc=
0.25 is a representative value.

As a result,
-3.0%0.202
G =€ ™ =094
-3.0%0.25%

@c=¢e ¥ =091

¢=0.94%x0.91=0.86

It should be remembered that the [3 values are for the natural logs of the drifts and not the
drifts themselves. Summaries of the uncertainty and randomness are given in Table 5-25 at the
end of the chapter.
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5.6.2 Determination of Demand Factors, yand y,

Like the resistance factor, the demand factors are subject to both random effects and
uncertainty. The randomness arises from the earthquake accelerograms and orientation of the
building with respect to the fault. The uncertainty comes from the nonlinear time-history
analysis procedure (assumed to be 0.15, 0.20, and 0.25 for 3-story, 9-story, and 20-story,
respectively) and one associated with the bias factors, which is small.

5.6.2.1 Determination of y

The demand factor, V, is associated with the randomness arising from the earthquake
accelerograms and orientation of the building with respect to the fault. The orientation is only a
factor for near-fault sites such as the LA site. For these sites the fault-parallel and fault-normal
directions experience quite different shaking. For sites farther away from the fault, there is no
statistical difference in the accelerograms recorded in different directions. The uncertainty from
the earthquake accelerograms comes from calculating the variance of the natural log of the drift
associated with the different accelerograms.

The demand factor, Y, is calculated as

k o
2b

y=¢ (5-5)
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where:
Y = the demand factor

Brp 1{2 ,B’iz where Biz is the variance of the natural log of the drifts for each
ele

ment of randomness

The 3 values for each source of uncertainty and randomness as determined for the SAC
Project are given in Section 4.7 for the 2/50 and 50/50 hazard levels, respectively. These are
based on studies for three 1994 UBC-designed buildings and 20 1997-NEHRP-designed
buildings for the LA site. The notation used is as follows: B,.c, accelerograms (demand drifts);
Bor, orientation. The orientation factor applies only for California sites where known faults are
mapped. It is recommended that the values for B given below be used for most cases. Only the
Bacc should be determined for different sites and hazard levels. For this case, B, is the standard
deviation of the log of the maximum story drifts calculated for each of 10 to 20 representative
accelerograms. The default values created based on the SMF buildings designed according to
the 1997 NEHRP are shown in Table 5-4. As can be seen from the table, the y value decreases
going from 3-story to 9-story but increases going to 20-story. This is due to the fact that the
difference between the effect of P-A from the time-history analysis is larger for the 20-story than
the 9-story building.

5.6.2.2 Determination of y,

The demand factor, Y,, given in Table 5-4 is based on uncertainties related to the
determination of demand, D . The [ values for each source of uncertainty as determined for the

SAC Project are given in Section 5.7 for the 2/50 and 50/50 hazard levels. These are based on
studies for three 1994-UBC-designed buildings and 20 1997-NEHRP-designed buildings for the

LA site. The notation used is 3, for analysis procedure. The [3, is composed of five parts, and
they are as follows:

* Bnu associated with uncertainties in the nonlinear time-history analysis procedure.
* [Bgr associated with uncertainty in the bias factor, which is small.

*  Bdamping associated with uncertainty in estimating the damping value of the structure, which is
small and described in Section 5.7.5.

*  PBiiveload associated with uncertainty in live load applied, which is small.

*  Bmaterial property associated with uncertainty in material property, which is small.

The Bnry for the results of the nonlinear time-history analysis is assumed to be 0.15, 0.20,
and 0.25 for 3-story, 9-story, and 20-story, respectively. The effect of stiffnesses of structures is
also combined into the nonlinear time-history analysis procedure as described in previous
sections. Values of B for damping, live load, and material capacity were set to zero since the
values were negligible.

The bias factor for each analysis procedure is calculated as the ratio of the median drift
demand resulting from the nonlinear time-history analysis of a building for 10 to 20
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accelerograms divided by the estimate of the drift demand using a particular analysis procedure.
The Bgr for the bias factor is the coefficient of variation of the bias factors for a given building
height. The values of bias factors (Cg) are given in Table 4-8.

Table5-4 Valuesfor y,and yfor CPand 10

Post-Northridge Buildings
) A
CP 10 CP 10
3-story 1.05 1.05 1.33 1.48
9-story 1.07 1.07 1.21 1.35
20-story 1.10 1.10 1.50 1.39
Pre-Northridge Buildings
) A
CP 10 CP 10
3-story 1.10 1.10 1.39 1.41
9-story 1.15 1.15 1.52 1.27
20-story 1.20 1.20 1.78 1.55

5.6.3 Determination of Byt

The Bur term is a function of the total uncertainty. Therefore, it is comprised of uncertainties
associated with the demand as well as the capacity but not randomness. The (3's associated with
the uncertainty only are the By from the capacity side and the 3, from the demand side. As
described earlier in this section, [3, is the combined uncertainty due to the nonlinear time-history
analysis procedure, as well as the effects of P-delta. Therefore, the equation for calculating the
total uncertainty is

Bur =+ (ﬂU "+ ﬁaz ) (5-6)

The default values created based on the SMF building designs according to the 1997 NEHRP
are shown in Table 5-5.
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Table5-5 Valuesfor Byr for CPand 1O

Post-Northridge Buildings
CP against | CP against CP against | CP against
global local global local
collapse for | collapse for 10 for 50/50 collapse for | collapse for
2/50 2/50 50/50 50/50
3-story 0.32 0.30 0.30 0.32 0.30
9-story 0.40 0.32 0.32 0.40 0.32
20-story 0.50 0.35 0.35 0.50 0.35
Pre-Northridge Buildings
CP against | CP against CP against | CP against
global local global local
collapse for | collapse for 10 for 50/50 collapse for | collapse for
2/50 2/50 50/50 50/50
3-story 0.36 0.35 0.35 0.36 0.35
9-story 0.46 0.39 0.39 0.46 0.39
20-story 0.55 0.43 0.43 0.55 0.43

5.6.4 Calculation of the Confidence Factor, Acon

The confidence factor, Acon, depends on the slope of the hazard curve, k, and the uncertainty,

but not randomness, associated with the natural log of the drifts. The equation for A, is (Jalayer
and Cornell, 1999)

[Kx ﬂUT_%kﬂﬁT}

An =€ (5-7)
where:
Acon = confidence factor
Lot = >0;> where 0; is for uncertainties in the demand and capacity but not
randomness
k = slope of the hazard curve
Kx = standard Gaussian variate associated with probability x of not being

exceeded (found in standard probability tables)

From the preceding sections, the following 3’s need to be included: By, capacity; [3,, analysis
procedures. If the relationship given in Equation 5-7 is written in terms of K,
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_ 1 > 1
Ky = 1A )+ KB (B — (5-8)
2 B

The acceptance criteria described in Section 5.5 is written in equation form as

A = (5-9)

Therefore, for the evaluation purposes, one can calculate A, using Equation 5-9, and Ky
using Equation 5-8. Then, the confidence level may be found in any appropriate probability
reference. Since the parameters that relate the confidence level with A, are k and Byr, Table 5-
6 can be used to obtain the confidence level from the calculated A, value. The reverse of the
procedure will work appropriately for the design process by first determining the level of
confidence for the structure and then calculating the demand drift required to achieve this level
of confidence.

Table5-6 Acon, asa Function of Confidence Level, Hazard Level Parameter k, and
Uncertainty Bur

Confidence| 2% | 5% | 10% | 20% | 30% | 40% | 50% | 60% [ 70% [ 80% | 90% [ 95% | 98%
Bur=0.3
k=1 0.52 | 0.58 | 0.65 ] 0.74] 082 | 0.89 | 0.96 | 1.03 | 1.12 | 1.23 | 1.40 | 1.57 | 1.77
k=2 049 | 056 0621 0.71]0.78| 085 091|099 | 1.07 | 1.18 | 1.34 | 1.50 | 1.69
k=3 0.47 1 053] 059]068]0.75]081]087]094]| 102|112 | 1.28 | 1.43| 1.62
k=4 045|051 057]065)] 071|077 084 090]| 098] 1.08 | 1.23 | 1.37 | 1.55
Bur =04
k=1 041|048 055] 0.66 | 0.75| 0.83 | 092 | 1.02 | 1.14 ]| 1.29 | 1.54 | 1.78 | 2.10
k=2 0.37 10441 051]061)069]0.77]085]094]105]119]1.42] 1.65] 1.94
k=3 035(041]047]1 056|064 071]0.79]0.87]0.97] 110 1.31| 1.52| 1.79
k=4 0.32 1038 043]052)]059| 066 0.73]080]090] 102|121 1.40| 1.65
Bur =0.5
k=1 0.32 039 046 ] 058 ] 068 | 0.78| 0.88 | 1.00 | 1.15] 1.34 | 1.67 | 2.01 | 2.46
k=2 0.2810.34]041]1051)]060|069]|0.78]088]| 101119148 1.77| 2.17
k=3 0.25|0.30| 0.36 | 0.45] 053 | 061 ]| 069 0.78 | 0.89 | 1.05| 1.30 | 1.56 | 1.92
k=4 0.22 | 0.27 1 0.32 1 0.40 | 047 | 053] 061 | 069 ]| 0.79 ] 0.92 | 1.15 | 1.38 | 1.69
Bur = 0.6
k=1 0.2410.31]039]050)]061]0.72]084]097]| 114]1.38] 180 | 2.24| 2.86
k=2 0.20 | 0.26 | 0.32 1 0.42 ]| 051 | 060 | 0.70 | 0.81 | 0.96 | 1.16 | 1.51 | 1.87 | 2.39
k=3 0.17 | 0.22 | 0.27 1 0.35] 043 | 0.50 | 0.58 | 0.68 | 0.80 | 0.97 | 1.26 | 1.56 | 2.00
k=4 0.14 | 0.18 | 0.23 1 0.29 | 0.36 | 0.42 | 0.49 | 0.57 | 0.67 | 0.81 | 1.05 | 1.31 | 1.67
Bur =0.7
k=1 0.19 0251 0.32]1 043|054 | 066 | 0.78] 093 | 1.13 ]| 1.41 | 192 | 2.48 | 3.30
k=2 0.15] 0.19] 0.25] 0.34 ] 042 ] 051]0.61)] 0.73] 0.88 ] 1.10 | 1.50 | 1.94 | 2.58
k=3 0.11 | 0.15]| 0.20 | 0.27 | 0.33 | 0.40 | 0.48 | 0.57 | 0.69 | 0.86 | 1.18 | 1.52 | 2.02
k=4 0.09 012 0.15] 021 ] 0.26 | 0.31| 0.38| 0.45]| 0.54 ]| 0.68 | 0.92 | 1.19 | 1.58
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5.7 Modeling of Uncertainty and Randomness in Evaluation Process
5.7.1 Background

As discussed previously, a procedure for seismic performance evaluation based on nonlinear
dynamics and reliability theory was developed to predict and evaluate the performance of
moment-frame systems. It features full integration over the three key stochastic models: ground
motion hazard curve, nonlinear dynamic displacement demand, and displacement capacity.
Further, uncertainties in our knowledge and of specific events are evaluated and carried through
the analysis. A number of uncertainty sources were input to the procedure such as period, live
load, material properties, damping, analysis procedure, and orientation of the structure. Several
limit states are defined instead of the traditional single state. The confidence percentage was
obtained through the procedure and not simply a mean estimate of the annual probability.

Many parameters affect the response of the structure. Not all engineers, for example, will
have the same location, same design methods, same member sizes, and same configuration. To
account for all variabilities in response due to these parameters, sensitivity studies have been
performed. The work from Duan and Anderson (2000), Hart and Skokan (2000), Foutch (2000),
and Lee and Foutch (2000) are combined to accomplish this study. In this section, all of the
variables studied will be laid out first with a description of how they were handled and how the
variance of each variable was obtained.

5.7.2 Buildings Used for the Study

There are two groups of buildings used for the study. For the investigation of the variation in
the parameters such as damping, period of the structure, and orientation of the ground motions
analyses have been performed using the original SAC buildings that are designed according to
the 1994 UBC. However, for the investigation of the analysis methods, new buildings designed
according to the 1997 NEHRP Provisions were used.

The three buildings designed according to the 1994 UBC used the approximate periods in the
code that usually give smaller values of period for conservatism. Therefore, the structure is
stronger and stiffer than might actually be needed. Figure 5-6 shows the plan and elevation view
for the 3-story, the 9-story, and the 20-story buildings. The member sizes for the buildings are
given in Table 5-7.

Twenty buildings were designed to study the effect of building configuration on the mean
and variance of the capacity and demand variables. All of the buildings were designed in
accordance with the 1997 NEHRP Provisions. For each building height, two periods were used
to calculate the design base shear. One period was the empirical one given in the Provisions that
is a function of building height (referred to as an upper bound). The other period was calculated
using the Improved Rayleigh Quotient. This equation is

Tz /—gzzwifi (5-10)
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where:
Wi = weight at each floor
g = gravity acceleration
fi = applied force at floor level 1
J = displacement at floor level 1

This was referred to as a lower-bound design. For each building height, four column sizes
were used: wl4, w24, w30, and w36.

Since the calculated period for the 20-story building was limited by the upper bound of the
period specified in the NEHRP Provisions, the distinction between the upper and lower bound
was not possible. Therefore, a total of 20 buildings were designed according to the 1997
Provisions for the study. The elevation view and the plan view of the buildings are shown in
Figure 4-37. The member sizes for the buildings are shown in Table 4-9. Due to the new
restriction on the redundancy of the structure, an additional bay was designed to be a part of the
lateral-load-resisting system for the 3-story buildings.
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Figure5-6 Plan and Elevation View of the 3, 9, and 20-Story Buildings Designed
According tothe 1994 UBC
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Table5-7 Member Sizesfor the 3, 9, and 20-Story Designed According to the 1994 UBC

Buildings
1994 UBC 3-story 1994 UBC 9-story 1994 UBC 20-story
Ext. Col. Int. Col. Beam Ext. Col. Int. Col. Beam Ext. Col. Int. Col. Beam
W14x257 w14x311 w24x68 w14x233 w14x257 w24x68 15x15x0.50 | w24x84 w21x50
W14x257 w14x311 w30x116 w14x257 w14x283 w27x84 15x15x075 | w24x117 W24x62
W14x257 w14x311 w33x118 w14x257 w14x283 w30x99 15x15x0.75 | w24x117 w27x84

w14x283 w14x370 w36x135 15x15x0.75 | w24x131 w27x84

w14x283 w14x370 w36x135 15x15x0.75 | w24x131 w30x99

w14x370 w14x455 w36x135 15x15x0.75 | w24x131 w30x99

w14x370 w14x455 w36x135 15x15x1.00 | w24x192 w30x99

w14x370 w14x500 w36x160 15x15x1.00 | w24x192 w30x99

w14x370 w14x500 w36x160 15x15x1.00 | w24x192 w30x99

w14x370 w14x500 w36x160 15x15x1.00 | w24x229 w30x99

15x15x1.00 | w24x229 w30x108

15x15x1.00 | w24x229 w30x108

15x15x1.00 | w24x229 w30x108

15x15x1.00 | w24x229 w30x108

15x15x1.00 | w24x229 w30x108

15x15x1.25 | w24x335 w30x108

15x15x1.25 | w24x335 w30x99

15x15x1.25 | w24x335 w30x99

15x15x2.00 | w24x335 w30x99

15x15%x2.00 | w24x335 w30x99

15x15x2.00 | w24x335 w30x99

15x15%x2.00 | w24x335 w14x22

5.7.3 Local Variation of the Slope of the Hazard Curve, k

The first parameter that was investigated was the k value, that is, the slope of the hazard
curve. This parameter is a function of the hazard level, location, and period. USGS maps give
S¢ and S; for the 2/50 and 10/50 hazard levels for all locations in the U.S. This information is
also available on their web site. The S; values are the most appropriate for steel moment frames.
The hazard curve is a plot of probability of exceedance of a spectral ordinate versus spectral
amplitude for a given period and is usually plotted on a log-log scale. In functional form, it is
expressed as

He(S)=k,S™ (5-11)

The value of k can be obtained by re-arranging the above equation with the two spectral
values for any two hazard levels. In this study, 2% in 50 years and 10% in 50 years hazard levels
were used to calculate the slope of the curve, k. The equation is in the form

HSa($10%)
He (S8y,)

Sy,

0%

In

k =

(5-12)
In
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where:
100 = spectral amplitude for 10/50 hazard level
Sy, = spectral amplitude for 2/50 hazard level
Hs(Sauow) =  probability of exceedance for 10% in 50 years = 1/474 = 0.0021

Hs(Sa2) = probability of exceedance for 2% in 50 years = 1/2475 = 0.00040

I = period of interest (0.3 seconds for S and 1.0 seconds for S;)

An example of a hazard curve for a 9-story building designed according to the 1994 UBC is
shown in Figure 5-7. The two darkened points in the plot represent the 10% in 50 year and the
2% in 50 year hazard levels.

The USGS web site for a given postal zip code is used for the study. A few cities on the west
coast, the central U.S., and the east coast were selected as shown in Figures 5-8 to 5-10.
Twenty-five cities were selected for the state of California since it is the most seismically active
state in the U.S. Table 5-8 lists the cities, corresponding spectral accelerations, and k values.
The table is prepared with the [3’s from the 9-story building designed according to the 1997
NEHRP Provisions. The (3’s are defined as the standard deviation of the natural log of the drift
due to the variation of a variable. As prescribed in the previous sections, [3g stands for the
randomness in capacity from the ground motions and By stands for the uncertainty. [3,.. stands
for the randomness in demand from the ground motions, 3, is for the randomness in the
orientation of the ground motions and [3, is to account for the variation from the analysis method
used. Since the value of k is only dependent on the site, the values of k will not change for
different buildings used in the calculations. Some typical average values of k for various
locations in the U.S. are listed in Table 5-9. As a result, this table will be conservative for other
parts of the country since @, Y, Y. and Acon all are functions of k. As a result, the ratio

¢
5-13
yya /]con ( )

is the most meaningful measure of variation across the country. This ratio is also listed in Table
5-8 for confidence levels of 84%, 90%, and 95%. In California, this ratio varies between 0.30
(Sacramento) and 0.36 for 25 coastal and inland locations for the 95% confidence level. For
other parts of the U.S., the range was 0.30 (Sacramento, CA) to 0.41 (Dyersburg, TN). So, the
confidence level will be slightly unconservative for LA and some other California sites and

conservative for other parts of the country. Table 5.8 gives values of k, A¢on and Equation 5-13
for different parts of the U.S. for confidence levels of 84%, 90%, and 95%. However, if
Equation 5-1 is rewritten as

(5-14)
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then a change in Equation 5-13 represents a difference in the required stiffness needed to satisfy
the 95% confidence level. Therefore, for California, the difference between the largest value and
the smallest value of this ratio is 0.36/0.30 = 1.20. This represents a difference in frame stiffness
of 20%, which is fairly large. This is why Sections 5.7 is included here. All of the values of the
various [3’s given here can probably be used anywhere in the U.S. As a result, the design
professional need only recalculate @, Y, Y, and Ao, using the appropriate value of k for the
location of a building site. Section 5.6.4 gives instructions for calculating Acop.

Figure 5-11 shows how to find the Si.0% and S;.,¢, from the USGS web site for a given zip
code. The zip code used for the example is for the Los Angeles site. The S; for the 10% in 50
year hazard level and 2% in 50 year hazard level are 0.45g and 0.77g, respectively. A database
keyed to latitude and longitude of a site is also available at the same web site.
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Figure5-10 Cities Selected for Study in the Central U. S.
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Table5-8 Valuesof k, Acon and Equation 5-13 at 1.0-Second Period for the 2/50 Hazard
Le\/el (BR: OOO, BU: 035, Bacc: 030, Bor: 019, Ba: 020)

location 10%Sa  2%Sa k Aconss Acongo Aconss P Y Ya DY¥Acones | PVY¥Aconoo | @FYY¥Aconss
WASHINGTON Seattle 0.221 0.560 1.7730 129 1.46 1.65 0.90 112 1.04 0.60 0.53 0.47
Tacoma 0.206 0.403 2.4524 1.23 1.38 1.56 0.86 117 1.05 0.57 0.51 0.45
Olympia 0.204 0.411 2.3578 1.24 1.39 1.57 0.87 1.16 1.05 0.58 0.51 0.45
Port Angeles 0.224 0.505 2.0354 1.27 1.43 1.61 0.88 1.14 1.04 0.59 0.52 0.46
Forks 0.218 0.789 1.2824 1.35 1.52 1.71 0.92 1.08 1.03 0.62 0.55 0.49
Shelton 0.221 0.452 2.3058 1.24 1.40 1.58 0.87 1.16 1.05 0.58 0.51 0.45
OREGON Portland 0.174 0.352 2.3419 124 1.39 157 0.87 1.16 1.05 0.58 0.51 0.45
Salem 0.178 0.389 2.1167 1.26 1.42 1.60 0.88 114 1.04 0.59 0.52 0.46
Springfield 0.158 0.363 1.9934 127 1.43 1.62 0.89 113 1.04 0.59 0.52 0.46
Tillamook 0.277 0.724 1.7192 1.30 1.47 1.65 0.90 111 1.03 0.60 0.53 0.47
Newport 0.305 0.811 1.6861 1.30 1.47 1.66 0.90 111 1.03 0.60 0.53 0.47
Coos Bay 0.305 0.838 1.6341 131 1.48 1.66 0.90 111 1.03 0.60 0.54 0.47
CALIFORNIA Santa Rosa 0.545 0.966 2.8871 1.18 1.34 1.51 0.84 1.20 1.06 0.56 0.49 0.44
San Francisco 0.577 1.001 2.9938 117 1.32 1.49 0.83 121 1.06 0.55 0.49 0.43
Berkeley 0.696 1.309 2.6123 121 1.36 154 0.85 1.18 1.05 0.57 0.50 0.45
San Jose 0.582 0.996 3.0668 117 1.32 1.48 0.83 121 1.06 0.55 0.49 0.43
Santa Cruz 0.483 0.873 2.7858 1.19 1.35 152 0.84 1.19 1.06 0.56 0.50 0.44
Salinas 0.430 0.750 2.9678 1.18 1.33 1.50 0.83 121 1.06 0.55 0.49 0.44
Carmel 0.374 0.690 2.6922 1.20 1.36 153 0.85 1.18 1.06 0.56 0.50 0.44
Santa Maria 0.233 0.452 2.4920 1.22 1.38 1.55 0.86 1.17 1.05 0.57 0.51 0.45
Santa Barbara 0.435 0.830 2.5483 1.22 1.37 1.55 0.86 1.17 1.05 0.57 0.50 0.45
Burbank 0.521 0.982 2.6055 1.21 1.37 1.54 0.85 1.18 1.05 0.57 0.50 0.45
Los Angeles 0.381 0.667 2.9422 118 1.33 1.50 0.84 1.20 1.06 0.55 0.49 0.44
Anaheim 0.322 0.640 2.4087 1.23 1.39 1.56 0.86 1.16 1.05 0.57 0.51 0.45
Oceanside 0.252 0.427 3.1350 1.16 1.31 1.48 0.83 1.22 1.06 0.55 0.49 0.43
San Diego 0.249 0.558 2.0468 1.27 1.43 1.61 0.88 1.14 1.04 0.59 0.52 0.46
Yreka 0.135 0.277 2.2893 124 1.40 158 0.87 1.16 1.05 0.58 0.51 0.46
Red Bluff 0.139 0.269 2.5040 122 1.38 1.55 0.86 117 1.05 0.57 0.51 0.45
Chico 0.123 0.211 3.0431 117 1.32 1.49 0.83 121 1.06 0.55 0.49 0.43
Yuba City 0.125 0.203 3.4258 1.13 1.28 1.44 0.81 1.24 1.07 0.54 0.48 0.42
Sacramento 0.135 0.211 3.7247 111 1.25 141 0.80 1.26 1.08 0.53 0.47 0.41
Modesto 0.164 0.282 3.0656 117 1.32 1.48 0.83 121 1.06 0.55 0.49 0.43
Fresno 0.124 0.202 3.3801 114 1.28 1.45 0.81 1.24 1.07 0.54 0.48 0.42
Visalia 0.117 0.198 3.1548 1.16 1.31 1.47 0.82 122 1.07 0.55 0.49 0.43
Barstow 0.221 0.480 2.1307 1.26 1.42 1.60 0.88 114 1.04 0.58 0.52 0.46
San Bernardino 0.786 1.283 3.3739 114 1.28 1.45 0.81 124 1.07 0.54 0.48 0.42
Palm Springs 0.448 0.748 3.2154 115 1.30 147 0.82 122 1.07 0.55 0.48 0.43
MASSACHUSETTS Boston 0.029 0.090 1.4570 1.33 1.50 1.69 0.91 1.10 1.03 0.61 0.54 0.48
Lynn 0.030 0.091 1.4714 1.33 1.50 1.69 0.91 1.10 1.03 0.61 0.54 0.48
Weymouth 0.028 0.086 1.4558 1.33 1.50 1.69 0.91 1.10 1.03 0.61 0.54 0.48
NEW YORK New York 0.029 0.095 1.3902 1.33 1.50 1.70 0.92 1.09 1.03 0.61 0.54 0.48
Mt. Vernon 0.029 0.094 1.3929 1.33 1.50 1.70 0.92 1.09 1.03 0.61 0.54 0.48
Middletown 0.028 0.087 1.4716 1.33 1.50 1.69 0.91 1.10 1.03 0.61 0.54 0.48
SOUTH CAROLINA Charleston 0.070 0.403 0.9426 1.38 1.56 1.76 0.94 1.06 1.02 0.63 0.56 0.50
Georgetown 0.058 0.394 0.8610 1.39 1.57 1.77 0.95 1.06 1.02 0.63 0.56 0.50
Columbia 0.061 0.196 1.4030 1.33 1.50 1.70 0.92 1.09 1.03 0.61 0.54 0.48
MISSOURI St. Louis 0056 0188 | 13634 )| 134 | 151 | 170 || 092 | 100 | 103 0.61 0.54 0.48
Jefferson City 0.033 0.106 1.4026 1.33 1.50 1.70 0.92 1.09 1.03 0.61 0.54 0.48
Park Hills 0.060 0.210 1.3210 1.34 1.51 1.71 0.92 1.09 1.03 0.62 0.55 0.48
TENNESSEE Dyersburg 0.089 0.881 0.7192 141 1.59 1.79 0.96 1.05 1.01 0.64 0.57 0.50
Memphis 0.069 0.423 0.9125 1.39 1.56 1.76 0.95 1.06 1.02 0.63 0.56 0.50
Nashville 0.049 0.147 1.5078 1.32 1.49 1.68 0.91 1.10 1.03 0.61 0.54 0.48
Chattanooga 0.053 0.142 1.6899 1.30 1.47 1.66 0.90 111 1.03 0.60 0.53 0.47
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Table5-9 Typical Average Valuesfor k for Various L ocations

Location California

2.86

Oregon
1.91

Washington
2.03

Boston
1.46

Memphis
0.91

Seismic Hazards for alocation by Zip Code

Logon to http://www.usps.gov/ncsc/ to find the zip code of your location.

Logon to http://geohazards.cr.usgs.gov/eq/ for Hazard values.

Select ‘Hazard by Zip Code’ in ‘SEISMIC HAZARD’ category on the left of the screen.
Type in the Zip Code of the location(s) you wish to find hazard for.

Click on the ‘Submit Query’ icon.

Note that the output data are in ‘%’ value of (g).

SNk W=

Central Region, Geologic Hazards Team
Golden, Colorado

w NATIONAL SEISMIC HAZARD MAPPING PRUJECT
USGS,

PROBABILISTIC HAZARD LOOKUP
ZIPCODE

Welcome to the USGS Zip Code carthquake ground motion
hazard look-up page. Here you will be ablc to enter a 5 digit
integer zip code and ground motion hazard valucs, expressed as a
percent of the acceleration of gravity, , will be returned to
you. The ground motion hazard values rcturned will be Peak
Ground Acceleration, (PGA), 0.2 second period spectral
acceleration, (SA), 0.3 second period (SA), and 1.0 second period
(SA) for 10%, 5%, and 2% probability of exceedence, (PE), in 50
years

(These ground motion values are calculated for *firm rock’
sites which correspond Lo a shear-wave velocity of 760 m/sec. in
the top 30m. Different soil sitcs may amplify or de-amplify these
values.)

» The original zip code file was a freebee download from the L 0 S A n g el eS 1 CA
Census Bureau, dated approximately January 1996, und thus
may not reflect the most recent Zip Codes in use today,

s It has been determined that the latitude and Jongitude
associated with each zip code is the average of the northern
and southern most latitudes and the average of the eastern
and wesiern most longitudes of the zip code area. This
location is not necessarily the Post Office location nor the
centroid of the zip code area.

Tn this look-np program each zip code location is associated
with the nearest point on « grid of points 1/10 of a degree
apart on which carthquake ground motions have been
calculated covering the 48 adjacent states.

To find the ground motion values enter a 5 digit zip cgd in

-

each of the blank boxes in the following table. Use the TXB key to
move 1o the next table element. You may request froprl to 12 Zip
Codes.

NO EXTENSIONS

NO ALPHA CHARACTERS

=USGS

NATIONAL SEISMIC HAZARD MAPPING PROJECT

NO DECIMAL NUMB

— —
ater Zi| Enter Zij
coel ... Coded.....

Enter Zij
Code]

Enter Zi
Code:S012
4 Ehrer Zi
Code

—

Lnter Zip
Code:

Enter Zij
cose] |

Enter

Enter Zip
Codel
o

Code|

Enter Zi Enter Zi Enter Zi
Coted codel..... coaed__

Home Page
Zipcode USGS, Ctrat R, Goologle Hagsds Toam
Lookup page
The input zip-code isWbo12.
ZIP CODE WZ
LOCATION e == = 34,0607 Tat=—l3g§. 2397 Long.
DISPCE TO NEAREST GRID POINT 5.6941 kms \
MLAREST GRID POINT 34.1 Lat. 118.2 Long.
A ropabilistic ground motion values, in 59, at this point aa
10%PE in 50 yr  S%PE in 50 yr  2%PE in 50 yr
PGA 54.632851 72.145866 96.265022 \
0.2 sec SA 125.477997 164.140106 208.985901
0.3 sec SA 121.761597 152.862396 192.644897
\. 1.0 sec SA 45.26089% 59.931721 77.231056
M - - CC -t - mmmmmm——— oo -
\ —
~ — —

The input zip-code is .
Zip code is zero and we go to the end and stop.

T —— — —

By George I think you've got it!

Figure5-11 Determination of S;.2y and Sp.100 from USGS Web Site for a Given Postal

Zip Code

5-25



FEMA-355F
Chapter 5: Statistical and Reliability Framework for Performance Prediction and Evaluation of
Establishing Performance Objectives Steel Moment-Frame Buildings

Examplefor calculating k at City Hall in LA:

Get S; values from Figure 5-11: Sy_j99, = 0.45, S0, =0.77

0.0021
tn 0.0004
k=———==3.08
0.77
In| —
[ 0.45 }
The value of S; for the 50/50 hazard level is needed for checking the MD performance level,

but this is not listed at the USGS web site. However, it can be calculated from the data that are
given.

When S for the 2/50 hazard level is less than 1.5g

1n(sl—so% ) = ln(sl—lo% ) + [ln(sl—z% ) - ln(sl—lo% )] [ﬁ0'606 ln(PR) - 3-73] (5-15)

where:
Siso% = spectral amplitude for 50/50 hazard at 1.0 second period
Siiio% = spectral amplitude for 10/50 hazard at 1.0 second period
N = spectral amplitude for 2/50 hazard at 1.0 second period

When S, for 2/50 hazard is greater than or equal to 1.5g

P n
SI—SO% = S1—10% (4_,;5} (5-16)
values for the exponent n are given in Table 3.3.6-1 and
_ 1
Pr = 0.021n(1-Pe) (5-17)

1-e

where:

Pr = return period
Peso = probability of exceedance in 50 years

So Pgsp for 50% probability of exceedance in 50 years is 0.50
1

0.021n(1-0.50)

P. =
R 1-¢

=72 years
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Valuesfor exponent n for determination of spectral amplitude Ssand $;

Region S Sy
California 0.29 0.29
Pacific Northwest 0.56 0.67
Intermountain 0.50 0.60
Central US 0.98 1.09
Eastern US 0.93 1.05

Examplefor LA City Hall for determination of S;-s0:

Ss=1.93g > 1.50g so use Equation 5-16

72 0.29
S = 045(%) =0.26g

5.7.4 Determination of b Value

In the reliability format, the site-specific hazard curve is developed, and the value of k is
determined. The relationship between the spectral acceleration and the story drift of the structure
is obtained from the analysis. The relationship is assumed to be in the form of

0=S" (5-18)
where:
g = story drift angle of the structure
S = spectral acceleration at the period of the structure
b = slope of the curve

Taking the natural log of each side of this equation results in

In(8) = bn(S,) (5-19)
When Equation 5-19 is re-arranged to a more familiar form for plotting

In(S,) =—0n(6) (5-20)

So, the term b represents the slope of the curve. Therefore, the larger the value of b, the smaller
the slope of the curve becomes as shown in Figure 5-6. According to Cornell (1999), for the
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demand calculations, taking the value of b equal to 1.0 is reasonable since the drifts do not get
unstable even at most of the 2%-in-50-year ground motion levels. However, when the capacity
of the structure is calculated using the Dynamic Incremental Analysis (IDA), the slope of the
curve will be small for some of the ground motions since the change in interstory drift due to a
constant increase in the ground motion will be large. There are others for which the limiting drift
value of 0.10 is reached before the structure becomes unstable. In those cases, the slope of the
curve would be too small. Therefore, it is difficult to keep track of each slope of the dynamic
analysis performed, and each of the ground motions would have a different value of b. This
would be challenging to implement into the procedure and is really not necessary. Therefore
taking the b value of 1.0 for both demand and capacity would simplify the procedure and be
slightly conservative. The illustration of the levels at which the demands and capacities are
calculated is shown in Figure 5-13.

A A
In(Sa) b=1 In(Sa)

A

< In(D)

Figure5-12 Log-log Plot of the Demand vs. Spectral Acceleration

Sa A A
=
capacity |- —_/= _f%/i—— 'cgu
level capacity N
<
2/50 level = = =
>
demand c
C
@
> >
interstory drift max. story drift angle demand

Figure5-13 Illustration of Levels of Demand and Capacity Calculations
5.7.5 Variabilities in Damping of Structures

The standard deviation of the natural log of the variable [3, for each source of uncertainty and
randomness as determined for the SAC project will be given below for the 2/50 hazard level.

The analyses are based on studies for three buildings designed for the LA site according to the
1994 UBC.

5-28



FEMA-355F
Performance Prediction and Evaluation of Chapter 5: Statistical and Reliability Framework for
Steel Moment-Frame Buildings Establishing Performance Objectives

The uncertainty in estimating the period and damping of the structure was calculated using a
collection of measured data. The major part of the data is from the report by Goel and Chopra
(1997). The collected data were plotted by height verses the variable, in this case damping.
Some of the data, far removed from the median values, were omitted from the study. The best-fit
line from the regression analysis of the data was calculated for damping and is shown in Figure
5-14. A constant standard deviation was assumed. The changes in drift values due to the
variation in the variables were then calculated. The damping values corresponding to the
fundamental period of the 1994 UBC buildings are 4.31%, 3.57%, and 2.30% for 3-story (0.99
seconds), 9-story (2.17 seconds), and 20-story (3.59 seconds) buildings, respectively.

The procedure for calculating the variance of the natural log of the maximum drift associated
with different sources of uncertainty is as follows:

1. Run 10 or 20 time histories using the mean of the variable and call this value L;.

2. Find the mean of the natural log of the corresponding maximum drifts, Ay;.
3. Run 10 or 20 time histories using the mean+stdev of the variable and call this value [,.
4. Find the mean of the natural log of the corresponding maximum drifts, Ap.
5. Calculate the sensitivity,
(g =) (5-21)
(. — 1)

6. The variance of the natural log of the drift with respect to the variable is the square of the
sensitivity times the variance of the variable.

2
VAR{(N (AIQ_A)T)N } %05 = (Ao = A )’ (5-22)

Therefore,

A=) T
Bia it :\/{(/wa +20-var)_l)/’1var:| X0, =|/]mz _/]m1| (5-23)

The calculated results from the dynamic analysis using 2%-in-50-year ground motions for the
LA site are listed in Table 5-10. The natural logs of the drifts as well as the variances of the
variable for each story height are shown in Table 5-11. For damping, the Bnorirt values are 0.024
for 3-story, 0.030 for 9-story, and 0.034 for 20-story buildings.
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8 A datapoints
3-story
1 linear best fit

5 I

Damping, (%)

0 100

200

Story Height, (ft)
Figure5-14 Damping Valuevs. Story Height

300

Table5-10 Calculated Maximum Drifts Dueto Different Damping Valuesfor 3-Story,
9-Story, and 20-Story Buildings

3-story 9-story 20-story
T1= 0.9934 T1= 2.1746 T1= 3.5861
T2= 0.2000 T2= 0.2000 T2= 0.3842
K p+o |4 p+o K pto
& 4.31 5.35 3.57 4.62 2.30 3.34
(o 0.453838 0.563349 0.188924 0.244490 0.072797 0.105714
B 0.002284 0.002835 0.002081 0.002693 0.002541 0.003689
Al Apto Ap Ap+o Ap Ap+o
la21 0.0384 0.0374 0.0345 0.0337 0.0215 0.0210
la22 0.0411 0.0399 0.0409 0.0393 0.0235 0.0225
1a23 0.0158 0.0156 0.0176 0.0170 0.0154 0.0146
la24 0.0232 0.0230 0.0528 0.0497 0.0389 0.0379
la25 0.0413 0.0401 0.0307 0.0303 0.0179 0.0177
1a26 0.0472 0.0458 0.0345 0.0340 0.0221 0.0214
la27 0.0355 0.0344 0.0345 0.0332 0.0184 0.0185
1a28 0.0329 0.0320 0.0260 0.0256 0.0277 0.0270
1a29 0.0179 0.0179 0.0236 0.0226 0.0142 0.0136
1a30 0.0197 0.0191 0.0283 0.0278 0.0504 0.0464
mean 0.0313 0.0305 0.0323 0.0313 0.0250 0.0240
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Table5-11 Natural Log of the Maximum Driftsand Variances

3-story 9-story 20-story
LN@AW LNAp+o) LN@AW LN@Ap+o) LN@AW LNAp+o)
la21 -3.2593 -3.2862 -3.3668 -3.3903 -3.8414 -3.8639
1a22 -3.1908 -3.2226 -3.1966 -3.2365 -3.7507 -3.7943
1a23 -4.1480 -4.1634 -4.0399 -4.0745 -4.1751 -4.2256
1a24 -3.7622 -3.7727 -2.9412 -3.0018 -3.2479 -3.2738
1a25 -3.1873 -3.2170 -3.4835 -3.4966 -4.0222 -4.0365
1a26 -3.0541 -3.0828 -3.3668 -3.3814 -3.8107 -3.8436
1a27 -3.3388 -3.3695 -3.3668 -3.4052 -3.9981 -3.9912
1a28 -3.4156 -3.4411 -3.6497 -3.6652 -3.5879 -3.6127
1a29 -4.0225 -4.0253 -3.7465 -3.7898 -4.2535 -4.3007
1a30 -3.9269 -3.9600 -3.5649 -3.5827 -2.9876 -3.0712
A -3.5306 -3.5540 -3.4723 -3.5024 -3.7675 -3.8014
sensitivity -0.0226 -0.0287 -0.0325
B 0.0235 0.0301 0.0338
B2 0.0006 0.0009 0.0011

5.7.6 Variabilities in Orientation of the Ground Motions

Variation of maximum drifts due to the randomness in the orientation of the structures to the
ground motion was investigated. For this study, the LA 2%-in-50-years ground motions that
were not rotated 45 degrees were used. The structures were excited by ten fault-parallel
components and ten fault-normal components of ground motion. The procedure for the
orientation is similar to the procedure previously described for damping and period except that
the orientation is a uniformly distributed function instead of a log-normally distributed function.
The orientation of fault parallel (0°) and fault normal (90°) were selected for the study. The
equation is

(/190" _/]00 )T x (2

i = - 5-24
ﬁ In Drift |:‘(900—_00)' ori ( )
where:

A° = median drift for the 0° rotated (fault parallel) ground motions

doo® = median drift for the 90° rotated (fault normal) ground motions

Oori = standard deviation of uniform distribution from 0° to 90° = 26°

Ten pairs of ground motion were used. The acceleration time history and the response
spectra for the ground motions are presented in Appendix A.2 for reference. The drift values
from the dynamic analysis are listed in Table 5-12, and the natural log of the values for variance
calculations are shown in Table 5-13. The Bnprirt for the orientation of the building was 0.21 for
3-story, 0.19 for 9-story, and 0.26 for 20-story buildings. The Bnprirt for 9-story building came
out to be smaller than that for 20-story building. This is due to the fact that the P-A effect from
the time-history analysis is larger for the 20-story than for the 9-story building.

5-31



FEMA-355F
Chapter 5: Statistical and Reliability Framework for
Establishing Performance Objectives

Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

One thing that is worth noting is that since the ground motions in reality are applied in pairs,
the worst case would not be the case when one component is 90°. That is because the other
component, which is orthogonal to it, will be 0°. Therefore, the worst case would be the case
when the first component is located between 45° to 90° and the orthogonal component is located
at larger than 90°. An illustration of this is shown in Figure 5-15.

Table5-12 Calculated Maximum Drifts Dueto Different Orientationsfor 3-Story, 9-Story,

and 20-Story Building Sensitivity of Period

3-story 9-story 20-story
Tl= 0.9934 Tl= 2.1746 T1= 3.5861
T2= 0.2000 T2= 0.2000 T2= 0.3842
normal parallel normal | parallel normal | parallel
90.0 0.0 90.0 0.0 90.0 0.0
3 4.31 4.31 3.57 3.57 2.30 2.30
o 0.453838 0.453838 0.188924 0.188924 0.072797 0.072797
B 0.002284 0.002284 0.002081 0.002081 0.002541 0.002541
90.0 0.0 90.0 0.0 90.0 0.0
LF21, 22 0.0528 0.0237 0.0510 0.0230 0.0270 0.0190
LF23, 24 0.0207 0.0179 0.0389 0.0215 0.0410 0.0197
LF25, 26 0.0518 0.0165 0.0336 0.0219 0.0287 0.0138
LF27, 28 0.0421 0.0263 0.0358 0.0298 0.0446 0.0199
LF29, 30 0.0177 0.0165 0.0270 0.0167 0.0273 0.0264
LF31, 32 0.0392 0.0309 0.0353 0.0225 0.0320 0.0244
LF33, 34 0.0279 0.0225 0.0415 0.0264 0.0589 0.0161
LF35, 36 0.0757 0.0212 0.0984 0.0208 0.1510 0.0147
LF37, 38 0.1078 0.0153 0.0726 0.0150 0.0655 0.0129
LF39, 40 0.0533 0.0191 0.0350 0.0317 0.0369 0.0175
mean 0.0489 0.0210 0.0469 0.0229 0.0513 0.0184
Table5-13 Natural Log of the Driftsand Variances
3-story 9-story 20-story
LN(90) LN(0) LN(90) LN(0) LN(90) LN(0)
LF21, 22 -2.9422 -3.7427 -2.9759 -3.7723 -3.6119 -3.9633
LF23, 24 -3.8757 -4.0238 -3.2468 -3.8397 -3.1942 -3.9271
LF25, 26 -2.9607 -4.1043 -3.3932 -3.8213 -3.5509 -4.2831
LF27, 28 -3.1681 -3.6401 -3.3298 -3.5132 -3.1100 -3.9170
LF29, 30 -4.0353 -4.1052 -3.6119 -4.0923 -3.6009 -3.6344
LF31, 32 -3.2379 -3.4786 -3.3439 -3.7942 -3.4420 -3.7132
LF33, 34 -3.5784 -3.7946 -3.1821 -3.6344 -2.8319 -4.1289
LF35, 36 -2.5811 -3.8530 -2.3187 -3.8728 -1.8905 -4.2199
LF37, 38 -2.2278 -4.1819 -2.6228 -4.1997 -2.7257 -4.3505
LF39, 40 -2.9323 -3.9576 -3.3524 -3.4514 -3.2995 -4.0456
A -3.1539 -3.8882 -3.1377 -3.7991 -3.1258 -4.0183
sensitivity 0.0082 0.0073 0.0099
B 0.2121 0.1911 0.2578
g 0.0450 0.0365 0.0665

5-32




FEMA-355F
Performance Prediction and Evaluation of Chapter 5: Statistical and Reliability Framework for
Steel Moment-Frame Buildings Establishing Performance Objectives

Figure 5-15 Illustration of the Wor st Ground Motion Pair

5.7.7 Uncertainties in Analysis Methods

The 3 values for each source of uncertainty and randomness as determined for the SAC
project are given below for the 2/50 and 50/50 hazard levels. These are based on studies for 20
buildings designed for the LA site. The values are averaged from eight 3- and 9-story buildings
and four 20-story buildings.

The analysis procedures that are investigated are as follows:

* 1997 NEHRP Linear Static Procedure - 97NEHRP-LSP
* FEMA-273 Linear Static Procedure - F273-LSP

* FEMA-273 Modal Analysis Procedure - F273-MAP

* Linear Time-History Procedure - LTHP

* FEMA-273 Nonlinear Static Procedure - F273-NSP

* (Capacity Spectrum Procedure - CSM-NSP

* Nonlinear Time-History Procedure - NTHP

Detailed procedures for each of the analysis methods will not be discussed in this report.
They can be found from the reports by Hart and Skokan (2000) and Duan and Anderson (2000).

The main purpose of this part of the study is to get the bias factor that would correct the drift
of the corresponding analysis method to the nonlinear time-history analysis method. This is
based on the assumption that the nonlinear time-history analysis method is exact. The Bnry for
the nonlinear time-history procedure is included independently. The bias factor is defined as
follows:
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E = drift dueto NTH
" drift duetocorresponding analysismethod

(5-25)

The variability of each method with the corresponding bias factor is also calculated. The
variations of the corrected drift values due to the analysis method were calculated by taking the
coefficient of variation of the maximum drifts. The values of the variations are expected to be
very small since the bias factor will shift the drift values very close to the correct drift value.

The USC team headed by Anderson has studied the Linear Procedures (Duan and Anderson,
2000). The UCLA team headed by Hart studied the Nonlinear Static Procedures as well as the
Capacity Spectrum Method (Hart and Skokan, 2000). The fundamental periods of each of the
structures that were used for the study are shown in Table 5-14. The calculated drift values for
each of the buildings for each of the methods are given in Table 5-15 for the 2%-in-50-year
hazard level and in Table 5-16 for the 50%-in-50-year hazard level. This table includes the
average values for each of the story heights as well as the weighted average for all of the story
heights.

Since different teams performed the work, one change in the data values was necessary to
calculate the bias factor and the variance of the drifts correctly. The change to the calculate drift
values was to account for the different damping levels used for the different analysis procedures
of the structure. The 5%-damped spectra were used for the 1997 NEHRP Provisions and
FEMA-273 Modal Analysis Procedure, whereas the other FEMA-273 procedures and the
Capacity Spectrum methods used the spectra corresponding to the damping levels calculated for
different story heights in Section 4.2.7. Therefore, damping levels for the 3-story (4.31%), the 9-
story (3.57%), and the 20-story (2.30%) needed to be converted to the 5% damping level. This
was tried using three different methods. The first two methods gave somewhat unreasonable
values, so the third method was selected for the study.

The first method of converting different damping levels to 5% was to use the damping
conversion table given in FEMA-273. The response spectra values for different damping values
are given. The table in FEMA-273 and Bg and B, values calculated using the linear interpolation
are shown in Table 5-17 and Table 5-18. B and B, are damping coefficients. The response
spectra for the corresponding damping levels as well as for the 5% damping level are plotted in
Figure 5-16. The spectral acceleration values at each fundamental period of the structures were
found and divided by those values for the 5% damped spectra. Then the average of those values
for each story height was calculated. They are 0.94, 0.91, and 0.84 for 3-story, 9-story, and 20-
story buildings, respectively. Although the values decreased with the height of the structure as
expected, the coarseness of the damping points for linear interpolation in addition to the
somewhat smaller ratio than expected made this method not appropriate.

The second method that was investigated required calculating the elastic response spectrum
corresponding to each damping level. Therefore, 5%, 4.3%, 3.6%, and 2.3% damped spectra
were generated for the 2%-in-50-year hazard level. The plot of those spectra with the smooth
response spectra, which is usually generated for the 5% damping level is shown in Figure 5-17.
The method of getting the conversion factor for different damping levels was to take the
difference between the smooth response spectra and the different damped response spectra at the
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fundamental periods of the structures. Again, the average value of those factors for each story
height was calculated. They are 1.03, 0.94, and 1.14 for the 3-story, 9-story, and 20-story
buildings, respectively. This method seemed inappropriate since the factors decrease and
increase with the increase in height.

The third method that is selected for the study used the same plot shown in Figure 5-17.
However, instead of using the smooth response spectra, the real response spectra for the 5%
damping level was used to calculate the conversion factor. This was done by taking the average
of the ratio of the median spectral acceleration values at the fundamental period of the structures
for 5% and those for the corresponding damping levels. Again, 0.83 scaled ground motions were
used for the LA 2%-in-50-year hazard level. Table 5-19 to Table 5-21 show the calculated
spectral values as well as the average scale factor to be used for each story height. The average
of the ratios came out to be 0.96, 0.93, and 0.90 for the 3-story, the 9-story, and the 20-story
buildings, respectively. These values were used to scale the drift values down to the 5%
damping level. The same factors were used to correct the drift values for the 50%-in-50-year
hazard level. The final corrected drift values for all the described analysis methods are shown in
Table 5-22 and Table 5-23. By rounding off the values in these tables and using engineering
judgment, Table 4-8 was developed.

As can be seen from the results, all of the analysis methods for the 2%-in-50-year hazard
level somewhat fail to capture the P-delta effects as the structures get taller. Therefore, the
methods under-predict the drift for taller structures. The linear static procedure from both the
1997 NEHRP Provisions and FEMA-273 predicts the response the best. The NEHRP and
FEMA-273 Modal Analysis Procedures failed to predict accurately the response of the taller
stories even though three modes were used for the drift calculation of the 20-story building. One
mode for the 3-story and two modes for the 9-story were used. For all of the story heights, the
Linear Time History method over-predicted the response of the structure. All of the methods for
the 50%-in-50-year hazard level predicted the response better since the responses stay mostly in
the elastic range with small drift values. Not much effect from P-delta is expected.

Table5-14 Fundamental Period of Each Structure

Column design 3-story 9-story 20-story

LB 1.00 (sec) 2.45 (sec)

wid UB 0.88 (sec) 2.16 (sec) 3.47 (sec)
LB 1.00 (sec) 2.47 (sec)

w24 UB 0.87 (sec) 2.18 (sec) 3.43 (sec)
LB 1.00 (sec) 2.44 (sec)

w30 UB 0.86 (sec) 2.18 (sec) 3.43 (sec)
LB 0.99 (sec) 2.47 (sec)

w36 UB 0.84 (sec) 2.18 (sec) 3.46 (sec)
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Table5-15 Drift and Variance Valuesfor Different AnalysisMethodsUsing LA 2% in
50 Year Hazard L evel Before Corrections
(Hart and Skokan, 2000 and Duan and Ander son, 2000)

) NO7L F273L F273M ETH F273N csp
LA 2/50columnjjdesign || NTH =™ o5t | B.F. | drft [ BF. || darft | BF || anft | B.F || it | B.F.
Wi4 || LB || 0.030 || 0.030 | 1.00 [[0.048 | 0.63 || 0.036 | 0.83 || 0.033 | 0.90 | 0.034 | 0.87 || 0.023 | L1.31
uB [ 0.027 ] 0.030 | 0.91 [ 0.047 | 0.58 || 0.033| 0.83 | 0.032 | 0.85 || 0.035 | 0.78 || 0.023 | 1.18
w24 | LB || 0.029 [ 0.030 | 0.96 || 0.048 | 0.60 || 0.037 | 0.78 || 0.033 | 0.86 || 0.032 | 0.84 || 0.022 | 1.28
- uB || 0.025 || 0.030 | 0.83 || 0.047 | 0.53 || 0.032| 0.78 [ 0.032| 0.78 || 0.034 | 0.74 || 0.022 | 1.13
w30 || LB || 0.028 [ 0.030 | 0.94 |[0.045 | 0.63 || 0.037 | 0.76 || 0.034 | 0.84 || 0.040 | 0.70 || 0.022 | 1.31
uB_ [ 0.024 ] 0.030 | 0.81 || 0.039 | 0.63 || 0.032| 0.76 || 0.031| 0.78 || 0.029 | 0.84 [ 0.018 | 1.34
w36 | LB || 0.028 [ 0.030 | 0.94 || 0.046 | 0.62 || 0.037 | 0.77 || 0.034 | 0.83 || 0.033 | 0.85 || 0.021 | 1.32
uB_ |l 0.024 ] 0.030 | 0.81 || 0.039 | 0.62 || 0.031| 0.78 || 0.032 | 0.76 || 0.029 | 0.83 || 0.019 [ 1.31
m 0.027 || 0.030 | 0.90 || 0.045 | 0.60 ][ 0.032 | 0.79 ][ 0.033 | 0.82 || 0.034 | 0.81 || 0.021 | 1.27
a 0.0022]|0.0000] 0.0742[0.0038| 0.0344][0.0026] 0.0283][0.0011] 0.0479]|0.0035] 0.0610][0.0019] 0.0754
Cov 0.08 0.08 0.06 0.04 0.06 0.08 0.06
) NO7L F273L F273M ETH F273N Csp
LA 2/50columnjdesign|| NTH =™ o5t | B.F. | arft | BF. || drt | BF. || drft | B.E || arift | B.F.
W14 || LB || 0036 0030 1.20 [[0.048 ] 0.75 [[0.034 | .06 || 0.042[ 0.85 || 0.042| 085 |[0.027 | 1.32
us [l 0.036 ] 0.030 | 1.19 || 0.041| 0.87 || 0.028 | 1.28 | 0.040| 0.90 || 0.037 | 0.97 || 0.023 | 1.54
w24 || LB || 0.034 [ 0.030 | 1.14 || 0.048 | 0.71 || 0.032 | 1.07 || 0.042 | 0.82 || 0.041| 0.83 || 0.025 | 1.39
- uB || 0033 0.030] 110 || 0.042 | 0.78 || 0.029 | 1.13 || 0.039 | 0.85 || 0.035 | 0.93 || 0.023 | 1.44
w30 || LB || 0.035 | 0.030 | 1.16 || 0.047 | 0.74 | 0.031 | .12 || 0.042 | 0.83 || 0.043 | 0.81 || 0.027 | 1.30
uB [l 0,032 0.030 | 1.07 || 0.042 | 0.76 || 0.028 | 1.15 | 0.038 | 0.84 || 0.031 | 1.03 || 0.023 | 1.40
w36 || LB || 0.034 | 0.030 | 1.13 || 0.050 | 0.68 || 0.032 | .06 || 0.042 | 0.81 || 0.044 | 0.77 || 0.027 | 1.25
uB_ |l 0,034 0.030 | 1.12 || 0.043| 0.78 | 0.028 | 1.20 || 0.039 | 0.86 || 0.038 | 0.88 [ 0.024 [ 1.39
m 0.034 | 0.030 | L.14 || 0.045 | 0.76 ]| 0.030 | 1.13 || 0.040 | 0.84 || 0.039 | 0.88 || 0.025 | L.38
5 0.0013]/0.0000] 0.0447[0.0035 ] 0.0580][0.0023] 0.0774][0.0018] 0.0300]| 0.0044] 0.0867][0.0019] 0.0891
Cov 0.04 0.04 0.08 0.07 0.04 0.10 0.06
) NO7L F273L F273M ETH F273N CSP
LA 2/50column design | NTH =5 =or—1—3m [ B, | arft | BE. || drit | BF. || drft | B.E || drift [ B.F.
W14 || L&UB || 0.024 || 0.018 | 1.34 ][ 0.027 | 0.89 || 0.024 | 1.01 || 0.029 | 0.83 |[ 0.033 | 0.74 || 0.020 | 1.19
b o-stor| w24 |[L&UB|[0.024 ] 0.018 | 1.34 | 0.028 | 0.86 | 0.024 | 1.01 | 0.030] 081 | 0,031 ] 0.7 | 0.020] 1.21
w30 || L&UB || 0.024 |[0.018 | 1.36 || 0.028 | 0.87 || 0.024 | .02 || 0.030 | 0.81 || 0.031 | 0.78 || 0.020 | 1.23
w36 || L&UB || 0.024 |[ 0.018 | 1.34 ]| 0.028 | 0.86 | 0.024 | .00 || 0.030 | 0.80 |[0.033 | 0.73 ]| 0.020 | 1.20
m 0.024 | 0.018 | 1.35 || 0.028 | 0.87 || 0.024 | 1.01 ][ 0.030 | 0.81 || 0.032 | 0.75 || 0.020 | 1.20
5 0.0002]|0.0000] 0.0087][0.0005 | 0.0156/[0.0000] 0.0065][0.0004] 0.0090]| 0.0008] 0.0219][0.0002] 0.0162
Cov 0.01 0.01 0.02 0.01 0.01 0.03 0.01
) NO7L F273L F273M ETH F273N Csp
LA 2/50columnfjdesign | NTH =0 o5 | BF. | drft [ BF. || drft | BF. || anft | B.F || it [ BF.
3.9 ¢ 113 0.75 0.98 0.83 0.82 .09
and 204 o 0.192 0.119 0.154 0.034 0.081 0.097
story [[Cov 0.17 0.16 0.16 0.04 0.10 0.08
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Table5-16 Drift and Variance Valuesfor Different AnalysisMethodsUsing LA 50% in
50 Year Hazard L evel Before Corrections
(Hart and Skokan, 2000 and Duan and Ander son, 2000)

) NO7L F27aL F27aM ETH F273N CSP
LA 2/5Q)columnjdesign )| NTH 2o [ B.F. | drift | BF. || drift | BE. | drift | BF. || arift | BF.
Wi4 || LB [ 0.009 || 0.009 | 0.99 || 0.009 | 0.99 || 0.008 | 1.10 | 0.009 [ 0.96 || 0.007 | .30 || 0.006 | L48
uB || 0.007 || 0.000 | 0.81 || 0.009 | 0.81 || 0.008 | 0.90 || 0.009 | 0.85 || 0.007 | 1.04 || 0.006 | 1.20
w24 || LB |[0.007 || 0.009 | 0.80 | 0.009 | 0.80 || 0.008 | 0.89 |[0.009 | 0.80 | 0.007 | 1.06 || 0.006 | 1.20
- uB || 0.006 || 0.009 | 0.69 || 0.009 | 0.69 || 0.008 | 0.77 || 0.009 | 0.72 || 0.007 | 0.90 || 0.006 | 1.04
w30 | LB | 0.007 || 0.009 | 0.80 || 0.009 | 0.80 || 0.008 | 0.89 | 0.009 [ 0.79 | 0.007 | 1.04 || 0.006 | 1.23
uB || 0.006 || 0.007 | 0.88 || 0.007 | 0.88 || 0.006 | 0.98 || 0.008 | 0.81 || 0.006 | 1.04 || 0.005 | 1.22
w36 | LB | 0.007 || 0.009 | 0.83 | 0.009 | 0.83 || 0.008 | 0.92 |[0.009 [ 0.79 |[0.007 | 1.09 || 0.006 | 1.26
uB_|| 0.006 | 0.007 | 0.90 || 0.007 | 0.90 || 0.006 | 1.00 || 0.008 | 0.80 || 0.006 | 1.05 || 0.005 | 1.23
m 0.007 ] 0.009 | 0.84 ]| 0.009 | 0.84 || 0.008 | 0.93 || 0.009 | 0.82 || 0.007 | 1.06 |[ 0.006 | 1.23
o 0.0009][0.0009] 0.0894]|0.0009| 0.0894]/0.0008] 0.0993][0.0007 | 0.0684[0.0004] 0.1085[0.0004] 0.1209
Cov 013 011 011 011 0.08 0.10 0.10
) NO7L F273L F273M ETH F273N Csp
LA 250 columnjdesign | NTH =™ —arift [ B.F. | darft | BF. || it | B.F | drift | BF. || it [ BF.
Wi4 || LB |[0.009 | 0.008 | .06 || 0.008 | 1.06 || 0.007 | 1.22 || 0.009 [ 0.98 | 0.006 | 1.37 || 0.006 | L53
uB || 0.008 [ 0.008 | 1.03 || 0.008 | 1.03 || 0.006 | 1.31 || 0.008 | 0.97 || 0.006 | 1.29 || 0.005 | 1.45
w24 || LB | 0.008 | 0.008 | .03 | 0.008 | 1.03 || 0.007 | 1.17 || 0.009 | 0.92 || 0.006 | 1.32 || 0.006 | 1.49
- uB | 0.007 || 0.008 | 0.93 || 0.008 | 0.93 || 0.006 | 1.21 || 0.008 | 0.87 || 0.006 | 1.16 || 0.006 | 1.31
w30 | LB | 0.008 | 0.008 | .02 | 0.008 | 1.02 || 0.007 | 1.18 || 0.009 | 0.93 | 0.006 | 1.32 || 0.006 | 1.48
uB || 0.007 || 0.008 | 0.92 || 0.008 | 0.92 || 0.006 | 1.20 || 0.008 | 0.87 || 0.006 | 1.16 || 0.006 | 1.30
w36 | LB | 0.008 | 0.008 | 0.96 | 0.008 | 0.96 || 0.007 | 1.15 || 0.009 | 0.92 || 0.006 | 1.26 || 0.006 | 1.42
uB || 0.007 | 0.008 | 0.92 | 0.008 | 0.92 || 0.006 | 1.21 || 0.008 | 0.88 || 0.006 | 1.15 || 0.006 | 1.30
m 0.008 || 0.008 | 0.98 ]| 0.008 | 0.98 || 0.007 | L.21 ]| 0.009 | 0.92 || 0.006 | 1.25 [ 0.006 | L.41
o 0.0005][0.0002 0.0555/0.0002] 0.0555][0.0005 ] 0.0480][0.0003 | 0.0428[0.0001 | 0.0842][0.0001] 0.0944
Cov 0.07 0.06 0.06 0.04 0.05 0.07 0.07
) NO7L F273L F273M ETH F273N Csp
LA 2/5Q)columnj design | NTH =™ arift [ B.F. | drft | BF. || drift | B.F. | drift | BF. || arift | BF.
W14 || L&UB || 0.006 || 0.004 | 1.46 || 0.004 | 1.46 || 0.006 | 1.08 || 0.007 | 0.98 | 0.004 | 181 || 0.004] L85
b o-ctord 24 | L&UB | 0.007 [ 0.005 | 1.46 0,005 | 1.46 | 0.006 | 1.09 |[0.007 | 0.98 |[0.004] 1.79 |[0.004 | 1.83
w30 || L&UB | 0.007 || 0.005 | 1.48 || 0.005 | 1.48 || 0.006 | 1.13 || 0.007 | 0.99 |[ 0.004 | 1.84 || 0.004 | 1.87
w36 || L&UB | 0.007 || 0.005 | 1.44 || 0.005 | 1.44 || 0.006 | 1.10 ][ 0.007 | 0.99 ][ 0.004 | 1.78 ]| 0.004 | i81
m 0.007 ]| 0.005 | 1.46 || 0.005 ] L.46 || 0.006 | 1.10 || 0.007 | 0.98 || 0.004 | 1.81 || 0.004 | 1.84
o 0.0001][0.0001] 0.0174]|0.0001] 0.0174]/0.0000] 0.0226][0.0001 | 0.0033[0.0001 | 0.0250][0.0001 | 0.0246
Cov 0.02 0.01 0.01 0.02 0.00 0.01 0.01
) NO7L F273L F273M ETH F273N Csp
LA 2150 columndesign | NTH = e arift | B.F. | drft | BF. || it | B.F | it | BF. || ot [ BF.
39 ¢ .09 .09 1.08 0.01 137 1.49
and 20 o 0.277 0.277 0.131 0.083 0.331 0.074
story [[Cov 0.25 025 012 0.09 0.04 0.18

Table5-17 Response Spectra Valuesfor Different Damping L evels Specified in FEMA-273

damping, (%) Bs B,
2.0 0.8 0.8
5.0 1.0 1.0
10.0 1.3 1.2

Table5-18 Calculated Response Spectra Valuesfor Different Damping L evels Using
Valuesin FEMA-273

damping, (%) Bs B,

4.3 0.95 0.95
3.6 0.91 0.91
2.3 0.82 0.82
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Median of 0.83x(LA21 ~ LA40): damping 5.0%, 4.3%, 3.6%, and 2.3%
2.2
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Figure5-16 Response Spectra of 5.0%, 4.3%, 3.6%, and 2.3% Damping for FEMA-273

Median of 0.83x(LA21 ~ LA40): damping 5.0%, 4.3%, 3.6%, and 2.3%

Sa, (9)

Tn, (sec)

Figure5-17 Median Response Spectra of 5.0%, 4.3%, 3.6%, and 2.3% Damping for 2%-
In-50-YearsHazard L evel
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Table5-19 Spectral Acceleration Valuesfor 3-Story Buildingswith 5.0% and 4.3%
Damping for 2% in 50 YearsHazard L evel

LA 2/50 | column | design | Period, T, ia at 5'0% Sa at .4'3% ratio, average
amping damping Sasy, / Sau .z
wild LB 1.00 (sec) 1.04 1.07 0.97
UB 0.88 (sec) 1.27 1.32 0.96
W24 LB 1.00 (sec) 1.04 1.07 0.97
3-story UB 0.87 (sec) 1.27 1.32 0.96 0.96
w30 LB 1.00 (sec) 1.04 1.07 0.97
UB 0.86 (sec) 1.31 1.37 0.96
W36 LB 0.99 (sec) 1.04 1.07 0.97
UB 0.84 (sec) 1.34 1.40 0.96

Table5-20 Spectral Acceleration Valuesfor 9-Story Buildings with 5.0% and 3.6%
Damping for 2% in 50 YearsHazard L evel

LA 2/50 | column | design | Period, T, Saat 5'0% Saat 3'6% ratio, average
damping damping Sasy, | Saz e
wid LB 2.45 (sec) 0.45 1.07 0.93
UB 2.16 (sec) 0.54 1.32 0.94
W24 LB 2.47 (sec) 0.45 1.07 0.93
9-story UB 2.18 (sec) 0.53 1.32 0.94 0.93
w30 LB 2.44 (sec) 0.46 1.07 0.93
UB 2.18 (sec) 0.53 1.37 0.94
w36 LB 2.47 (sec) 0.45 1.07 0.93
UB 2.18 (sec) 0.53 1.40 0.94

Table5-21 Spectral Acceleration Valuesfor 20-Story Buildings with 5.0% and 2.3%
Damping for 2% in 50 YearsHazard L evel

0 0, i
LA 2/50 | column | design | Period, T, Sa at 5'0A) Saat .2'3/° ratio, average
damping damping Sasy, / Sas sy
wl4 L&UB 3.47 (sec) 0.26 0.29 0.90
] w24 L&UB 3.43 (sec) 0.27 0.29 0.90
20-story 30 [ LeUB | 343 (sec) | 0.27 0.29 0.90 0.90
w36 L&UB 3.46 (sec) 0.26 0.29 0.90
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Table5-22 Drift and Variance Valuesfor Different AnalysisMethodsUsing LA 2% in 50
Year Hazard Level After Corrections

A 250 colum] design]] T —NOT-LSP F273LSP || NovWAP | ForaiDe THP F273NSP_||CsP-NSP
drift B.F. drift B.F. drift B.F. drift B.F. drift B.F. drift B.F. drift B.F.
Wi | LB ]| 0.030 0.030| 10O || 0.046] 065 || 0.039] 0.77 | 0.036| 0.83 | 0.032] 0.94 || 0.033| 091 || 0.022 | 136
uB | 0.027] 0.030] 091 || 0.045] 060 || 0.031] 088 || 0.033] 083 || 0.031] 089 || 0.034] 081 || 0.002] 123
w24 | LB || 0029 0.030 | 0.96 || 0.046 | 0.62 || 0.041| 0.70 || 0.037 | 0.78 | 0.032| 0.90 || 0.033| 0.88 || 0.021 | 1.34
. uB | 0.025] 0.030] 083 || 0.045] 055 || 0.031] 080 || 0.032] 078 || 0.031] 081 || 0.032] 077 | 0.001| 118
W30 | LB || 0.028]0.030 | 0.94 || 0.043 | 0.65 || 0.041| 0.69 || 0.037 | 0.76 | 0.032| 0.87 || 0.039| 0.73 || 0.021 | 136
uB || 0.024] 0.030| 0.81 || 0.037| 065 | 0.030| 081 | 0.032| 0.76 | 0.030| 0.81 | 0.008| 0.88 | 0.017| 140
w36 | LB || 0.028[0.030 | 0.94 | 0.044| 064 || 0.040| 0.71 | 0.037 | 0.77 | 0.033| 0.86 || 0.032| 0.88 || 0.021| 138
uB || 0.024] 0.030| 081 || 0.037| 065 || 0.028| 087 || 0.031| 0.78 | 0.031| 0.79 | 0.028| 0.87 | 0.018| 1.36
m 0027 0.030] 0.90 || 0.043| 063 || 0.035] 0.78 || 0.034| 0.79 | 0.031 0.86 || 0.032[ 0.84 | 0.020 | 133
o 0.0022][0.0000] 0.0742][ 0.0036 | 0.0358]| 0.0056| 0.0741|| 0.0026] 0.0283|| 0.0011| 0.0499][0.0034] 0.0636]|0.0018] 0.0785
cov 0.08 0.08 0.06 | 0.10 0.04 0.06 0.08 0.06
) NO7-LSP F273LSP || N97Z-MAP || F273.LDP LTHP F273NSP || CSP-NSP
LA 2/5q columny design)| NTH =™ ™o e~ | BE. || drift | BF. | dnft | BF | ot | BF. || drit | BF. | dnft | BE.
Wi | LB ]| 0.036] 0.030| 120 || 0.045] 0.80 || 0.038| 0.95 | 0.034| L.06 || 0.040] 0.91 || 0.039 | 092 | 0.025 | 142
uB | 0.036] 0.030] 119 || 0.038] 094 || 0.020] 123 [ 0.028| 1.28 || 0.037| 097 || 0.034] 104 | 0.002| 165
W24 | LB || 0.034[ 0.030| 114 || 0.045] 0.77 || 0.036 | 0.95 | 0.032| .07 || 0.039] 0.88 || 0.033 | 0.89 || 0.023 | 149
. uB || 0.033] 0.030] 1.10 || 0.039| 0:84 | 0.029| 113 || 0.029| 1.13 | 0.036| 0.92 | 0.083] 1.00 || 0.001| 154
W30 | LB || 0.035[ 0.030 | 1.16 || 0.044 | 0.80 || 0.036 | 0.97 || 0.031| .12 | 0.039| 0.89 || 0.040 | 0.87 || 0.025| 1.40
uB || 0.032] 0.030| 107 || 0.039] 0.82 [ 0.029| 111 || 0.028| 115 || 0.036 | 0.90 | 0.029| 110 | 0.001] 151
W36 | LB || 0.034[ 0030 | 1.13 | 0047 | 0.73 || 0.036| 094 | 0.032| 106 | 0.039| 087 | 0.041| 083 | 0.025| 135
uB || 0.034] 0.030] 112 || 0.040| 084 || 0.029| 116 || 0.028| 1.20 | 0.036| 0.93 || 0.035] 095 [ 0.022| 1.50
m 0.034] 0.030| 114 || 0.042| 082 [ 0.033| 105 [[0.030| L13 | 0.038 [ 0.91 || 0.036[ 095 || 0.023 | 148
G 0.0013][0.0000] 0.0447][0.0032] 0.0623|| 0.0041 0.1172|| 0.0023| 0.0774]|0.0016 0.0323][0.0041| 0.0933][0.0018 0.0959
cov 0.04 0.04 0.08 011 0.07 0.04 0.10 0.06
) N97-LSP F273LSP || N97Z-MAP || F273.LDP LTHP F273NSP || CSP-NSP
LA 2I5Q)columnf design)| NTH =™ ™o arit [ BF. | drit | BF. || drit | BF. | drt | BE. | drt | BE. | it | BE.
Wi4 || L&UB | 0.024 ] 0.018 | 1.34 || 0.024] 099 || 0.022| 110 || 0.024] 101 | 0.026] 0.92 || 0.029] 0.82 || 0.018 | 132
ho-sion| W24 || L&uB | 0.024 ] 0.018 | 134 | 0.025| 0.96 |[0.022 | 110 | 0.024| 101 |0.027] 09 |[0.028] 085 [0.018 | 1.3
w30 || LeUB || 0.024 || 0.018 | 1.36 | 0.025] 097 || 0.022 | 111 | 0.024 | .02 | 0.027 | 0.90 || 0.028 ] 0.86 | 0.018 | 1.36
w36 || LeuB | 0.024 ][ 0.018 | 1.34 ][ 0.025 ] 096 ][ 0.022 | .10 || 0.024] 1.00 | 0.027] 0.89 | 0.030] 0.81 || 0.018| 133
m 0.024 [ 0018 | 1.35 || 0025 097 [[0.022] 1.10 || 0.024 101 | 0.027| 090 | 0.020| 084 || 0.018 | 134
G 0.0002]| 0.0000] 0.0087]| 0.0004] 0.0173|| 0.0000] 0.0071]| 0.0000] 0.0065]| 0.0003| 0.0100]|0.0007] 0.0243]|0.0002| 0.0180
cov 0.01 0.01 0.02 0.01 0.01 0.01 003 0.01
) N97-LSP F273LSP | NO97Z-MAP || F2/3.LDP LTHP F273NSP || CSP-NSP
LA 2/5q columny design)| NTH =™ e~ | BE. || drift | BF. | dnft | BF | ot | BF. | drit | BF. | drft | BE.
39 | & 113 0.81 0.98 0.98 0.89 0.88 138
and 20 o 0192 0.148 0.164 0.154 0.040 0.083 0.100
story [Cov 017 0.18 017 0.16 0.05 0.10 007
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Table5-23 Drift and Variance Valuesfor Different Analysis MethodsUsing LA 50% in 50
Year Hazard Level After Corrections

7 2750 coumn] design]] et |—NOT-LSP F27315P || NorAP NG7-LTH F273NsP | CsPNsP
drift B.F. drift B.F. drift B.F. drift B.F. drift B.F. drift B.F.
Wia | LB | 0009] 0.009| 103 |[0.009] 103 || 0.008] 110 || 0.009] L.00 || 0.007 | 1.35 || 0.006 | 155
uB || 0.007 ]| 0.009 | 0:84 | 0.009| 0:84 | 0.008] 0.90 || 0.008| 0.88 || 0.007 | 1.08 || 0.006 | 1.25
w24 | LB || 0,007 0.009| 0.84 || 0.009 | 0.84 || 0.008 | 0.89 || 0.009 | 0.83 || 0.007 | .10 || 0.006 | 1.25
- uB || 0.006]| 0.009 | 0.72 | 0.009| 0.72 | 0.008| 0.77 || 0.008| 0.75 || 0.007 | 0.94 || 0.006 | 1.00
w30 | LB || 0.007 | 0,009 | 0.83 || 0.009 | 0.83 || 0.008 | 0.89 | 0.009 | 0.82 || 0.007 | .08 || 0.006 | 1.28
uB || 0.006 ]| 0.007 | 092 | 0.007 | 0.92 | 0.006| 0.98 || 0.007| 0.84 || 0.006 | 1.08 || 0.005 | 1.28
w36 | LB || 0.007| 0.009| 0.86 || 0.009 | 0.86 || 0.008 | 0.92 || 0.009 | 0.83 || 0.007 | 1.13 || 0.006 | L.31
uB || 0.006 || 0.007 | 094 | 0.007 | 0.94 | 0.006] 1.00 || 0.008| 0.83 || 0.006 | 1.09 || 0.005 [ 1.28
0 0.007 | 0.008 | 0.87 || 0.008 | 0.87 | 0.008 | 0.93 | 0.008 | 0.85 || 0.006 | L. || 0.006 | 1.29
o 0.0009| 0.0009] 0.0931]|0.0009] 0.0931]| 0.0008| 0.0993|| 0.0006] 0.0713|[0.0004| 0.1130][0.0004| 0.1259
Cov 0.13 011 011 011 0.08 0.10 0.10
) NO7-LSP F273LSP || N97-MAP NO7-LTH F273NSP || CSP-NSP
LA 2/50 columnf design|| NTH =™ T8 F 1 ant | BF. || arift | BE. || drift | BE. || ot | BE || dift | BF.
Wia | LB | 0009|0008 113 |[0.008] 113 |[0.010] 0:85 || 0.008] 1.06 || 0.006 | 1.47 || 0.005 165
uB || 0.008] 0.007 | 111 | 0.007| 1.11 | 0.008] 0.98 || 0.008| 1.05 || 0.006 | 1.39 || 0.005 | 156
w24 | LB || 0,008 0.007| 110 | 0.007 | 110 || 0.010| 0.82 | 0.008 | 0.99 || 0.006 | 1.42 || 0.005 | L.60
oy uB || 0,007 0.007 | 1.00 || 0.007 | 1.00 | 0.008] 0.90 || 0.008| 0.93 || 0.006 | 1.25 || 0.005 | 1.40
W30 | LB || 0,008 0.007| 110 || 0.007 | 110 || 0.010 | 0.82 || 0.008 | .00 || 0.006 | .42 || 0.005 | 1.59
uB || 0.007 ]| 0.007 | 0.99 | 0.007 | 0.99 | 0.008] 0.90 || 0.008| 0.94 || 0.006 | 1.25 || 0.005 | 1.40
w36 | LB || 0,008 0.008 | 1.04 || 0.008 | 1.04 || 0.010 | 0.81 || 0.008 | 0.98 || 0.006 | 1.35 || 0.005 | 1.53
uB || 0.007 || 0.007 | 099 | 0.007 | 0.99 | 0.008] 0.91 [ 0.008| 0.95 || 0.006 | 1.24 || 0.005 [ 1.39
0 0.008 || 0.007 | 1.06 || 0.007 | 106 || 0.009 | 0.87 || 0.008 | 0.99 | 0.006 | 1.35 || 0.005 152
o 0.0005]|0.0002| 0.0597||0.0002] 0.0597]| 0.0011| 0.0597|| 0.0003] 0.0460][0.000| 0.0906][0.0001| 0.1015
Cov 0.07 0.06 0.06 0.07 0.05 0.07 0.07
) NO7-LSP F273LSP || N97-MAP NO7-LTH F273NSP || CSP-NSP
LA 2/50jcolumnjj design|| NTH === e—"arikt | BE. | arift | BF. | drt | BF. || it | BF. | drft | BF.
W14 || L&UB ]| 0.006 || 0.007 | 1.00 || 0.007 | 1.00 || 0.006 | 1.08 || 0.006] 1.09 || 0.003] 2.02 || 0.003] 2.05
.o 24 | L&UB 0,007 (0007 | 1.01 | 0.007 | 101 | 0006 1.09 |'0.006] 1.09 [ 0.003] 1.99 ['0.003] 2.3
w30 || L&UB || 0.007 | 0.006 | 1.06 || 0.006 | 1.06 || 0.006 | 1.13 | 0.006 | 1.09 || 0.003 | 2.04 | 0.003| 2.08
w36 || L&UB]| 0,007 ]| 0.007 | 1.02 || 0.007 | 1.02 || 0.006 | 1.10 | 0.006 ] 1.10 || 0.003] 1.98 || 0.003] 2.02
m 0.007 | 0.006 | .02 || 0.006 | 102 || 0.006 | L.10 || 0.006 | L.09 || 0.003 | 201 || 0.003| 2.05
o 0.0001| 0.0000] 0.0287||0.0000] 0.0287]| 0.0000] 0.0226|| 0.0001 | 0.0036/[0.0001| 0.0278][0.0001| 0.0273
cov 0.02 0.03 0.03 0.02 0.00 001 0.0L
) NO7-LSP F273LSP || N97/-MAP NO7-LTH F273NSP || CSP-NSP
LA 2/50 columnjj design|| NTH =™ T2 arit | BE. | anift | BF. | drt | BF. | it | BF. | dit | BF.
390 | U 0.98 0.98 0.97 0.98 149 162
and 20 o 0.103 0.103 0.118 0112 0.397 0.337
story [ Cov 0.10 0.10 0.12 011 027 021

5.7.8

Other Uncertainties

Uncertainties in live load and material properties were also investigated. However, they
were neglected since the variances are small.

Initially, an uncertainty value of 0.25 was assigned with engineering judgment to account for
the fact that the time history method is not perfect. However, this value is changed due to the
reasons described in the following section.
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5.7.9 Coupling and Double Counting of Uncertainties in Capacity and Demand

Careful consideration should be given to the coupling or double counting of uncertainties in
capacity and demand. Particularly, the relationship among the period, bias factors and the
nonlinear time history results should be looked at more closely. A summary of all of the
variables that were covered follows:

Variables 3-story | 9-story | 20-story | Comments
Height dependency was relieved by taking 1.0 second value for each hazard level. Siill
k dependent on site. Can be calculated using Equation 4.7.3-2 or use typical average
value listed in Table 4.7.3-2.
b 10 10 10 Deuded for both demand and capacity
calculations.
Baamping 0.024 0.030 0.034 Calculated using LA 2/50 ground motions.
Calculated using unrotated LA 2/50 ground
Borientation 0.21 0.19 0.26 i g g
Maximum value among the LA 2/50 ground
Banalysis method 0.08 0.10 0.03 motions. g g
To account for imperfectness of nonlinear
Bnh 0.25 0.25 0.25 time history analysis.

Decided by engineering judgment.

For the uncertainties on the demand side, the period depends on the stiffness of the structure
which is related to the analysis method as well as the model in the nonlinear time history method.
Therefore, period, analysis method, and nonlinear time history values are inter-related.
Moreover, the uncertainty due to nonlinear time history should also be height-dependent due to
the uncertainty in stiffness estimation and P-delta effects. Therefore, [3,, which combines the
analysis method with the stiffness of the structure as well as the consideration for the height
dependency is introduced. The values of 0.15, 0.20, and 0.25 are assigned for the Bty for the 3-
story, 9-story, and 20-story buildings, respectively. The variance from the analysis method,
variance due to nonlinear time history model, which includes the stiffness (period) as well as P-
delta effects is listed with the final value of 3,. The Bgr. values listed are corresponding values
from Table 5-22 and Table 5-23. The resulting table is shown in Table 5-24.

On underestimating the P-delta effect, lower demand and higher capacity results are
expected. Therefore, demand and capacity are not independent but have a negative correlation.
After a few long meetings and discussions, a procedure for treating the demand uncertainty
marginally, and adding the 2 p Bq4q Bed to the capacity variance (BUiz), was adopted (Cornell,
1999). For simplicity and conservatism, this negative correlation was assumed to be perfect. It
was decided that, because of the uncertainty in capacity is zero due to stiffness, the dependents
for both demand (B44) and capacity (Bcq) are those for the nonlinear time history only. Therefore,

\20 LB\qy should be added to the uncertainty in global capacity. Since p for perfectly negative

correlation is -1, the additional uncertainty becomes V2 By - The period of global stiffness

was set to zero since the stiffness should affect absolute drift demand but not drift capacity,
because this is dominated by P-delta, which depends on the drift level, not the stiffness.
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Therefore, the variance in the global capacity is in the form

B, = \/IBUiZ + IBUdZ = \/IBUiZ +20p By By = \/3 EBNTH2 = \EEBNTH (5-26)
where:
Bui = independent part of uncertainty
Bud = dependent part of uncertainty

Bda = dependent part of demand
Bea = dependent part of capacity

and the variances are as follow:

3-story 9-story 20-story
Bt 0.15 0.20 0.25
B 0.26 0.35 0.43

Therefore, 3 values for uncertainties and randomness that will be used for the evaluation
process are given in Table 5-25.

A summary of all performance evaluation coefficients and bias factors for new and existing
buildings is given in Appendix B. There are some other minor differences between the
Guidelines and this State of the Art Report. A complete documentation of this information is
given in Yun and Foutch (2000).

5.8 Implication for Evaluation of Existing Buildings

Using this same approach, it is possible to perform an evaluation of the expected
performance of existing damaged or undamaged buildings. An analytical model can be
constructed of the building in the damaged or undamaged state, and an analysis performed for
the ground motion corresponding to various hazard levels. By interpolation, it should be
possible to find the hazard level ground motion likely to result in exceedance of the Collapse
Prevention performance level at various levels of confidence, and which can be reported as the
performance capability of the structure. If there is insufficient confidence that a damaged
structure will provide Collapse Prevention performance at a suitable ground motion exceedance
probability, then a decision could be made to “red-tag” the building. This is discussed in detail
in Chapters 8 and 9. Examples are presented in Appendix A.

5.9 Evaluating the Relative Effect of Reducing the Uncertainty in Various
Design Parameters from a Safety and Reliability Point of View

The reliability of the building systems in general can be improved by increasing the mean
capacity against the limit state and/or reducing the uncertainty in the capacity. The increase in
mean capacity can be achieved by more stable configuration, more redundancy of the systems,
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and stronger and stiffer components, including connections, against overload and low-cycle
fatigue failures. This increase would result in lower response at each level and hence lower limit
state probability.

In view of the practical difficulty in enforcing reduction in resistance and modeling
uncertainty, and in view of the relatively small impact on structural reliability, emphasis should
be on increasing the capacity or decreasing the demand. The latter is accomplished by making
the building stiffer. The relative effect of various improvement measures on the safety and
reliability of the building can be evaluated by comparing the change in the long-term reliability
to the different improvement measures. A sensitivity analysis may be carried out for this
purpose to rank the improvement measures at each level.

Table5-24 3,Valuesfor Different Analysis Procedures

3-story

Analysis Ber. Bnrh Ba

Procedure 2/50 50/50 2/50 50/50 2/50 50/50
97 NEHRP-LSP 0.08 0.11 0.15 0.15 0.17 0.18
F273-LSP 0.06 0.11 0.15 0.15 0.16 0.18
F273-MAP 0.04 0.11 0.15 0.15 0.15 0.18
Linear-THP 0.06 0.08 0.15 0.15 0.16 0.17
F273-NSP 0.08 0.10 0.15 0.15 0.17 0.18
CSM-NSP 0.06 0.10 0.15 0.15 0.16 0.18
9-story

Analysis Be.r. BrrH Ba

Procedure 2/50 50/50 2/50 50/50 2/50 50/50
97 NEHRP-LSP 0.04 0.06 0.20 0.20 0.20 0.21
F273-LSP 0.08 0.06 0.20 0.20 0.21 0.21
F273-MAP 0.07 0.04 0.20 0.20 0.21 0.20
Linear-THP 0.04 0.05 0.20 0.20 0.20 0.21
F273-NSP 0.10 0.07 0.20 0.20 0.21 0.21
CSM-NSP 0.06 0.07 0.20 0.20 0.21 0.21
20-story

Analysis Ber Burh Ba

Procedure 2/50 50/50 2/50 50/50 2/50 50/50
97 NEHRP-LSP 0.01 0.03 0.25 0.25 0.25 0.25
F273-LSP 0.02 0.03 0.25 0.25 0.25 0.25
F273-MAP 0.01 0.03 0.25 0.25 0.25 0.25
Linear-THP 0.01 0.00 0.25 0.25 0.25 0.25
F273-NSP 0.03 0.01 0.25 0.25 0.25 0.25
CSM-NSP 0.01 0.01 0.25 0.25 0.25 0.25
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Table5-25 Summary of Uncertaintiesand Randomnessto be used for the
Evaluation Process

Randomness Uncertainty
Brc = 0.20 BUC =0.25

Capacity:

Local

Capacity: Brc = standard c= 3L

Global deviation of log of Py P
the calculated drifts
from Incremental
Dynamic Analysis
(IDA)

Demand Bro = standard Bnth = associated with uncertainties in the
deviation of log of nonlinear time history analysis procedure
the calculated drifts (0.15, 0.20 and 0.25 for 3-story, 9-story
from time history and 20-story, respectively)

analysis for a
hazard level

Boi = associated with
orientation of the

Bc.s. = associated with uncertainty in the bias
factor which is quite small
Bdamping = associated with uncertainty in the

structure to the estimating the damping value of the
ground motion structure which is quite small. Therefore,
Bdamping =0.0

Bive oad = a@ssociated with uncertainty in live
load applied which is quite small.
Therefore, Biive 10ad = 0.0

Bmaterial property = associated with uncertainty in
material property which is quite small.
Therefore, Bmaterial property = 0.0

5-45



Performance Prediction and Evaluation of FEMA-355F
Steel Moment-Frame Buildings Chapter 6: Performance Evaluation for New Buildings

6. PERFORMANCE EVALUATION FOR NEW BUILDINGS

6.1 Introduction

This chapter provides criteriafor evaluating the expected performance of a new moment-
resisting frame building. Two performance levels are considered: Collapse Prevention (CP), and
Immediate Occupancy (10). The damage associated with these performance levelsis givenin
Chapter 5. A load and resistance format is used for the acceptance criteria. The level of
confidence that a building will satisfy the performance objective is also estimated.

Performance evaluation should be a part of the design process for al new buildings. Thisis
discussed to some extent in Chapter 2. This should cover all levels of performance from fully
operational, where no structural or nonstructural damage is expected to occur, to collapse
prevention, where no local or global collapse occurs, but the building will be afinancial ruin. As
discussed in Chapter 2, the leadership on the SAC project decided that the scope of the project
included a range of performance between immediate occupancy with limited structural damage
(10) toincipient collapse (CP).

6.2 Performance Levels

Two performance levels are defined Collapse Prevention and |mmediate Occupancy.

The Collapse Prevention (CP) structural performance level is defined as the post-earthquake
damage state in which a structure is on the verge of experiencing either local or total collapse.
Substantial damage to the building has occurred, including significant degradation in strength
and stiffness of the lateral-force-resisting system, large permanent deformation of the structure,
and possibly some degradation of the gravity-load-carrying system. However, all significant
components of the gravity-load-carrying system must continue to be functional. For this
performance level it is expected that the building may be atotal financial loss and that
occupancy of the building before extensive repairs are made will not be permitted. Specific
criteriaare given in Chapter 5.

The Immediate Occupancy (10) structural performance level is defined as the post-
earthquake damage state in which only slight structural damage has occurred. Damage is
anticipated to be so dlight, that if not found during inspection, there would be no cause for
concern. The basic vertical and lateral-load-carrying systems still have most, if not all, of their
strength and stiffness. Buildings meeting this performance level should be safe for occupancy
immediately after the earthquake, presuming that damage to nonstructural componentsis light
and utility serviceisavailable. Specific criteriaare given in Chapter 5.

Maximum interstory drift angle at any story will be the primary design parameter used to
determine if the damage states related to connection fractures, loss of the gravity-load-carrying
ability of connections, buckling of beam and column flanges, permanent lateral drift, and global
instability states are exceeded. Column axial force and moment will be the design parameters
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used to determine if the column buckling or column splice fracture damage states have been
exceeded. Additional information on performance is given in Chapter 5.

As mentioned in the previous section and discussed more thoroughly in Chapter 2, protection
of nonstructural systemsis not in the scope of the SAC project. However, it should be a part of
any performance evaluation. The performance level might be labeled as operational. Thisis
discussed in great length, and recommendations are given in Vision 2000 (1995) and FEMA-273
(FEMA, 1997). The expectation for this performance level is that there will be no structural
damage since elastic responseisrequired. Only minimal nonstructural damage would occur.

Full operation of the building would be expected after checking on the operation of the
mechanical and electrical systems. A reasonable interstory drift demand limitation in the range
of 0.003 to 0.005 might be appropriate. The hazard level of 50/30 and a 90% confidence level of
achieving this performance level should be specified.

6.3 Seismic Hazard and Design Spectra
6.3.1 Design Spectral Accelerations for Linear Static Procedures

The recommended design elastic response spectrum accel erations and other seismic demand
characterizations are those given in Chapter 3. They are similar to those given in the 1997
NEHRP Provisions with some important exceptions.

The 1997 NEHRP Provisions specify that the short-period and one-second period spectral
accelerations, Sps and Sp;, are determined by multiplying the Sys and Sy spectral accelerations
by 2/3 to account for the expected overstrength of about 1.5. The 2/3 factor is changed to 1.0 for
performance evaluation. The overstrength is accounted for on the capacity side of the equation
as discussed in Chapters 3 and 5. Additional information is given in Chapter 5.

6.3.2 Earthquake Accelerograms for Time-History Analysis

It is recommended that seven to ten accelerograms be used for performance evaluation.
Where possible, accelerograms from actual earthquakes recorded in the same geographic
location and with magnitudes consistent with the hazard level under consideration be used. The
USGS has avery large database of recorded earthquake accelerograms available on CD ROM
that can be obtained at a modest fee (Seekins, et al., 1998).

Once the accelerograms are selected, they must be scaled to be consistent with the hazard
level under consideration. Thefirst step isto construct the NEHRP design spectrum for the
hazard level and site conditions. There are several methods for scaling accelerograms. Two
methods are described in Chapter 4.

6.3.3 Concurrence of Seismic Ground Motions

In codes prior to 1994, the building’ s response to shaking in the direction under
consideration was required to be combined with 30% of the response to shaking in the
orthogonal direction. Thisisdone in the following manner. Assume that the building has two
orthogonal axes of orientation in the N-S and E-W directions. Usually the structural systems
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carrying lateral loads in each direction are considered independently. So, the base shear in the
N-Sdirection is distributed to the N-S frames according to their stiffness. However, these N-S
forces cause torsion of the building even if only accidental torsion is present. The twisting of the
building due to this torsion cause forces to develop in the E-W frames. The maximum responses
in the N-S and E-W directions do not occur simultaneously. Asaresult, only 30% of the forces
in the E-W frames caused by torsion induced by the N-S seismic forces are considered Thisis
very important for buildings that have atorsional irregularity as defined in the NEHRP
Guidelines. For some unknown and/or unstated reason, this was dropped from all current codes.

Results from SAC studies (Krawinkler, 2000) indicate that predictions of torsional motions may
be grossly under-predicted without this term for buildings with torsional asymmetries. This
30%-rule should be required for buildings with plan irregul arities as defined in the 1997 NEHRP
Provisions and recommended for regular buildings.

6.4 Performance Evaluation
6.4.1 Performance Evaluation Process for New Buildings

The specific criteriafor performance evaluation will be determined by the design
professional in consultation with the owner and building authorities. This requires the selection
of a performance objective and a degree of confidence in achieving the performance objective.
For new design, the recommended performance objective is Collapse Prevention (CP) for the
seismic hazard which has only a 2% probability of being exceeded in 50 years (2/50 hazard).
The CP performance level is defined by a maximum design drift capacity, C, times aresistance
factor, @. The design capacity and resistance factor are given in Table 6-1 for each connection
type that has been tested for the SAC project (Roeder, 2000). The procedure required for
determining capacity for other connection typesis given in Section 5.6.1.

For the Collapse Prevention performance level, the desired performance is to prevent global
or local collapse. Global collapse is assumed to have occurred when the numerical calculation of
dynamic response becomes unstable or a drift of 10% in any story has been reached (Y un and
Foutch, 1999). Local collapse is assumed to have occurred when the rotation at each end of a
girder is so large that the gravity-load-carrying capacity islost. Methods for determining these
capacities for connections not tested for the SAC project are given in Section 5.6.1.2. Additional
requirements are given in Chapter 5.

The resistance factor, @, isafunction of the randomness in the ground motions and the
uncertainty in the connection performance. The development of ¢ for connections not tested for
the SAC project isdescribed in Section 5.6.1. Additional information is given in the Sate of the
Art Report on Connection Performance (Roeder, 2000).

The seismic demand is determined by multiplying the median estimate of the seismic
demand, D, by a general demand factor, y, and an analysis demand factor, y.. The demand, D,

is calculated as the product of the maximum story drift, 6, and the bias factor, Cg: D =6,,Cs,
The bias factor is dependent on the analysis procedure used to calculate 6,,. Vaues of Cgand y,
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aregiven in Table 4-8 and Table 5-4. Methods for calculating these factors are given in Chapter
5.

If median values of C and D are used in these eguations in conjunction with the 2/50
hazard, there is a 50% probability of not achieving the performance level. The provisionsfor
new design given in the Guidelines are established such that for the hazard level given by the
USGS maps there is a 95% confidence of less than 2% in 50 year probably of not achieving the
performance level. The calculation of this confidence level is described in the next section.

Although design for the Immediate Occupancy (10) performance level is not required for
new buildings, it is highly recommended. It should also be a part of any performance evaluation.
The IO performance level is assumed to be exceeded, i.e., damage is greater, if there is enough
observable damage to connections that repair is necessary, or if there is a permanent drift
exceeding 0.5% in any story. A more complete description of 10 isgiven in Section 5.2.

Default median capacities and demands, resistance factors and demand factors are also given in
Chapter 5. Methods for determining the load and resistance factors are similar to those used for
the CP performance level and are also given in the corresponding sections below.

The acceptance criteria described in Chapter 5 may be written in equation form as

A, = (6-1)
yy.D
where:
D = estimate of median drift demand
C = estimate of median drift capacity — Table 5-1
(0] = resistance factor — Table 5-1
Y = demand factor — Table 5-4
Ya = analysis demand factor — Table 5-4
Acon = confidence factor — used to determine the confidence level from Table 5-6

D isthe median estimate of the demand drift calculated usi ng the appropriate hazard level
response spectrum and any of the analysis procedures calibrated as part of the SAC project. Any
commonly used structural analysis program may be used to calculate D . Default valuesfor C,
@, Yaand Acon are given in Chapter 5. The default values for the demand factor, y, arelisted in
Table 5-4.

The global and local median collapse drifts are derived for the reduced beam section (RBS)
connection. The default valuesfor ¢, y and Ao, and for parameters given in Table 5-4 and Table
5-6 are based on studies of 20 buildings designed for aLos Angeles site. The buildings had
different configurations and included eight 3-story, eight 9-story, and four 20-story buildings
(Lee and Foutch, 2000). Another variable used in calculating these factors is k, the slope of the
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hazard curve for a 1-second period. A value of k = 3.0 was used, which represents an average of
25 sitesin California. Definitions and calculations for these parameters are given below.

The evaluation of a building designed and built using any of the connections given in Table
6-1 would proceed as follows:

1. Determine Ssand S; for the site from maps or the USGS web site. Determine the design
response spectrum following the 1997 NEHRP Provisions, but replace the 2/3 factor by
1.0 for determining Sps and Sp;.

2. Cadculate the maximum drift demand, 6, using any of the analysis procedures givenin
Table 4-8. The demand drift, D, isthen calculated as

6 = CB em (6-2)
where:
Om = the maximum story drift angle, A, for all stories
Cs = bias factor from Table 4-8

3. Getvauesfor C and ¢ from Table 6-1 for the connection type used and the Performance
Leve of interest.

4. Get value of y, for the height and performance level from Table 5-4. Also, select y for
the CP performance level or for the IO performance level from the table.

5. Calculate Acon using Equation 6-1.

6. Get the Byt valuefrom Table 5-5. Check the confidence level in achieving the
performance objective from Table 5-6. Decide if the confidence is acceptable. If not,
redesign the frame to make it stiffer and, therefore, reduce D.

Procedures for doing more detailed, or customized, application of the basic performance
evaluation are given in Chapter 5. Examples are also given below. A method for calculating
Acon IS givenin Section 3.3.6.

6.4.2 Modeling and Analysis

Analysis procedures recognized by the SAC project are described in Chapter 4.
Recommendations on modeling are also given in Chapter 4.

6.4.3 Example for Performance Evaluation of 3-Story Post-Northridge Building

An exampleisgivenin Appendix A.
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Table6-1 Default Drift Capacities and Resistance Factorsas Limited by L ocal Connection
Response — Ductile Welded Connections

Strength Immediate Occupancy Collapse Prevention
Connection Degl;fﬂf‘f,i?lglgm" Limit Drift Angle | Capacity Limit Drift Angle® | Capacity
Type (radians) (radians) Ridalifgf " (radians) R‘Eiﬁf;'r?”
Osp 0o ) Ocp ®
WUF-B® 0.031-0.0003d, 0.015 0.9 0.060-0.0006 d, 0.9
WUF-W* 0.051 0.020 0.9 0.064 0.9
FF° 0.077-0.0012 d, 0.020 0.9 0.10-0.0016 d, 0.9
RBS® 0..060-0.0003 d, 0.020 0.9 0.08-0.0003 dj, 0.9
0.10-0.0011 d,
WFP’ 0.12-0.023 dy 0.020 0.9 except that should 0.9
used Bgp if w14 or less
End-plate Not pre-qualified for the Guidelines

1. These capacities are for local collapse. For global collapse use C =0.085.

Noahs~wWN

These @factors are for local collapse. For global collapse use = 0.85.
WUF-B: Welded Unreinforced Flange — Bolted connection.

WUF-W: Welded Unreinforced Flange — Welded Web connection.

FF: Free Flange connection.

RBS: Reduced Beam Section connection.
WFP: Welded Flange Plate connection.
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7. PERFORMANCE OF ORDINARY AND PARTIALLY RESTRAINED
STEEL MOMENT FRAMES

7.1 Background

The 1997 NEHRP (FEMA, 1997a) and 1997 UBC (ICBO, 1997) seismic provisions
recognize three classes of steel moment-resisting frame systems. Two of these, Intermediate
Moment Frames (IMF) and Ordinary Moment Frames (OMF), have limited ductility capacity.
The proportioning and configuration of these frames are less restricted than for Special Moment
Frames (SMF). Asaresult, their performance is expected to deteriorate at lower drift levels than
that of an SMF. Thisisaccounted for in design by prescribing a smaller response modification
factor, R, with a corresponding smaller deflection amplification factor, Cy. In addition, there are
restrictions on when and where they can be used.

There are severa frame attributes and design considerations that distinguish the SMF from
the IMF and OMF. These include member flange slenderness ratio (by/2t;), panel zone
requirements, strong-column-weak-beam configurations, and connection type. These issues
were studied by Y un and Foutch (1999). The results of this study and other studies performed
by the SP team are used to develop design guidelines for IMF and OMF buildings.

7.2  Effects of Panel-Zone Strength and Stiffness on Member and Frame
Deformation Demands

The 3-story and 9-story buildings designed according to the 1994 UBC were used for the
study. To investigate the contribution of panel-zone strength to the global and local behavior of
the frame system, different strengths of the panel zone were assigned to panel-zone properties of
the model. The strength requirement of the panel zone presented in the Seismic Provisions for
Structural Seel Buildings (AISC, 1994) isasfollows:

3, 12
R, =060F [ 0 01+ ———|2 (7-1)
d, el
where:
R, = required shear strength of the panel zone, however,

it need not exceed the shear force determined from 0.82 RM,

Panel zone strengths of 0.70M,, 0.80M,, 0.90M,, and 1.00M,, were chosen for the analysis.
Figure 7-1 and Figure 7-2 show the results for the 3-story and the 9-story buildings. The 2%-in-
50-year earthquakes were used as the ground motion input. The average responses for twenty
earthquakes are plotted for comparison.

As expected, it was observed that a gradual transition of the plastic rotations from panel
zones to beams occurs as the strength ratio goes up. Although the global maximum story drifts
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became smaller, the difference was not significant. Since most of the panel-zone strengths of the
original building were higher than 1.00, most of the plastic deformations occurred in the beams.

These results indicate that there is a predictable relationship between story drifts, beam
rotations, and panel-zone rotations depending on the strength ratio of the panel-zone rotation and
the beam plastic-moment capacity. The lack of arestriction on panel-zone strength for ordinary
steel moment framesisinsignificant. For some connections, distortion of the panel zone might
lead to weld fracture. Thisis certainly the case for pre-Northridge connections. Test results
indicate that the total drift isthe most important parameter (Roeder, 2000). For new design, the
drift demands for ordinary frames are small enough that al of the pre-qualified connections will
result in acceptable designs regardless of the ratio of the panel-zone strength to the beam plastic
moment. However, it will be shown in the next section that a height restriction must be placed
on buildings with weak panel zones.

panel zone = story drift =@=@=g= |

3

0 T2 3 , _ 0 1 2 3 4 5 6
max. plastic rotation (%), max. interstory drift (%) max. plastic rotation (%), max. interstory drift (%)

Figure 7-1 1994 UBC 3-Story Building
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7 | | 7
6 : : 6
5 | | 5
4 A ‘ | 4 A
31 ; 3
2 4 : 2
1 : 1
0 A ‘ ‘ i 0
0 1 2 3 4 5 6 0

[o.90mp ]| 81

12 3 4 5 6 © 12 3 4 5
max. plastic rotation (%), max. interstory drift (%) max. plastic rotation (%), max. interstory drift (%)

Figure 7-2 1994 UBC 9-Story Building

0

7.3  Effects of Weak-Column Designs
7.3.1 Background

One of the biggest concerns about OMF is the possibility of using aweak-column-strong-
beam (WCSB) design. The fear isthat aweak story will result in very large drift demands
because all of the deformation and energy dissipation will occur in asingle story or afew stories.
A report by Y un and Foutch (2000) describes results of their investigation of this feature.

Several weak-column buildings were designed for the LA and Seattle sites. Effects of local
buckling of column flanges were also considered. Details and results are reported by Y un and
Foutch (2000). These results and conclusions are summarized in this section.

7.3.2 Features of Weak-Column Designs Used for the Study

The weak-column-strong-beam (WCSB) design procedure was taken for the study of the
ordinary moment frame system as alower bound design. The column-beam moment capacity
ratio specified in the LRFD seismic provision for SMFsis asfollows:

% |\I\j ®>10 (7-2)
pb
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where:

the sum of the moments in the column above and below the joint at
the intersection of the beam and column centerlines. Itis
permitted totake » M. =>Z (F, - PUC/AQ)

the sum of the moment(s) in the beam(s) at the intersection of the
beam and column centerline. \It is permitted to take

; Tl IRM +M ) where My is the additional moment
eto shear amplnylcaflon

Puc = column axial compression force, kips

2 M

2 My,

Thereis no such restriction for OMFs.

A three-story building for Seismic Design Category (SDC) D and 3-story, 9-story, and 20-
story buildings were designed in accordance with the 1997 NEHRP Provisions. They were
designed with a strength ratio of 0.9 for Equation 7-2. Plan and elevation views are the same as
the original SAC buildings except for the 20-story building. For the 20-story building, wide
flange sections replaced the outer columns. This was done so that all the joints were weak
column designs. Plan and elevation views are shown in Figure 7-3. Both of the 3-story
buildings were governed by drift, but the 9- and 20- story buildings were partially governed by
strength and partialy by drift.

For SDC D, the twenty LA ground motions for the 2/50 hazard were used. For SCD C the
LA 10/50 were used but they were scaled to fit a 97 NEHRP spectrum for the 2/50 hazard level
with Ss=0.75gand $; = 0.30 g. These are the maximum valuesfor aSDC C region. The
average response spectrum for the 20 records and the NEHRP design spectrum are shown in
Figure 7-4. Strictly speaking, this 3-story weak-column design would not be allowed at this LA
site because it is slightly too tall. Thisisincluded here to represent an upper bound on the
system.

7.3.3 Evaluation of Response of WCSB Buildings

Even though these were nominally designed as WCSBS, yielding occurred in other elements.
Since there is no requirement on panel zones, no doubler plates were used. Asaresult, the main
plastic deformations formed in the panel zones. Some yielding occurred in the columns of the
SDC D 3-story building, but hinges did not form in the columns. The 20-story building
collapsed for most of the 2/50 ground motions. The 3- and 9-story buildings performed
adequately. The story drift at each level for the 20-story building during a static pushover
analysis shown in Figure 7-5 reveal s the problem with this design. The drift demands for the
middle stories are much higher than those for the rest of the building. Although thisis not
technically a story mechanism, the result is the same. The mechanism isforming over afew
stories.
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Figure 7-3 Plan and Elevation View of the 3, 9, and 20-Story WCSB Buildings

After this, doubler plates were added so that no hinging in the panel zones would occur. In
this case, yielding occurred in the columns. However, in some cases yielding in some beamsin
the outside bays also occurred. The reason for this was the fluctuation of the column axial forces
for the outside columns. Figure 7-6 demonstrates this phenomenon. As the frame movesto the
right, the shear in the left-most girder acts upward and opposes the gravity compression forcein
the column. This changes the ratio in Equation 7-2 which resultsin yielding in the girder.

The results for the column above and below ajoint of the 9-story building are shown in
Figure 7-7. The axial force vs. time for the two columnsis shown in the upper figure. The
moment capacity of the two columns at the joint and the strength ratio at the joint as given by
Equation 7-2 are shown in the plot. The results show that the hinging alternates between the
columns and the adjacent beams. This prevented story mechanisms from forming.
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SDC= C, Stiff Soil : LA 2%in 50yrs.
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Figure 7-4 Average Response Spectrum for 20 Records and the NEHRP Design Spectrum

Next, the plastic moment capacities of the beams were assumed to be strengthened to prevent
them fromyielding. At thispoint, all of the plastic hinges occurred in the columns. The overall
strength of the building was much greater than required for this site. Thus, even though hinges
formed in the columns, the demands were so small that the buildings performed well.

The 9-story building was redesigned with stiff and strong beams and doubler plates.
Although drift governed for most stories, the strength of the columns governed in some cases.

Static pushover results for the two 3-story buildings are shown in Figure 7-8. Pushover
results for the 3-, 9-, and 20-story buildings are shown in Figure 7-9. The vertical distribution of
forces for the pushover analysis was the same as that used for the NEHRP equivalent |ateral
force method. The results for the 3-story buildings clearly show the increase in strength of the
buildings when the panel zones are strengthened. Similar results were also seen for the 9- and
20-story buildings. The pushover result for the 20-story building has a negative slope at the very
low drift of about 0.007 radians, which explainsits poor performance.

After being redesigned with stiff and strong beams and panel zones, the frame is stronger and
stiffer than the original design with weak panel zones. Asaresult, the 9-story building had low
enough demands that there were no collapses, even though story mechanisms occurred.

The effects of moment capacity degradation in the columns due to local buckling were
studied next. The 9-story building with stiff and strong beams and panel zones was used for this
study. Figure 7-10 shows atypical moment vs. plastic-rotation hysteresis behavior for one
column during the earthquake.
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Results are shown in Figure 7-11. The left-most figure shows the ratio of P/P for
compression and P/P, for tension. The solid points are median values and the open symbols are
the maximum values. The axial forces are relatively small, so no problemswill occur. The
plastic rotations and drifts are shown in the middle figure. The median driftsare al below 1.5%.
The maximum drift exceeds 3% at the top of the building, but no collapse occurred. The
median, 84™ and 95™ percentiles of the drift demands are shown in the rightmost figure. These
are well within acceptable limits. A 3-story and 9-story building in SDC C were designed for the
Seattle location. Similar results were found.

story level

1
0.00 0.01 0.02 0.03 0.04 0.05 0.06 0.07
story drift ratio

Figure 7-5 Story Drift Distribution, Static Pushover for 20-Story WCSB Buildings

/{m{ /umu/um
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Figure7-6 Forcesin a Typical Portion of a Frame
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Figure 7-7 Time-History of Capacity, and Capacity Ratio, for 9-Story WCSB Building
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Figure7-8 Static Pushover of 3-Story Buildingsfor Both SDC=D and SDC=C
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Figure7-9 Static Pushover of 3, 9, and 20-Story Buildings for SDC=C
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Figure7-10 Typical Hysteresis Model of Strength-Degrading Column Spring
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Figure 7-11 9-Story WCSB in SDC C with Stiff and Strong Beam and Panel Zone with

Column Spring for LA

7.3.4 Performance Evaluation of WCSB Buildings

Performance evaluations were done for all of the WCSB buildings except for the 20-story
building that collapsed. Valuesfor C, Br, Bu, @ D, Bace, ViBa Ya Acon Buts Kx in LA are givenin
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Table 7-1to Table 7-3. Those in Sesattle are given in Table 7-4 to Table 7-6. Thelocal drift
capacities for the buildings with WCSB configuration are not defined since the beams do not
yield and lose gravity-carrying capacity. These were calculated using the provisions set out in
Chapter 5. The confidence level for CP for the 2/50 hazard and 10 for the 50/50 hazard for all
buildingsis 99%. Thisistrue only if WCSB buildings are limited to 100 feet in height.

Table7-1 CP Confidence Level Against Global Collapsefor LA 2/50 Hazard

C B B ] D Brce Lo y B ¥ Adeon | B Ky C.L.

1997 NEHRP WCSB, SDC= D

3-story ‘ 0.100 ‘ 0.00 ‘ 0.26 ‘ 0.90 | 0.026 | 0.37 ‘ 0.21 ‘ 1.31 ‘ 0.17 | 1.04 ‘ 2.54 ‘ 0.10 ‘ 3.46 | 99%

1997 NEHRP WCSB, SDC=C

3-story 0.100 0.01 0.26 0.90 0.011 0.39 0.00 1.26 0.17 1.04 6.26 0.10 6.37 99%

9-story 0.091 0.12 0.35 0.82 0.016 0.22 0.00 1.08 0.20 1.06 4.07 0.16 4.11 99%

20-story Collapse

1997 NEHRP WCSB, SDC= C : with very stiff beams

9-story ‘ 0.097 ‘ 0.08 ‘ 0.35 ‘ 0.83 | 0.015 | 0.24 ‘ 0.00 ‘ 1.09 ‘ 0.20 | 1.06 ‘ 462 ‘ 0.16 ‘ 443 | 99%

Table7-2 10 Confidence Level for LA 50/50 Hazard

C B B ] D Brce Lo y B ¥ Aon | B Ky C.L.

1997 NEHRP WCSB, SDC= D

3-story ‘ 0.045 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.005 | 0.67 ‘ 0.00 ‘ 1.95 ‘ 0.18 | 1.05 ‘ 3.76 ‘ 0.09 ‘ 4.76 | 99%

1997 NEHRP WCSB, SDC=C

3-story 0.014 0.20 0.25 0.86 0.003 0.41 0.00 1.29 0.18 1.05 2.96 0.09 3.98 99%

9-story 0.014 0.20 0.25 0.86 0.004 0.44 0.00 1.34 0.21 1.07 1.90 0.11 2.46 99%

20-story 0.033 0.20 0.25 0.86 0.002 0.39 0.00 1.25 0.25 1.10 8.59 0.13 6.61 99%

1997 NEHRP WCSB, SDC= C : with very stiff beams

9-story ‘ 0.014 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.004 | 0.44 ‘ 0.00 ‘ 133 ‘ 0.21 | 107 ‘ 2.16 ‘ 0.11 ‘ 2.85 | 99%
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Table 7-3 CP Confidence Level Against Global Collapsefor LA 50/50 Hazard

C B A ] D Brce Lo y y:3 ¥ Aeon | B Ky C.L.

1997 NEHRP WCSB, SDC= D

3-story ‘ 0.100 ‘ 0.00 ‘ 0.26 ‘ 0.90 | 0.005 | 0.67 ‘ 0.00 ‘ 1.95 ‘ 0.18 | 1.05 ‘ 8.81 ‘ 0.10 ‘ 7.36 | 99%

1997 NEHRP WCSB, SDC=C

3-story 0.100 0.01 0.26 0.90 0.003 0.41 0.00 1.29 0.18 1.05 22.3 0.10 10.3 99%

9-story 0.091 0.12 0.35 0.81 0.004 0.44 0.00 1.34 0.21 1.07 1.7 0.17 6.65 99%

20-story Collapse

1997 NEHRP WCSB, SDC= C : with very stiff beams

9-story ‘ 0.097 ‘ 0.08 ‘ 0.35 ‘ 0.82 | 0.004 | 0.44 ‘ 0.00 ‘ 1.33 ‘ 0.21 | 1.07 ‘ 14.4 ‘ 0.17 ‘ 7.15 | 99%

Table 7-4 CP Confidence Level Against Global Collapse for SE 2/50 Hazard

C B A ] D Brce Lo y y:3 ¥ Aeon | B Ky C.L.

1997 NEHRP WCSB, SDC=C

3-story 0.099 0.03 0.26 0.93 0.011 0.28 0.00 1.08 0.17 1.03 7.55 0.10 6.81 99%

9-story 0.092 0.11 0.35 0.88 0.014 0.32 0.00 1.1 0.20 1.04 4.99 0.16 4.40 99%

20-story Collapse

1997 NEHRP WCSB, SDC= C : with very stiff beams

9-story ‘ 0.077 ‘ 0.24 ‘ 0.35 ‘ 0.84 | 0.014 | 0.44 ‘ 0.00 ‘ 1.21 ‘ 0.20 | 1.04 ‘ 3.64 ‘ 0.16 ‘ 3.62 | 99%

Table7-5 10 Confidence Level for SE 50/50 Hazard

C B A ] D Brce Lo y y:3 ¥ Aon | B Ky C.L.

1997 NEHRP WCSB, SDC=C

3-story 0.014 0.20 0.25 0.90 0.003 0.39 0.00 1.16 0.18 1.03 3.62 0.09 4.49 99%

9-story 0.014 0.20 0.25 0.90 0.005 0.28 0.00 1.08 0.21 1.05 2.49 0.11 3.12 99%

20-story 0.033 0.20 0.25 0.90 0.002 0.25 0.00 1.07 0.25 1.06 12,5 0.13 7.50 99%

1997 NEHRP WCSB, SDC= C : with very stiff beams

9-story ‘ 0.014 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.004 | 0.32 ‘ 0.00 ‘ 1.11 ‘ 0.21 | 1.05 ‘ 2.66 ‘ 0.11 ‘ 3.33 | 99%
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Table 7-6 CP Confidence Level Against Global Collapse for SE 50/50 Hazar d

c B | A 9 D | Be | B y | A& %o| Ao | B | K | CL.
1997 NEHRP WCSB, SDC= C
3story | 0.099 | 003 | 026 | 093 | 0003 | 039 | 000 | 116 | 018 | 103 | 256 | 0.10 | 107 | 99%
9story | 0092 | 011 | 035 | 087 | 0005 | 028 | 0.00 | 108 | 021 | 105 | 1582 | 047 | 7.17 | 99%
20-story Collapse
1997 NEHRP WCSB, SDC= C : with very stiff beams
9-story ‘ 0.077 ‘ 0.24 ‘ 0.35 ‘ 0.84 | 0.004 | 0.32 ‘ 0.00 ‘ 1.11 ‘ 0.21 | 1.05 ‘ 136 ‘ 0.17 ‘ 6.79 | 99%

7.3.5 Summary of Results for WCSB Buildings

Except for the 20-story building, all of the WCSB buildings designed in accordance with the
1997 NEHRP Provisions satisfied the SAC performance objectives for CP and 10. Asaresult,

no further restrictions are required for these buildings.

The 20-story WCSB building designed in accordance with the 1997 NEHRP Provisions

collapsed when subjected to LA and Seattle 2/50 ground motions. Asaresult, itis
recommended that WCSB designs be restricted to 100 feet in height. This restriction also
applies to weak-panel-zone designs which behave like frames with weak columns. Since the 9-
story frames demonstrate adequate behavior, this restriction could be raised.

7.4

Ordinary Moment Frame Buildings with Partially Restrained Connections

7.4.1 Background

Partially Restrained (PR) connections occur in those steel moment framesin which the

strength and stiffness of the frame is strongly influenced by the strength and the stiffness of the
connection. PR connections are permitted in both Intermediate and Ordinary Moment Frames.

PR connections may be partia stiffness, partial strength, or both. Partia stiffness PR
connections are somewhat flexible. That is, significant rotation may occur in the connection

before the connection develops its ultimate resistance. Connection flexibility of PR connections

varies greatly asillustrated in Figure 7-12. PR connections can be categorized into stiff PR

connections, PR connections with intermediate stiffness, and flexible PR connections. Details
on each of the connection typesin each category and the behavior of them can be found in the
State of the Art Report on Connection Performance (Roeder, 2000). T-stub connections, which

are in the intermediate category, have been investigated for this study, and a summary of the
results are given in this section.
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300
Welded Flange-Bolted
250k Web Connection
Developing Full Plastic
Capacity of the Beam
200F
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Connection
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O
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BENDING MOMENT (Kip-Ft)

50 *~ Flexible PR Connection
e Nearly Pinned PR Connection
0 I I I !
0 .02 .04 .06

JOINT ROTATION (RADIANS)
Figure 7-12 Relative Strength and Stiffness of PR Connections (Roeder, 2000)

7.4.2 Stiffness for PR Connection

The connection stiffness can have a large impact on the behavior of the building. If the
connections are rigid, that is the centerlines of the columns and beams remain orthogonal, or if
the connection isjust pinned, the modeling can be easily done by any of the commercial
programs. Since the PR connections have stiffnesses |ess than the rigid case and greater than the
pinned case, a specia element accounting for the flexibility of the connection is needed.

Accounting for the flexibility of the connection can be achieved by putting in, at each end of
the beam, rotational spring elements that have the proper stiffness. Thisis shown in Figure 7-13.
One end of the spring is connected to the beam and the other to the column. However, not all
structural analysis programs have a rotation spring element.
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Figure 7-13 Modeling of Connection Flexibility with Rotational Spring Elements
(Roeder, 2000)

An aternative method that is described in FEMA-273 (FEMA, 1997c) can be used for
designing a building with PR connections. This method allows an analysis with rigid
connections, but the beam stiffness, Ely, is reduced to Elp o to account for the rotational spring
stiffness of the joint. Thisis based on a single-story moment-frame subassemblage as shown in
Figure 7-14. Thisframe hasrigid connections with bending stiffness of El for the beams and
columns. The elastic story drift-deflection, u, can be estimated by the equation

3 2
U= P h N Phl; (7-3)
12E1, 12El,
where:

h = story height, in
Ib = beam length, in
ly = moment of inertia of beam, in®
lc = moment of inertia of column, in*

The deflection, u, is made up of two parts: bending of columns and bending of beams. If the
loads and the beam and column stiffness are unchanged, the story drift deflection for aframe
with flexible connections becomes
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Ph®  Phl2 PR’
= + +

u= (7-4)
12EI, 12El, 2K,

To achieve the same deflection, Equation 7-3 and Equation 7-4 can be used to obtain the
following equation. Only the bending stiffness of the beam is adjusted.

3 2
U= P [h N Phl; (7-5)
12E1, 12El,
where:
1
= 7-
EI badj 6 h N 1 ( 6)
12K, EI,
M PE
= = 7-7
?0.003 (1)
for the case where the connection is encased and devel ops composite action and
M PE
= _PE 7-8
0005 (78)
for others,
where:
K, = the rotational stiffness of the connection
Mpe = the moment capacity of the connection
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Figure7-14 A Single-Story Moment Frame Subassemblage

Verification of Equation 7-6 has been performed using the SAP2000 program for modeling
the rigid connection case and also the case with |, ». The DRAIN-2DX program was used to
model the building with flexible connection springs. The 9-story building designed with T-stub
connections for the LA site was used for the study. Figure 7-15 shows the comparison between
the three cases. The open symbols represent the partially restrained cases, the circle representing
the case with adjusted moment of inertia for the beam, and the square representing the case with
flexible springs. As expected, the fully restrained case gave the smallest drifts over the height.
Both procedures for modeling of the partially restrained connections gave similar responses.
Therefore, modeling with adjusted beam moment of inertia with Equation 7-6 is adequate for
design. However, when nonlinear behavior of the connection is to be investigated, the
alternative method described in FEMA-273 will not be appropriate. Modeling of nonlinearity
for the flexible connection will be covered in Section 7.4.3.3.
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Figure 7-15 Comparison of Drift for PR and FR Casesfor 9-Story Building

As described previously, the stiffness of the connection varies over alarge range for PR
connections. Theratio of the connection stiffness to the beam stiffness referred to as stiffness
ratio is commonly used for indicating the relative stiffness. A 9-story building designed with T-
stub PR connections was used for the investigation of the relative stiffnesses. According to
Roeder (2000), arange of aminimum of 2 or 3 to 15 or 20 is expected to be the stiffnessratio for
this kind of connection.

2~3< K
El, /I,

<15~ 20 = stiffnessratio

where Kyis the stiffness of the connection spring.

The structure was pushed to the designed load for different values of stiffness ratios varying
from 0.5t0 99. Theresultisshown in Figure 7-16. Theratio of 0.5 represents an aimost pinned
case, Whereas the ratio of 99 represents the fully fixed case. The ratio between the roof drift for
the fixed case (where ratio is 99) to that for each stiffness caseislisted in the Table 7-7. It
shows that the ratio of 20 is about 90% of the stiffness of the fully restrained case.

7-18



Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

FEMA-355F
Chapter 7: Performance of Ordinary and Partially
Restrained Steel Moment Frames

350.0

300.0 -

250.0

Stiffness Ratio

(k)

-200.0

-
o
o
=}

base shear

100.0 -

50.0 14

0.0

| SDC= c‘ - 9-story PI‘? Conn. PZ ‘yielding — 05
— —a—2
/ Cor =
JJ 7
/ ——8.[15
i —a—1(Q
A Design o
/ Base — o3
e Shear o 4(
/,// —x—99
v
0.000 0.020 0.040 0.060 0.080 0.100 0.120 0.140 0.160 0.180 0.200
drift angle, (rad)

Figure7-16 Comparison of Global (Roof) Drift Angle Dueto Static L oading for Different
Stiffness Ratios of the Connection Springs

Table 7-7 Comparison of Global (Roof) Drift Angle Dueto Static L oading for Different
Stiffness Ratios of the Connection Springs

Stiffiness | g9 40 30 20 10 | 815 7 3 2 0.5
Ratio

R"Aorfgﬁ’:“ 0.0193 | 0.0205 | 0.0209 | 0.0217 | 0.0242 | 0.0252 | 0.0262 | 0.0357 | 0.0442 | 0.1450

ratiotothe | 4140 | 094 | 092 | 089 | 080 | 076 | 074 | 054 | 044 | 0.13

fixed case

7.4.3 Evaluation of Buildings with T-stub PR Connections

7.4.3.1 Background

PR connections can be categorized as stiff PR connections, PR connections with intermediate
stiffness and flexible PR connections. The bolted T-stub connection is the only type categorized
as an intermediate stiffness connection. A typical configuration of the T-stub partially restrained
connection is shown in Figure 7-17. The moment capacity of the connection may be as large as
the full plastic moment capacity of the beam, or it can be as small as 60% to 70% of the full
plastic moment capacity. While T-stub connections are clearly PR connections, they are stiffer
and stronger than some of the other PR connection alternatives. The bolted T-stub connection
can also be divided into partial stiffness with full strength, and partial stiffness with partial
strength. Full-strength bolted T-stub connections are designed so that the full plastic capacity of
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the beam can be reached, but yielding of beams and panel-zone shear deformation are aso the
sources of the plastic deformation. Partial strength connections will invariably develop their
plastic deformations within the T-section. T-stub connections with partial strength have been
studied for this project.

oy
i
i
i

I mn

T
E|

th & s M P
00

Figure 7-17 Typical T-Stub Connection

7.4.3.2 Description of Buildings Investigated

Similar to the study of the fully restrained ordinary WCSB moment frame, a 3-story building
for seismic design category D and a 9-story building for seismic design category C were selected
for investigation, since they showed large demands. Since T-stub connections are flexible,
interior frames are also designed to act as part of the lateral-load-resisting system. The new plan
views for the 3-story and the 9-story buildings are shown in Figure 7-18. The number of PR
connections in the building was made to be the same for the N-S and E-W directions. The
elevation views with the member sizes for those buildings are shown in Figures 7-19 and 7-20.
The 3-story building now has eight moment-resisting bays with 14 T-stub PR connections per
floor. The lateral-load resistance from the gravity-load only-columns and beams were also
considered in the model with an additional bay. Modeling of the gravity-load-only bay is
described in Section 5.4.6. The 9-story building has eight moment-resisting bays. The ground
motions used for the study are 20 ground motions at the LA site for 2/50 hazard level and 20
ground motions at the Seattle site for the 2/50 hazard level. Both suites of ground motions were
scaled to match the target spectravalues. Since plastic deformations in panel zones were
observed, cases with the addition of doubler plates were aso investigated.
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Figure 7-18 Plan View of 3-Story Building in SDC D and 9-Story Building in SDC C
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Figure7-19 1997 NEHRP 3-Story OMF with T-Stub PR Connections
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Figure 7-20 1997 NEHRP 9-Story OMF with T-Stub PR Connections
7.4.3.3 Modeling T-Stub Connections

The experimental data were provided by the Connection Performance team (Roeder, 2000).
Determining the stiffness and strength of those connectionsis the critical issue for modeling the
correct behavior. According to the report by Roeder (2000), the best performance is likely to be
achieved with plastic flexural deformations of the flanges of the T-section coupled with tensile
elongation of the stem of the T-section. The typical measured moment-rotation behavior of the
partial stiffness and partial strength T-stub connection is shown in Figure 7-21. The model of
moment-rotation behavior is shown in Figure 7-22. Due to the lack of modeling parameters
provided in the modified version of the analysis program, DRAIN-2DX (Foutch and Shi, 1996),
two individual springs were used to model the connection behavior. Theillustration of two
springs used for the model is shown in Figure 7-23. Two spring stiffnesses were combined to
provide the stiffness specified in the report by Roeder (2000). The equation is as follows:

K — db DM fail (7_9)
¢ 0375
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where:
dy = depth of beam, in
Miaii = minimum of the failure mechanisms specified in Table 7-8.

The ductilities of each connection type are expressed in terms of two rotations. The first
plastic rotation, 8, is the plastic rotation which can be achieved with a given yield mechanism
and connection type without a sudden loss in resistance or deterioration in the behavior of the
connection. The second plastic rotation, By, isthe plastic rotation at which the connection is
expected to lose its capacity to support the gravity load. The plastic rotation that can be
achieved with the partial strength connection depends on the rel ationship between the resistance,
Mz, Of the local plastic flexure of the T-section flanges and net section fracture of the stem of
the T-section. Therefore,

0.9 _1-4{ M tai-reingrrec = M ai-rsiem }

fail-TFIngFlex +M fail-TStem

g = 7-10
. d, (7-10)
where:
Mtail-TRIngFlex = failure moment of T-section in local plastic flexure of the T-
section flanges
Miail-Tstem = failure moment of T-section flanges and net section fracture of the
stem of the T-section
Gg = Hp +0.01 (7-11)

A comparable model which issimpler is shown in Figure 7-24.

The primary yield mechanisms and common failure modes for bolted T-stub connections are
shown in Figure 7-25. Table 7-8 shows the yield mechanisms for the connection. The definition
of symbolsin the table can be referred to Figure 7-26 and 7-27. For afull strength T-stub
connection, balance of yield mechanisms and failure modes is needed for ductile performance.
Thelast row in the table should be satisfied for the partial strength connections. Failure modes
for bolted T-stub connections are listed in Table 7-9. Again, the definition of symbolsin the
table can be referred to Figures 7-26 and 7-27. Details of each parameter are reported in the
SOA report by Roeder (2000) and aso shown in Figures 7-26 and 7-27.
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Figure7-21 Measured Moment-Rotation Behavior of T-Stub Partially Restrained
Connection (Leon et al., 1999)
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Figure 7-22 Model of Moment-Rotation Behavior of T-Stub Partially Restrained
Connection (Foutch and Yun, 1999)
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Figure 7-24 Moment-Rotation Behavior of T-Stub Connection
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Figure7-25 Primary Yield M echanismsand Common Failure Modesfor Bolted T-Stub
Connections (Leon et al., 2000 and Roeder, 2000)

7.4.3.4 Response of the Buildings with PR Connections

The results of the static pushover analyses of the buildings with PR connections are shown in
Figure 7-28 and Figure 7-29. The vertical distribution of forces was the same as used for the
NEHRP equivalent lateral force procedure. Since plastic deformations in panel zones were
observed, cases with doubler plates were also investigated and plotted. The results for both of
the PR connection buildings clearly show lower stiffness for the PR connections than for those
for the FR WCSB cases. However, the strength of the 3-story building was comparable to the
WCSB 3-story building with doubler plates. The 9-story building shows some reduction in
strength compared to the WCSB 9-story case. The increase in strength due to the doubler plates
for the 3-story PR building is small compared to the case for the 9-story PR building.

Demands for the 3-story PR-connection building, with and without the doubler plates,
excited by 2/50 ground motions, are shown in Figure 7-30. Those for 9-story PR connection
buildings are shown in Figure 7-31. The plots on the |eft are for the case without doubler plates
and those on the right are for the case with the doubler plates. The change in response dueto
providing doubler plates for the 3-story building case isinsignificant, just like the results from
the static analysis. The drift demands increased for the 9-story building when doubler plates
were added. Theincreasein the axial compression force as well as the increase in demand for
the beam connections were noticeable. The median drift for the 3-story building was
approximately 0.032, whereas it was about 0.02 for the 9-story building. Both buildings
performed well.
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Table7-8 Yield Mechanismsfor Bolted T-Stub Connection
(Leon, et al., 2000 and Roeder, 2000)

Yield Mechanism

Equation to Define Yield Mechanism

Moment Resistance at the Face of the Column

Balance of Flexural and
Panel Zone Yielding

L-d,
Flexure of Beam M jea = Sy, DL d4.-205.+5)
_— L-d, h
Panel Zone Yielding M isq =0550d, [F,_, [d_ [, .
L h-d,
L-d,

S[F

yme
L-d. -2[§ +S,)

= Oel]jb [F —col |]jc |:ﬂw—c L h_db
Y L -d, h

Balance of Yield
Mechanisms and Failure
Modes Needed for Ductile
Performance

Experiments have shown that ductile behavior of the connection with
full strength connection behavior can be achieved if

11M 4y <¢ M

fail

for all T-section, bolt tension, and beam net section failure modes

Balance of T-section Flange
Flexural Capacity for
Control of Prying Forces

The prying forces in partial strength connections must be limited to no
more than 30% of bolt force associated with the failure moment acting
alone.

Balance Requirement For
Partial Strength
Connections Using The
Rotational Capacity Given In
Eq. 5-12a

o o
M (i —stemor 7 Must be within 15% of M fail - flange of T in flexure

Note: The definition of symbols are referred to Figure 7-26 and Figure 7-27.
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Table7-9 Failure Modesfor Bolted T-Stub Connections
(Leon, et al., 2000 and Roeder, 2000)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

Fracture of

L
Mtail =2 N Ap (0.6 Fu-poit) (db * tstem-t) T (5, + S3)

Ap is the cross
sectional area of

Shear Bolts bolt
L Ppolt is the bolt
Net Section Mfail = Fu-t-stub (W - 2 ( Ppolt + .125)) tstem-t (db + tstem-t) -5 S, diameter and Bgff
Fracture of = 60 tstem-t
Stem of T- where W is lesser of W < W1 and
Section W Satan 6 except
< + an .
= Oshear * 93 eff 150< Bgff <300

. Geometry is
Plast|g dp defined in Figure
Capacity of (28" - 47) W Fy.t-section ¥ (db * tstem-) 6.3.3-6 and
Flanges of Ml =

_ a 4a'b -db (b' + a) Dpolt
T-Section a'=a+ >
Tension Rp is nominal
Capacity of tensile resistance
Bolts Pyttt '+ b of bolts and
_ Mfail = Ntb (db + tstem-t{Rn +—4 57 &

Including _2 w
Prying Force P"Nito

Net Section
Fracture of
Beam

Mfail = {Fu-bm (bf - 2 ( ®Ppolt +.125)) tof (dp - tf) + 0.25 Fy.pm

L-dc
(Apm - 2 bf tf) (dp - 2 t)} L-dc-2(Sq +S3)

Apm is cross

sectional area of
beam

AISC LRFD Block Shear criteria must be applied to the block shear and bolt

See Figure 7-26

Block Shear pull-through patterns illustrated in Fig. 7-26. for geometry
b
Flange Of 52
for fl ha

Buckling oriangs. 2t = \JFy
Web Buckling for web b o 375

tw — 4[Fy

2500
Lateral Lp < Trl Equation from
Torsional y AISC LRFD
Buckling Seismic Provisions

Lp is the unsupported length.

7-28




Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

FEMA-355F

Chapter 7: Performance of Ordinary and Partially
Restrained Steel Moment Frames

Table 7-9 Failure Modesfor Bolted T-Stub Connections

(Leon, et al., 2000 and Roeder, 2000) (continued)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

Column
Flange
Thickness

Requirements
for No
Stiffener to the
Beam Tension
Flange

For column flanges without stiffeners or continuity plates, the minimum
thickness of column, tcf, must be greater than

1.1 R Fvb Zp
1Ry Fyb 4b g “ K1)
- tof
fef > 2 02 FycC
Stiffeners required to carry the unbalanced portion of the force,
1.1 R}! F){b Zy . . .
dp - tof , if the column flange thickness does not satisfy this

requirement.

The dimensions
are defined in the
figure except that
k1 is distance from
centerline of
column web to
flange toe of fillet.

This equation is
the same as 4 bolt
unstiffened end
plate.

The column flange thickness, tfc, must be larger than

Flange

1.1Ry Fyb Zb
2(dp - tpf) Yield line theory of
tfc > 081 ForYa bending of column
e e flanges.
Plastic where:
Bending
Capacity of Vo= & sg)— 2,29 .9 4.2 -
Stiffened c=lg *Npge-g *g_ T2 T2 MG )
2~ K1
Column 2
Flanges This equation is
and the same as 4 bolt
b unstiffened end
(9 k15— fc 9 plate.
= 2bfc -4k
s bfc - (2bfc 1)
+g -2Kk1
. oo k is the beam fillet
No Stiffener required if distance from the
Column 1.1Ry Fyb Zb extreme fiber of
Stiffener Tt <(6k+c)Fyctwc beam flange to the
_ web toe of fillet.
Requirements | stitfeners required to carry the unbalanced portion of the force,
for Beam 1.1 Ry Fyp Zb -
. " ! ! . . . .
Compression db - tof , if the column flange thickness does not satisfy this This equation is

requirement. This equation recognizes the greater spreading of beam
flange force to the column web provided by the end plate.

the same as 4 bolt
unstiffened end
plate.

Strong
Column Weak
Beam

Puc
2 Zc (Fyc- Aq Ay

[-de
2ZbFybTog5-2 (S + S3)

1.1<

Based on plastic
moment capacity
of beam at the last
bolt of T-section.

Note: The definition of symbols are referred to Figure 7-26 and Figure 7-27.
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Figure 7-26 Geometry for Prying For ces and Bending of T-Section Flanges
(Leon et al., 2000 and Roeder, 2000)
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Figure7-27 Geometry for Other T-Stub Failure Modes
(Leon et al., 2000; Roeder, 2000)
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7.4.4 Performance Evaluation of Buildings with PR Connections

Performance eval uations were completed for all of the buildings with T-stub PR connections.

Vauesfor C, Gk B, @ D, Bocos V. B Voo Acony But?s Ky for the LA site are given in Table 7-10
to Table 7-14. Theresultsfor the Seattle site are shown in Table 7-15 to Table 7-19. These
were calculated using the provisions set out in Chapter 5.

The global capacities for each of the buildings were calculated using the IDA analysis. The
3-story building showed a median drift value of 10%. The median drift capacity for the original
9-story building showed 8.7%. The median demand drifts for both 2%-in-50-year hazard level
and 50%-in-50-year hazard level have been presented and discussed in the previous section.
Since the local drift capacity for buildings with T-stub PR connections was not defined in Table
5-3, it has been calculated individually. Since the strength of the connection was dropped down
to 15% of the beam moment capacity at 4% rotation, a drift value of 4% plus the elastic drift
observed from the static pushover analysisin Figure 7-28 and Figure 7-29 was used as the local
drift capacity. Therefore, local drift capacity for the 3-story building was calculated to be 5%
and that for the 9-story building calculated to be 4.8%. The drift criterion for the immediate
occupancy level islisted in the table and its value was 3%.

A confidence level of 99% for the CP level and IO level for both of the buildings was
observed, except for the 3-story building. The confidence level is 92%, which islower than the
acceptable value of 95%, but probably acceptable. A better estimation of the local drift capacity
of the T-stub connection may make this building acceptable. A local drift capacity of 5.4%
would result in 95% confidence.

Table 7-10 CP Confidence Level Calculations Against Global Collapse for Scaled L A 2/50
Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C‘;o_.

1997 NEHRP PR Connection, SDC=D

3-story ‘ 0.100 ‘ 0.00 ‘ 0.26 ‘ 0.90 | 0.026 | 0.27 ‘ 0.21 ‘ 119 ‘ 0.17 | 104 ‘ 2.79 ‘ 0.10 ‘ 3.77 | 99

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.087 ‘ 0.16 ‘ 0.35 ‘ 0.80 | 0.016 | 0.25 ‘ 0.00 ‘ 110 ‘ 0.20 | 1.06 ‘ 3.65 ‘ 0.16 ‘ 3.84 | 99

Table7-11 CP Confidence Level Calculations Against L ocal Collapse for Scaled LA 2/50
Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=D

3-story ‘ 0.050 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.026 | 0.27 ‘ 0.21 ‘ 1.19 ‘ 0.17 | 1.04 ‘ 1.32 ‘ 0.09 ‘ 1.38 | 92

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.048 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.016 | 0.25 ‘ 0.00 ‘ 1.10 ‘ 0.20 | 1.06 ‘ 2.15 ‘ 0.10 ‘ 2.87 | 99
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Table7-12 10 Confidence Level Calculationsfor Scaled L A 50/50 Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=D

3-story ‘ 0.030 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.002 | 0.72 ‘ 0.00 ‘ 2.16 ‘ 0.18 | 1.05 ‘ 5.96 ‘ 0.09 ‘ 6.26 | 99

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.030 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.005 | 0.39 ‘ 0.00 ‘ 125 ‘ 0.21 | 107 ‘ 419 ‘ 0.11 ‘ 4.88 | 99

Table 7-13 CP Confidence Level Calculations Against Global Collapse for Scaled L A 50/50
Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=D

3-story ‘ 0.010 ‘ 0.00 ‘ 0.26 ‘ 0.90 | 0.002 | 0.72 ‘ 0.00 ‘ 2.16 ‘ 0.18 | 1.05 ‘ 21.0 ‘ 0.10 ‘ 101 | 99

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.087 ‘ 0.16 ‘ 0.35 ‘ 0.80 | 0.005 | 0.39 ‘ 0.00 ‘ 1.25 ‘ 0.21 | 1.07 ‘ 11.4 ‘ 0.17 ‘ 6.56 | 99

Table 7-14 CP Confidence Level Calculations Against L ocal Collapse for Scaled L A 50/50
Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=D

3-story ‘ 0.005 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.002 | 0.72 ‘ 0.00 ‘ 2.16 ‘ 0.18 | 1.05 ‘ 9.94 ‘ 0.09 ‘ 7.92 | 99

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.048 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.005 | 0.39 ‘ 0.00 ‘ 125 ‘ 0.21 | 107 ‘ 6.71 ‘ 0.11 ‘ 6.32 | 99

Table7-15 CP Confidence Level Calculations Against Global Collapse for Scaled Seattle
2/50 Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.082 ‘ 0.19 ‘ 0.35 ‘ 0.86 | 0.015 | 0.30 ‘ 0.00 ‘ 1.09 ‘ 0.20 | 1.04 ‘ 4.08 ‘ 0.16 ‘ 3.90 | 99
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Table 7-16 CP Confidence Level Calculations Against Local Collapse for Scaled Seattle
2/50 Hazard

é B B @ 6 Pace Por Yy B Va Acon B’ Kx C‘;o_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.048 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.015 | 0.30 ‘ 0.00 ‘ 1.09 ‘ 0.20 | 104 ‘ 252 ‘ 0.10 ‘ 3.91 | 99

Table7-17 10 Confidence Level Calculationsfor Scaled Seattle 50/50 Hazar d

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C‘;o_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.030 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.005 | 0.29 ‘ 0.00 ‘ 1.08 ‘ 0.21 | 1.05 ‘ 5.31 ‘ 0.11 ‘ 5.44 | 99

Table7-18 CP Confidence Level Calculations Against Global Collapse for Scaled Seattle
50/50 Hazar d

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.082 ‘ 0.19 ‘ 0.35 ‘ 0.85 | 0.005 | 0.29 ‘ 0.00 ‘ 1.08 ‘ 0.21 | 1.05 ‘ 13.7 ‘ 0.17 ‘ 6.82 | 99

Table7-19 CP Confidence Level Calculations Against Local Collapse for Scaled Seattle
50/50 Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C‘;o_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.048 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.005 | 0.29 ‘ 0.00 ‘ 1.08 ‘ 0.21 | 1.05 ‘ 8.49 ‘ 0.11 ‘ 6.88 | 99

7.4.5 Summary of Results for the Buildings with T-Stub PR Connections

The 9-story building designed with T-stub PR connections for SDC C in accordance with the
1997 NEHRP Provisions satisfied the SAC performance objectives for the CP and the IO
performance levels. However, the 3-story building designed with T-stub PR connections for
SDC D in accordance with the 1997 NEHRP Provisions did not satisfy the SAC performance
objectives for the CP performance at a confidence level of 95%. However, the confidence level
was 92%, which is probably acceptable.

For the 3-story building, a maximum plastic rotation of 2.5% was observed in the beam
connections, but only about 1% median plastic rotation was observed. Similarly, alarge drift
value of 4% was observed for the 95™ percentile, but a median drift value of 2.5% was observed
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which is acceptable. For the 9-story building, the maximum plastic rotation was observed in the
panel zones. Maximum plastic rotation of 2% was observed for the panel zones when only 0.8%
was observed for the beam connections. The building with doubler plates resulted in a
maximum connection plastic rotation of 1%. Drifts of 2.2% and 1.4% were observed for the 95"
percentile and median, respectively. Therefore, the 9-story buildings performed well.

A 9-story building for the Seattle site was analyzed for the 2%-in-50-year ground motions.
The median drifts and 95" percentile drifts were 1.5% and 2.5%, respectively. These were
dightly larger than for the 9-story building in LA. Overall, the structure performed well.

The adequacy of rotational capacity for the T-stub PR connection due to gravity load and
lateral load was also investigated. For the 9-story building with T-stub PR connectionsin SDC
C, the 8" level had the largest plastic rotational demand among all the levels, which was about
0.009 radians. Total rotational demand for the corresponding level is 0.013 radians. Another 9-
story building in SDC B was designed and analyzed. This building was mostly governed by
strength requirements. A maximum plastic rotation of 0.003 radians was observed at the 3
level. Although the capacities of the connections were smaller than those for the SDC C
structure, the calculated rotational demands were small enough that the connection performed
well. Therefore, the rotational capacity for the T-stub PR connection due to gravity load and
lateral load was adequate for both SDC C and SDC B.

The column axial force ratios were calculated and checked for acceptability. The maximum
P/P, ratio observed was 0.5, which iswell below the limiting ratio of 0.75. Only a small amount
of tension was observed in the 3-story building. Therefore, the axial forces are all acceptable.

The permanent residual drifts due to 50/50 hazard ground motions were investigated. The
maximum residual drift of 0.1% was observed from the 9-story building. The 3-story building
had small residual drift values. Therefore, the building is again acceptable.

Finally, the confidence level calculations according to the procedure presented in Chapter 5
were performed. The confidence levelsfor CP for the 2/50 hazard and 10 for the 50/50 hazard
for al buildings were 99%, except for the 3-story building in SDC D with T-stub PR
connections, which resulted in a 92% confidence level, which islower than the acceptable value
of 95% but probably acceptable. A better estimation of the local drift capacity of the T-stub
connection may make this building acceptable. A local drift capacity of 5.4% would result in
95% confidence.

7.5 Evaluation of Buildings with End-Plate Connections
7.5.1 Background

The bases for determining the behavior of the end-plate connection isfound in the
experimental research by Murray (2000). Thistype of connection is considered to be in the
category of stiff, partially restrained connections. Aswill be seen from the measured moment-
rotation behavior of the connection, the connection has large stiffness as well as strength for
most of the failure mechanisms. Hence, it will behave similarly to the fully restrained
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connections. Therefore, this type of connection was moved to the fully restrained connection
category from the partially restrained category. Therefore, just a brief description of the findings
for the connection from the SOA report by Roeder will be addressed here.

7.5.2 Summary of Findings for End-Plate Connection from Connection Performance
Team

More than 150 experiments were performed for the study of the connection behavior. Mixed
results were obtained, due to the fact that most of the experimentsin the past were monotonic
loading cases, or they utilized very slender members which cannot develop significant inelastic
deformations. A typical end-plate connection is shown in Figure 7-34.

The primary yield mechanisms and common failure modes for bolted extended-end-plate
connections is shown in Figure 7-35. The measured moment-rotation behavior of connections
for different failure mechanisms are shown in Figure 7-36 to Figure 7-38. The connections
exhibited stable behavior with full hysteresis loops except for the connection with bolt fracture.
A summary of the tests performed for the SAC project is shown in Table 7-20. Equations for
calculating the failure mode of the 4-bolt unstiffened extended-end-plate connection and the 8-
bolt stiffened extended-end-plate connection are listed in Table 7-21 and Table 7-22. The
descriptions of the geometry parameters needed for the calculations are shown in Figure 7-39.

Based on the experiments performed for the SAC project, the plastic rotations achieved with
the extended end-plate are large and they are strongly dependent upon the beam depth. A
regression analysis of the results produced the following results.

8, =0.0607 - 0.0013 dp (radians with dp in inches) (7-12)

The standard deviation of the rotation is

0,= 0.006 - 0.0003 dp (radians with dp in inches) (7-13)
eg is estimated as

8,=6,+0.01=0.0707 - 0.0013 d, (radians with dp in inches), (7-14)

and the standard deviation of the rotation is

0,=0 (7-15)
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Figure 7-34 Typical Extended End-Plate Connection
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Figure 7-35 Primary Yield Mechanisms and Common Failure M odes for Bolted Extended-
End-Plate Connections (Roeder, 2000)

7-39



FEMA-355F
Chapter 7: Performance of Ordinary and
Partially Restrained Steel Moment Frames

Performance Prediction and Evaluation of
Steel Moment Frame Buildings

100

50—

LOAD (Kips)

=50

Failure

4100 | | | |
-.06 -04 -02 0 02 04 06

JOINT ROTATION (Radians)

Figure 7-36 Moment-Rotation Behavior for Extended-End-Plate Connection with
Bolt Fracture (Roeder, 2000)
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Figure 7-37 Moment-Rotation Behavior for Extended-End-Plate Connection with
Plastic Deformation of the End Plate (Roeder, 2000)
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Figure 7-38 Moment-Rotation Behavior for Stiffened Extended-End-Plate Connection
which Developsthe Full Plastic Capacity of the Beam (Roeder, 2000)

Table 7-20 Yield Mechanismsfor Both 4-Bolt Unstiffened and 8-Bolt Stiffened Extended-
End-Plate Connections (Roeder, 2000)

Yield Mechanism

Equation to Define Yield Mechanism

Moment Resistance at the Face of the Column

Plastic Flexure of Beam

for unstiffened end plate, Myieiq = S Fyom

for stiffened end plate, Myieis = S Fyom T ch- Lgt?ﬁener

Panel Zone Yielding

L-dc h
Myieid = 0.6 db Fy-col defr twc ( L )(h - deff)

Balance of Panel Zone Yielding
and Flexural Yielding

Myield Panel Zone = Myield Flexural Yield

Requirements for Balance of
Failure Modes to Assure Ductility

1.1 Ry MfaiI—Beam Flexure < MfaiI—BoIt Tension

and

1.22 Ry I\/IfaiI'Beam Flexure < |vlfail-PIate Bending
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Table 7-21 Failure Modesfor 4-Bolt Unstiffened Extended-End-Plate Connections

(Roeder, 2000)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

For 4 bolt Unstiffened Connection

Plastic
Deformation of Fy+ Fub
Beam M =2, _2L
do *di This model
Tensile Men =N Tb ™73 requires thick
late design so
Fracture of where N is 4 for 4 bolt unstiffened connection; dg and dj are the ’E)hat pryinlgg forces
Bolts distances defined in Figure 6.4.2-6; and T, = 90 A__, for A325 bolts | can be
or 113 A, for A490 bolts neglected.
Based on yield
: bp 1 1 2. bp h 1 : L
Plastic M, =t 2 Fypi(h - pt)[Jz (C+)+Pf+s)S1+>5 (+5)) line analysis with
Bending of PP 2°pf s 9 2°pf 2 dimensions
End Plate given in Figure

where s = «[bp g and @, is the bolt diameter.

6.4.2-6.

Shear Yielding

Plate thickness, tp, must satisfy

Checks to
ensure that the
plate is not too

of End Plate M thin to develop
2dp-ton 906 Fypbplp yield line
mechanism.
Shear force, V, at the face of the column is based upon plastic
bending at each end of beam and must be designed so that it does
not control the capacity of the connection. For unstiffened 4 bolt
connection Equations
Shear assume shear is
Capacity 22RyFypZ <04 Fu A carried by bolts
L-dc ¢4 FvAb in compression.
Fv and Ap are the nominal shear strength by AISC LRFD and the
bolt area,
For column flanges without stiffeners or continuity plates the
Column minimum thickness of column, tcf, must be greater than The dimensions
Flange are defined in
Thickness the figure except

Requirements
for No
Stiffener to the
Beam Tension
Flange

1.1 Ry Fyp Zp
T1RyFybZb g
dp-tor 2~ <1
fef, > 202FyccC

Stiffeners required to carry the unbalanced portion of the force,
1.1 R}! F)[b Zp
db - tbf

requirement.

, if the column flange thickness does not satisfy this

that kq is
distance from
centerline of
column web to
flange toe of
fillet.
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Table 7-21 Failure Modesfor 4-Bolt Unstiffened Extended-End-Plate Connections

(Roeder, 2000) (continued)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

The column flange thickness, tfc, must be larger than

1.1 R)! Fyb Zp

2(dp - tbf)
tfc 0.81 Fyc Yo
Plastic where
Bending . .

. c 1 2 bfc -g 2 Yield line theory
Capacity of Ye=( +s)gr- g * )+ (5 +3k)E +5) of bending of
Stiffened 2fc-9 9 S column flanges
Column 2 2 ges:
Flanges

g and
bfc
s= (2bfc -4 k1)
b
fc -g +g -2k
No Stiffener required if

Column 1T1RyFyb Zb k is the beam

: < +
Stiffener dp - tbf (6k+c)Fyctwe fillet distance
Feqéjirements Stiffeners required to carry the unbalanced portion of the force, gt?g: g;eb:;:;eme
or beam 1T1RyFyp Z

. yFy . . . .
Compression db - tbtf) b , if the column flange thickness does not satisfy this Ilangffﬂ? tthe web
oe of fillet.

Flange

requirement. This equation recognizes the greater spreading of
beam flange force to the column web provided by the end plate.

Weld Fracture

Experiments have shown that E71T-1 Gas Shielded FCAW welds.
Flange welds are full penetration with no weld cope but under side

of beam flange sealed with 3/8" fillet weld and complete penetration

weld welded against fillet weld seal after initial backgouging. Webs
may be full penetration or fillet welds.

Flange Of o 52
Buckling for flange - 2 tf \/_y

dp 375
Web Buckling | for web- =

\] y
2500 r Equation from

Later_al Lp < TY AISC LRFD
Torsional y Seismic
Buckling Lp is the unsupported length. Provisions
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Table 7-21 Failure Modesfor 4-Bolt Unstiffened Extended-End-Plate Connections

(Roeder, 2000) (continued)

Strong
Column Weak
Beam

2 ZC(ch —Puc/ Ag)
<
5 Zo(Fyb + Fun)(L — de)/(2(L - de — 2Lst))

1.1

Based on plastic
moment capacity
of beam

Table 7-22 Failure Modesfor 8-Bolt Stiffened Extended-End-Plate Connections

(Roeder, 2000)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

Plastic

Fy+F L-d
Deformation Mail = Zp — 2 uo L-2L C.d
of Beam st~ e
do + dj This model
_ Mfail =N Tp = requires thick
Tensile

Fracture of
Bolts

where N is 6.8 for the 8 bolt stiffened connection; dg and dj are the
distances defined in Figure 6.4.2-6; and Ty = 90 Apo|t for A325
bolts or 113 Apolt for A490 bolts

plate design so
that prying forces
can be
neglected.

For 8 bolt stiffened connection must be designed to have a
minimum thickness of the end plate tp must satisfy

0.00609 pf0'873 gO.577 Ffu0'917

Equations are

tp > empirical but are
P %0.924 tSO.1 12 bp0'882 based upon yield
Plasti line theory. The
B:r?éli%g of and dimension @ is
End Plate 0.00413 pf0257 90148 Ffu1.017 the bolt
tp > 0.719. 0162 « 0.319 diameter. All
@ " Tt P bp other dimensions
given in Figure
where 7.39.
oo 1.1Ry FybZ
fU=""dp - tof
Shear force, V, at the face of the column is based upon plastic
bending at each end of beam and must be designed so that it does
not control the capacity of the connection. For 8 bolt stiffened _
connection Equation
Shear 29 Ry Fup 7 assumes shear
- 2<cRyPyb 2 is carried by
Capacity L-de <@p8FyAp bolts in
compression.

Fv and Ap are the nominal shear strength by AISC LRFD and the

bolt area, respectively. Note that bearing capacity of bolts on bolt
holes must also be checked for both end plate and column flange.
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Table 7-22 Failure Modesfor 8-Bolt Stiffened Extended-End-Plate Connections

(Roeder, 2000) (continued)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

For column flanges without stiffeners or continuity plates the
minimum thickness of column, tcf, is

Bending of
Stiffened
Column
Flange

Dimensions
defined in the
Col am Ffy (%-%- k1) figure. Ffyis
olumn i X
tcf, >
Flange cf 0.9 Fyc (3.5 Pb * ©) defined with the
Thickness end plate
; where thickness
and S_t|ffener equations above.
Requirements g ® Ca depends
at Beam Ar 13 274 K1 14 upon the
Tension am =C4aCp (A ) —) ) .
™ materials used in
Flange ;
. . the analysis and
If thg column ﬂangle thlqkness does not gatlsfy the apove Cp is normally
requirement,, tension stiffeners are required. The stiffeners must
; taken as 1.0.
have enough capacity to reduce the flange force, Ff, to a level
were the required flange thickness is less than that provided.
No Stiffener required if
Column 1.1 Ry Fyb Zp Ki
) <(6k+ t is the beam
Stiffener dp - tbf ( ©) Fyctwe fillet distance
Requirements | stiffeners required to carry the unbalanced portion of the force, f_rom the extreme
for Beam 11 Ry Fyb Zp fiber of beam
. " . . . .
Compression —LLd 3 , if the column flange thickness does not satisfy this | flange to the web
Flange b~ bf toe of fillet.
requirement. This equation recognizes the greater spreading of
beam flange force to the column web provided by the end plate.
Checks the

Not yet available.

column flange to
ensure "thick
plate"
assumption
applies

Weld Fracture

Experiments have shown that E71T-1 Gas Shielded FCAW welds.
Flange welds are full penetration with no weld cope but under side
of beam flange sealed with 3/8“ fillet weld and complete penetration

weld welded against fillet weld seal after initial backgouging. Web
welds may be full penetration or fillet welds.

Flange <

Buckling for flange, 2tf 4/ Fy
db . 375

Web Buckling forweb,t— = ==

\Fy
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Table 7-22 Failure Modesfor 8-Bolt Stiffened Extended-End-Plate Connections
(Roeder, 2000) (continued)

Failure Mode Equation for Failure Moment at the Face of the Column Related Issues
2500 r Equation from
oy q
Lateral Lo <—F AISC LRFD
Torsional y Seismi
Buckling ; eismic
Lp is the unsupported length. Provisions
5Z_(F,. - Puc Based on plastic
Strong ey Ye A moment capacity
Column Weak for stiffened end plate, 1.1 < 9 of beam at end
Beam L-d, of stiffener
ZZbeb
L-d, -2L,
ot~ e
il ,
B ] 8]
Tz ||O O p d I O || Oqpre 30
§f 1. b
P =T ar i Ol Oqpp iR ¥
—'—}[— O O f EE 3 C — — ‘pf 3 Fy
& | Trrollotif (8|8 tor
ol o+ | d|8
do do T dy,
dj di
tw ™ [* ollo |
ojlo il ol o g B
x —\ yf, ¥ — — ¥
o 0O o OO iaflRs|
3 tor Sl |
L—bp—q _‘1 - e LSt
P Triangular tpl
Stiffener
Unstiffened 4 Bolt Stiffened 8 Bolt

Figure 7-39 Geometry Needed to Define Panel-Zone M odels (Roeder, 2000)

7.5.3 Summary for the Response of the Buildings with End-Plate Connections

New buildings with the end-plate connections are expected to perform well based on the
SMF studies by Lee and Foutch (2000). The 1997 NEHRP Provisions were adequate for
achieving excellent performance.
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7.6  Evaluation of Buildings with Clip-Angle PR Connections
7.6.1 Background

Determining the behavior of the clip-angle connection is based on the experimental research
by Leon and Schrauben (2000). Thistype of connection is considered to be in the flexible
connection category. A typical configuration of the clip-angle partially restrained connection is
shown in Figure 7-40. According to Roeder (2000), this type of connection was typically used in
shorter buildings or in the top stories of tall buildings. The clip-angle-connections are flexible
and weaker than T-stub connections. Therefore, they usually develop only 20% to 50% of the
plastic moment capacity of the beam. Since they are flexible and weak, more connections from
the interior bays should act in the lateral-load-resisting system. They are usually used in lowest
seismicity regions.

] |0 O Ol
] i

i

Figure 7-40 Typical Flange Clip Angle Connection

7.6.2 Summary of Findings for Clip-Angle Connections from Connection Performance
Team

The experimental data were provided by the Connection Performance team (Leon and
Schrauben, 2000 and Roeder, 2000). The full-scale tests performed by the CP team are listed in
Table 7-23. Component tests were also performed to identify the behavior of the clip angles
themselves. A brief description of the behavior of the clip-angle connection based on those
reports will be addressed here.

Different types of yield mechanisms and observed failure modes are shown in Figure 7-41.
The rotational spring stiffness of the bolted clip angle connection is proposed as
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M ..
ke < —aL (7-16)
0.01

where M, isthecritical failure mode for the connection from Table 7-23. The definitions of

the symbols in the table can be referred to Figure 7-42. Therefore, the stiffness of the connection
should be modeled for analysis.

The plastic rotational capacity proposed is

0.50

6 < (7-17)

b

and the plastic rotation at which the connection is expected to lose its gravity-carrying capacity
can be conservatively estimated as

0.50

6y < +0.02 (7-18)

b
According to Roeder (2000), thisrotational limit is strongly dependent on the beam depth.
However, it isindependent of span length, since al of the deformation occurs in the connection
element.

I Met Section Fracture
Tensile Yielding of Outstanding Leg of
Dutstanding Leg of Clip Angle

Clip &ngle Shear Fracture of Bolts
b/ F p |

b=l = o
/ ElNE’L Section of Beam
Shear Vield 0 [B @ H|QO Flangn_aPnssfnle But
ofPandt 1 |HO Locl g|po| Nelisy
Zoneiz  |BO Coirrn, o [P @ Elongation of Bolt
Possible bt i |G @ ] |G & | Holes, Pull Through
Less Likely o [ if] |G o] ofBolts Including
Block Shear
h e

i i N
Tenzile Fracture of Bolts
Lacal Flesure of

Upstanding leg of Fracture of Flange

Clip Angle of Clip Angle Due
to Local Deformation
Yield Mechamsms Failure Modes

Figure7-41 Primary Yield Mechanisms and Common Failure Modesfor the Bolted Clip-
Angle Connection (Roeder, 2000)
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Table 7-23 Failure Modesfor Bolted Clip Angle Connections (Roeder, 2000)

Failure Mode

Equation for Failure Moment at the Face of the Column

Related Issues

Plastic Bending
Capacity of
Upstanding Leg
of the Angle

5 W’[a2 Fy
Mfail == ¢,
d-2

(dp +d)

See geometry of
Figure 7-42

Shear Fracture
of Bolts Between
Outstanding Leg
of Angle and
Beam Flange

L-dc
Mtail =2 N Ap (0.6 Fu-bolt) (db + ta) | - dc- (Sq +S3)

Ap is the cross

sectional area of
bolt

Fracture of
Tension Bolts

. 025Wta? Fya
Mtail = Pbolt (d + d') - a

wherea=15-d

and Ppolt = proof load capacity of the high strength bolt

Prying force is
needed to
plastically
deform angle.

Bolt force limited
to proof load.

Net Section
Fracture of
Outstanding Leg
of Angle

Mfail = Fu-angl (W - 2 ( ®polt +.125)) ta (db * ta)
L-dc
L - dc - 2 81
where W is lesser of W < W1 and

W < g + S3 tan B¢ff. Because both legs of the angle have the

same thickness, this is less likely to control the capacity than the
other modes.

Dpolt is the bolt
diameter and
Beff = 60 tstem-t

except

150< Bgff <300

Bolt Elongation,
Bolt Pull-
Through, and
Block Shear

Block shear, bolt hole elongation and bolt pull through must be
checked by normal AISC criteria, but they are less likely to
control the design of these connections than the bolted T-Stub or
other connections.

Other Issues

Balance of panel zone stress state, continuity plates, and flange
and web slenderness requirements would apply to these
connections, but they are unlikely to affect the design since the
connection develops a sufficiently small moment capacity that
the members are unlikely to be stressed high enough to develop
problems in these areas. Weak beam-strong column
requirements may be a problem even with the relatively small
moments in the beams and connections, because of the large
axial loads in the columns due to gravity load.

Recommended
Balance
Condition

Mfail-Flexure of angle leg < 1.1 Mfail- All Other modes

Other modes include tension fracture of bolts, shear fracture of
bolts, and net section fracture of outstanding leg.

Note: Geometric symbols are defined in Figure 7-42.
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Ny

= Number of
tension bolts

!

A

we | € R

a _:*-l_-'F N
- o ta

N = number of bolts
per row

S3=(N - 1)S,

d=d-0.85dpy

dpp, is effective
diameter of bolt
head

Figure 7-42 Geometry for Failure Mode Evaluation of Clip-Angle Connections
(Roeder, 2000)

7.6.3 Properties of Clip-Angle Connections for this Study

Experimental data provided by Leon and Schrauben (2000) and Roeder (2000) permitted the
estimation of the stiffness and the strength of the clip-angle PR connections, but none of the
equations for the connection were available at the time of this study. Connection experiments
with aw18x40 beam connected to aw14x145 column were selected, and simulated using a
spring element from the DRAIN-2DX program. The stiffness equation specified in FEMA-273
for PR connections together with 35% of the strength of the beam were used. Thisvalue was
less than the minimum of 50% of the moment capacity of the beam specified in the seismic
section of the LRFD for Ordinary Moment Frames. However, according to the experimental
research, Leon concluded that the connection usually develops only 20% to 50% of the plastic
moment capacity of the beam.

With a procedure similar to that taken for the T-stub PR connections, the spring parameters
that best represent the behavior of the measured moment-rotation relationship were obtained.
The stiffness equation in FEMA-273, which is
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M
K, =—C& (7-19)
0.005

again adequately represented the stiffness of the connection. A less stiff slope than for the T-
stub connection case is observed since M. is 35% of the moment capacity of the beam instead of
50%. With the strain-hardening ratio of 20%, the hysteresis from the spring element matched the
response of the experiment very well. Theratio of stiffness of the connection divided by that of
beam was calculated to be 6.46. Thisiswell below the stiffness ratio for the rigid connection
case, which is 20 as described in the previous section.

Since failure due to tension bolt failure at the total rotation of 4%, the 4% value was used as
alimiting rotation before the strength drops down drastically. Therefore, in modeling the
connection behavior, arotation value of 3% was used. Due to the lack of modeling parameters
provided in the modified version of the analysis program, DRAIN-2DX (Shi and Foutch, 1996),
two individual springs were used to model the connection behavior. Theillustration of two
springs used for the model is again shown in Figure 7-43. Thefirst spring is perfectly elasto-
plastic, with strength dropping to 15% of the strength of the spring at the 3% rotation. The
second spring is elastic until the rotation reaches the value of 3%. The strength of the
connection again drops down to 15% of the spring strength. The measured moment-rotation
behavior of the connection and the model of it are shown in Figure 7-44 and Figure 7-45,
respectively. Figure 7-45 shows the total rotation behavior of the joint.

The connection stiffness values for the rest of the connections were determined using the
stiffness calculated using Equation 7-19 and 35% of the beam strength. Again, two springs for
each end of the beam were used to model the strain hardening with fracturing behavior of the
joint.

D-f- =
o-F

«Q

@

Figure 7-43 Clip-Angle Connection Modeling Used for Study
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Figure 7-44 Measured M oment-Rotation Behavior of Clip-Angle Partially Restrained
Connection (Leon and Schrauben, 2000)

Moment, (k-in)
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Total Rotation, (rad)

Figure 7-45 Model of Moment-Rotation Behavior of Clip-Angle Partially Restrained
Connection
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7.6.4 Description of Building Investigated

A 9-story building for seismic design category C was selected for investigation since it
showed large demands for the WCSB configuration case. Since clip-angle connections are
flexible compared with the T-stub connections, all of the interior frames were also designed to
act asthe lateral-load-resisting system. The new plan views for the 9-story building are shown
in Figure 7-46. The number of PR connections in the building is the same for the N-S and E-W
directions. The elevation view with the member sizes for the building is shown in Figure 7-47.
The 9-story building now has fifteen moment-resisting bays with thirty clip-angle PR
connections per floor. Therefore, an additional bay to represent the gravity frame was not
needed. Since the partially restrained connections are permitted in OMFs, a strength reduction
factor of four was used for the design. Initially, the members of the structure were changed so
that the drifts were satisfied according to the 1997 NEHRP Provisions. Increasesin beam sizes
were necessary to meet the drift requirements. Strengths of the members and the connections
were checked. Detailed design of the connections was not performed. Instead, 35% of the
strength of the beam was used as described in Section 7.5.3. Thisis below the limiting strength
ratio of 50% for OMF partially restrained connections specified in the LRFD Seismic Provisions.
However, according to the experimental research, Leon concluded that the connections usually
develop only 20% to 50% of the plastic moment capacity of the beam. A connection strength of
35% of the beam strength was adequate for all of the connections in the 9-story building. More
description on how the connection model was introduced is given in Section 7.5.3. Doubler
plates were not used since the panel-zone check requirements are not enforced for the OMF
systems. Since the strengths of the connections are small, only a small amount of plastic
deformation was observed for the panel zone. Therefore, a case with doubler plates was not
investigated. The design force and the fundamental period for the structure were 300 kips and
3.88 seconds, respectively.

The ground motions used for the study are the 20 ground motions for the LA site for the 2/50
hazard level and the 20 ground motions for the Seattle site for the 2/50 hazard level, as described
in Chapter 3. Both suites of ground motions were scaled to match the target spectra values.
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Figure 7-46 Plan View 9-Story Buildingin SDC C
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Figure 7-47 1997 NEHRP 9-Story OMF with Clip-Angle PR Connections
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7.6.5 Response of Buildings with Clip Angle PR Connections
7.6.5.1 Demand Responses

A comparison of the static pushover response of the buildings with PR connections and
buildings with WCSB configurationsis shown in Figure 7-48. Since only small plastic
deformations in panel zones were observed, a case with doubler plates was not investigated. The
9-story building with clip angle PR connections shows strength comparabl e to the WCSB cases
with doubler plates and T-stub connections. Thisis because only small demands were observed
for the panel zone and more connections are resisting the lateral force. However, the building
drastically lost its strength after reaching 3% of the global drift. Thisisdueto the limited
capacity of the clip-angle connections.

Demands for the 9-story building with clip-angle PR connections excited by LA 2/50 ground
motions are shown in Figure 7-49. Those for the Sesttle site are shown in Figure 7-50. The
solid symbols represent the median response val ues whereas the open symbols represent the
maximum response. The plot on the left represents the axial force ratios of columns. The P/P
and P/P, are compressive axial force ratio and tensile axial force ratio, respectively. The
negative values represent compressive values. The middle plot shows the plastic rotation
demands for each of the components as well as the drifts. The right plot shows the median, 84"
percentile, and 95" percentile drifts observed from the analysis.

The responses from both sites give similar results. For the LA site, a maximum plastic
rotation of 1.2% was observed in the beam connection but only about 0.5% median plastic
rotation was observed. A drift value of 2% was observed for the 95™ percentile but a median
drift value of 1.2% was observed, which is acceptable. Maximum plastic rotation observed in
the building was only 0.5%, which is smaller than that in WCSB and T-stub PR connection
cases. Similar but somewhat larger demands were observed for the building in Seattle. Again
maximum drifts were observed in the top story. The axial compression force ratio stayed at
about 0.4 while no tension force was observed. Very little fluctuation of the axial forces was
observed from the results both for LA and Seattle. Thisisdue to the small rotational capacity
and thus reduction of stiffness after yielding of the connection model. Therefore, the 9-story
building performed well.
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Figure 7-48 Comparison of Static Pushoversfor 9-Story Building with WCSB
Configuration, T-Stub Connections, and Clip-Angle Connections
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Figure 7-49 Median and Maximum Demandsfor the Case with Panel Zones Yielding for
LA 9-Story Building with Clip-Angle PR Connections
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Figure 7-50 Median and Maximum Demands for the Case with Panel Zones Yielding for
Seattle 9-Story Building with Clip-Angle PR Connections

7.6.6 Performance Evaluation of Buildings with Clip Angle Connections

Performance evaluations were done for all of the building with clip-angle PR connections.

Vauesfor C, Br B, @ D, LBecos V. By Vo Acony But?s Ky fOr the LA site are given in Table 7-24 to
Table 7-28. Theresultsfor the Sesttle site are shown in Table 7-29 to Table 7-33. These were
calculated using the provisions set out in Chapter 5.

The global capacities for each of the buildings were calculated using the IDA analysis. The
median drift capacity for the original 9-story building in LA was 4.9% and in Seattle it was
5.8%, which islow when compared with other buildings studied. The median demand drifts for
both 2%-in-50-years hazard level and 50%-in-50-years hazard level have been presented and
discussed in the previous section. Since the local drift capacity for the buildings with clip-angle
PR connections has not yet been defined in Table 5-2, in Section 5.6.1.1 it has been calculated
individually. Since the strength of the connection dropped to 15% of beam moment capacity at
3% rotation, adrift value of 3% plus the elastic drift observed from the static pushover analysis
in Figure 7-48 was used as the local drift capacity. Therefore, local drift capacity for the 9-story
building was calculated to be 4%. The drift criterion for the immediate occupancy level was also
not provided. Therefore, the 3% drift capacity, which is the same value as used for the T-stub
PR connections listed in the table for the O levels, was used.

Although the drift capacities calculated were small for the buildings with clip angles
compared to the other buildings, the drift demands cal culated were also the smallest. Thisisdue
to the large resistance coming from the larger number of the moment bays. Therefore, a

7-57



FEMA-355F
Chapter 7: Performance of Ordinary and Performance Prediction and Evaluation of
Partially Restrained Steel Moment Frames Steel Moment Frame Buildings

confidence level of 99% for the CP level and 1O level for both of the buildings was observed for
the 9-story building.

Table7-24 CP ConfidenceLevel Calculations Against Global Collapse for Scaled LA 2/50
Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.049 ‘ 0.28 ‘ 0.35 ‘ 0.74 | 0.014 | 0.21 ‘ 0.00 ‘ 1.07 ‘ 0.20 | 1.06 ‘ 2.23 ‘ 0.16 ‘ 2.60 | 99

Table 7-25 CP Confidence Level Calculations Against Local Collapsefor Scaled LA 2/50
Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.040 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.014 | 0.21 ‘ 0.00 ‘ 1.07 ‘ 0.20 | 1.06 ‘ 2.11 ‘ 0.10 ‘ 2.81 | 99

Table7-26 10 Confidence Level Calculationsfor Scaled L A 50/50 Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.030 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.003 | 0.41 ‘ 0.00 ‘ 129 ‘ 0.21 | 107 ‘ 5.48 ‘ 0.11 ‘ 5.70 | 99

Table 7-27 CP Confidence Level Calculations Against Global Collapse for Scaled L A 50/50
Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.049 ‘ 0.28 ‘ 0.35 ‘ 0.74 | 0.003 | 0.41 ‘ 0.00 ‘ 1.29 ‘ 0.21 | 1.07 ‘ 7.75 ‘ 0.17 ‘ 5.63 | 99

Table 7-28 CP Confidence Level Calculations Against L ocal Collapse for Scaled L A 50/50
Hazard

é B B @ 6 Pace Por Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.040 ‘ 0.20 ‘ 0.25 ‘ 0.86 | 0.003 | 0.41 ‘ 0.00 ‘ 129 ‘ 0.21 | 107 ‘ 7.31 ‘ 0.11 ‘ 6.58 | 99
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Table 7-29 CP Confidence Level Calculations Against Global Collapse for Scaled Seattle
2/50 Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.058 ‘ 0.32 ‘ 0.35 ‘ 0.80 | 0.012 | 0.32 ‘ 0.00 ‘ 1.1 ‘ 0.21 | 104 ‘ 3.44 ‘ 0.16 ‘ 3.47 | 99

Table 7-30 CP Confidence Level Calculations Against Local Collapse for Scaled Seattle
2/50 Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.040 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.012 | 0.32 ‘ 0.00 ‘ 1.1 ‘ 0.20 | 1.04 ‘ 2.68 ‘ 0.10 ‘ 3.40 | 99

Table7-31 10 Confidence Level Calculationsfor Scaled Seattle 50/50 Hazar d

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.030 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.004 | 0.30 ‘ 0.00 ‘ 1.09 ‘ 0.21 | 1.05 ‘ 6.59 ‘ 0.11 ‘ 6.10 | 99

Table7-32 CP Confidence Level Calculations Against Global Collapse for Scaled Seattle
50/50 Hazard

é B B @ 6 Pace Bor Yy B Va Acon B’ Kx C:Ol/lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.058 ‘ 0.32 ‘ 0.35 ‘ 0.80 | 0.004 | 0.30 ‘ 0.00 ‘ 1.08 ‘ 0.21 | 1.05 ‘ 113 ‘ 0.17 ‘ 6.34 | 99

Table 7-33 CP Confidence Level Calculations Against Local Collapse for Scaled Seattle
50/50 Hazard

é B A (4 |j Bece Bor Yy A Ya Acon ﬁJT2 Kx Co./lo_.

1997 NEHRP PR Connection, SDC=C

9-story ‘ 0.040 ‘ 0.20 ‘ 0.25 ‘ 0.90 | 0.004 | 0.30 ‘ 0.00 ‘ 1.09 ‘ 0.21 | 1.05 ‘ 8.79 ‘ 0.11 ‘ 6.98 | 99
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7.6.7 Summary of Results for Buildings with Clip Angle Connections

The 9-story building designed with clip-angle connections for SDC C in accordance with the
1997 NEHRP Provisions satisfied the SAC performance objectives for the CP and the IO
performance levels.

For the 9-story building, a maximum plastic rotation of 2.2% was observed for the
connections. The maximum panel zone rotation observed was only 0.9%. Drift ratios of 1.9%
and 1.2% were observed for the 95" percentile and median, respectively. Therefore, the 9-story
building with clip angle connections performed well.

A 9-story building for the Sesttle site was a so analyzed for the 2%-in-50-year ground
motions. The median drifts and 95" percentile drifts were 1.1% and 1.9%, respectively, which is
similar to those for the LA site. Overall, the structure performed well.

The column axial force ratios were calculated and checked for acceptability. The maximum
P/P ratio observed was a little over 0.4, which iswell below the limiting ratio of 0.75. No
tension was observed in the 9-story building. Therefore, the axial forces are all acceptable.

The permanent residual drift due to 50/50 ground motion hazard was investigated. The 9-
story building in LA had below 0.1% of permanent residual drift ratio, which is significantly
below the failure criterion. However, the 9-story building in Seattle resulted in 0.64%
permanent residual drift ratio. Thisis attributable to the characteristics of the SE19 ground
motions and higher mode effects. Therefore, the building is considered to have failed the CP
performance objective.

Finally, the confidence level calculations were performed according to the procedure
presented in Chapter 5. Although the calculated drift capacities were small for the buildings
with clip angles compared with those for other buildings, the calculated drift demands were also
the smallest. Thisisdue to the large resistance from the larger number of moment bays.
Therefore, the confidence level of 99% was observed for the 9-story building for the CPand 10
levels.

7.7 Summary of Results and Conclusions for Seismic Behavior of Frames with
PR Connections

A 3-story building in SDC D, a 9-story building in SDC C with T-stub PR connections, and a
9-story building in SDC C with clip-angle PR connections were designed and analyzed for this
study. As seen from the measured moment-rotation behavior of the end-plate connection, the
connection has large stiffness and strength for most of the failure mechanisms. Hence, it will
behave similarly to the fully restrained connections. Therefore, the performance of the buildings
with the end-plate connections is expected to be good based on the SMRF studies performed by
Lee and Foutch (2000).

For the buildings with T-stub PR connections, maximum plastic rotation was observed in the
panel zone. Therefore, buildings with doubler plates inserted were also investigated. Maximum
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plastic rotation was observed in beam connections for the building with clip-angle PR
connections.

For the 3-story building with T-stub PR connections, a maximum plastic rotation of 2.5%
was observed in the beam connections, but only about 1% median plastic rotation was observed.
Similarly, alarge drift value of 4% was observed for the 95" percentile, but an acceptable
median drift value of 2.5% was observed. For the 9-story building with T-stub connections, the
maximum plastic rotation was observed in the panel zones. A maximum plastic rotation of 2%
was observed for the panel zones when only 0.8% was observed for the beam connections. The
building with doubler plates resulted in a maximum connection plastic rotation of 1%. Drift
ratios of 2.2% and 1.4% were observed for the 95™ percentile and median, respectively.
Therefore, the 9-story buildings performed well. A 9-story building for the Seattle site was
analyzed for the 2%-in-50-year ground motions. The median drifts and 95" percentile drifts
were 1.5% and 2.5%, respectively, which is dlightly larger than for the LA site. Overal, the
structure performed well.

For the 9-story building with clip-angle PR connections, the maximum plastic rotation was
observed in the connections. A maximum plastic rotation of 2.2% was observed for the
connections, but the maximum panel zone rotation observed was only 0.9%. Drift ratios of 1.9%
and 1.2% were observed for the 95" percentile and median, respectively. Therefore, the 9-story
building with clip-angle connections performed well. A 9-story building for the Seattle site was
also analyzed for the 2%-in-50-year ground motions. The median drifts and 95™ percentile drifts
were 1.1% and 1.9%, respectively, which are ssmilar to those for the LA site.

The adequacy of rotational capacity for the T-stub PR connection due to gravity load and
lateral load was investigated. For the 9-story building with T-stub PR connectionsin SDC C, the
8" level had the largest plastic rotational demand of about 0.009 radians. Total rotational
demand for the corresponding level was 0.013 radians. Another 9-story building in SDC B was
designed and analyzed. This building was mostly governed by strength requirements. The
maximum plastic rotation of 0.003 radians was observed at the 3" level. Although the capacities
of the connections were smaller than for those for the SDC C structure, the calculated rotational
demands were small enough that the connection performed well. Therefore, the rotational
capacity for the T-stub PR connection due to gravity load and lateral load is adequate for both
SDC C and SDC B.

The column axial force ratios were calculated and checked for acceptability. The maximum
P/P ratios observed for the building with T-stub PR connections and clip-angle PR connection
were 0.5 and 0.4 respectively, which iswell below the limiting ratio of 0.75. No tension was
observed for al of the 9-story buildings and only a small amount was observed in the 3-story
building with T-stub PR connections. Therefore, the axial forces are all acceptable.

The permanent residual drift due to 50/50 hazard ground motions was investigated. The
maximum residual drift observed for a building with T-stub connections was from the 9-story
building, where it was 0.001. However, alarge permanent residual drift value of 0.0064 was
observed for the 9-story building with clip-angle connections. Thisis attributable to the
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characteristics of the SE19 ground motion and effects from the higher modes. The value
observed exceeds the target value of 0.005. The 3-story building had small residual drift values.
Therefore, the building is again acceptable.

Finaly, the confidence level calculations according to the procedure presented in Chapter 5
were performed. The confidence levels for CP for the 2/50 hazard and 1O for the 50/50 hazard
for al buildings were 99% except for the 3-story building in SDC D with T-stub PR connections,
which resulted in 92% confidence level, which is probably acceptable. A local drift capacity of
5.4% would result in 95% confidence.
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8. PERFORMANCE EVALUATION OF EXISTING BUILDINGS

8.1 Introduction

Seismic evaluation and upgrade of buildingsis being performed in aimost all parts of the
country. Recently, amajor national project funded by FEMA resulted in the devel opment of
Guidelines and Commentary for the Seismic Rehabilitation of Buildings. These were published
as FEMA Reports 273 and 274 (FEMA, 1997c, d) and are described in Chapter 4.

8.2  Evaluation and Rehabilitation Objectives and Process
8.2.1 Evaluation and Rehabilitation Objectives

Performance evaluation for existing buildings is covered in this chapter. Rehabilitation
procedures and objectives are covered in FEMA-273 and in the Guidelines.

8.2.2 Evaluation Process

The evaluation process for existing buildings follows the same general steps asthose givenin
Chapters 5 and 6. However, it is necessary to determine the material properties and condition of
the existing buildings.

8.3  General Requirements
8.3.1 Scope

This chapter gives recommendations for systematic evaluation and rehabilitation of existing
steel moment frame buildings. The recommendations follow closely those given in FEMA-273
and 274 (FEMA, 1997c, d). These documents are highly recommended for design professionals.

Some significant changes to FEMA-273 are recommended. These changes result from the
Northridge earthquake experience and the large volume of research results that have been
produced since then, including the two SAC projects.

8.3.2 Performance Levels and Objectives

Two performance levels are recognized in this document: Collapse Prevention (CP) and
Immediate Occupancy (10). These are defined and described in Chapters 2 and 5. For design of
new buildings, the stated performance object is 95% confidence in achieving Collapse
Prevention for the 2/50 hazard. Although thisis an excellent goal for evaluation and
rehabilitation, it may not always be attainable due to the cost and other factors. To satisfy this
performance objective for new buildings, it only requires using a better connection that resultsin
only asmall increment in cost. To take this approach for an existing building might require
rehabilitating every moment connection in the building. Thiswould be very costly.

This chapter presents a performance-based procedure for evaluating the confidence in
satisfying a given performance level for a steel moment-frame building for a given hazard level.
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The procedure is based on the groundwork presented in Chapter 5 and follows closely the
developments for performance evaluation of new buildings given in Chapter 6.

The two broad issues that face the design professional and building owner are these: (1)
What is the minimum acceptable level of protection against collapse and loss of life for agiven
hazard level? (2) What level of damage is acceptable for a given hazard level? This document
will not attempt to answer these questionsin general terms because every building, occupancy
and situation are different. The objective of thisreport isto provide tools that will alow the
design professional to evaluate the risk.

8.3.3 Seismic Hazard and Design Spectrum

The seismic hazard and design accel eration response spectra are the ones given in Chapter 3.
They are identical to those given in the 1997 NEHRP Provisions with one important exception.
In the NEHRP Provisions, the design spectrum ordinates, Sps and Sp;, are calculated by
multiplying Sus and Sw; by 2/3. For these SAC Guidelines, the 2/3 factor is replaced by 1.0.
Justification for thisis given in Chapter 3.

8.4  Material Properties and Condition Assessment
8.4.1 General

Quantification of in-place material properties and verification of the existing system
configuration and condition are necessary to analyze or evaluate a building. This section
identifies properties requiring consideration and provides guidelines for their acquisition.
Condition assessment is an important aspect of planning and executing the seismic rehabilitation
of an existing building. One of the most important steps in condition assessment isavisit to the
building for visual inspection.

The extent of in-place materials testing and condition assessment that must be accomplished
isrelated to availability and accuracy of construction and as-built records, the quality of
materials used and construction performed, and the physical condition of the structure. Data
such as the properties and grades of material used in component and connection fabrication may
be effectively used to reduce the amount of in-place testing required. The design professional is
encouraged to research and acquire all available records from the original construction.

8.4.2 Properties of In-Place Materials and Components
8.4.2.1 Material Properties

Mechanical properties of component and connection material dictate the structural behavior
of the component under load. Mechanical properties of greatest interest include the expected
yield (Fye) and tensile (Fye) strengths of base and connection material, ductility, toughness,
elongational characteristics, and weldability. The term “expected strength” is used throughout
this document in place of “nominal strength” since expected yield and tensile strengths are used
in place of nominal values specified in AISC (1994a and b).
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The effort required to determine these propertiesis related to the availability of original and
updated construction documents, original quality of construction, accessibility, and condition of
materials.

The determination of material propertiesis best accomplished through removal of samples
and laboratory testing. Sampling may take place in regions of reduced stress, such as flange tips
at beam ends and external plate edges, to minimize the effects of reduced area. Types and sizes
of specimens should be in accordance with ASTM standards. Mechanical and metallurgical
properties usually can be established from laboratory testing on the same sample. Default values
for material properties recognized by the SAC project are given in Table 8-1. There are two
factorsthat require mill test data to be adjusted. Thefirst isthat coupons are taken from the web,
which has a strength of about 5% higher than the flange. The second isthe mill load rate.

Table8-1 Expected and Lower-Bound Material Propertiesfor Structural Steel of Various

Grades
Yield Strength (ksi) Tensile Strength (ksi)
Material Specification Lower Bound Expected Lower Bound Expected

ASTM, A36 1961 — 1990

Group 1 41 47 60 70
Group 2 39 47 58 67
Group 3 36 46 58 68
Group 4 34 44 60 71
Group 5 39 47 68 80
ASTM, A572 1961 -

Group 1 47 54 62 75
Group 2 48 58 64 75
Group 3 50 57 67 77
Group 4 49 57 70 81
Group 5 50 55 79 84
A36 and Dual Grade 50 1990 — 1999

Group 1 48 55 66 73
Group 2 48 58 67 75
Group 3 52 57 72 76
Group 4 50 54 71 76

Notes:
1. Lower-bound values for material are mean — 2 standard deviation values from statistical data.
Expected values for material are mean values from statistical data.

2. For wide-flange shapes, indicated values are representative of material extracted from the web of
the section. For flange, reduce indicated values by 5%.
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8.4.2.2 Component Properties

Behavior of beams and columns is dictated by such properties as area, width-to-thickness and
slenderness ratios, lateral torsional buckling resistance, and connection details. Component
properties of interest are:

e original cross-sectional shape and physical dimensions,

» sizeand thickness of additional connected materials, including cover plates, bracing, and
stiffeners,

» existing cross-sectional area, section moduli, moments of inertia, and torsional properties at
critical sections,

» as-built configuration of intermediate, splice, and end connections, and

» current physical condition of base metal and connector materials, including the presence of
deformation.

Each of these propertiesis needed to characterize building performance in the seismic
analysis. The starting point for establishing component properties should be construction
documents. Preliminary review of these documents shall be performed to identify primary
vertical- and lateral-load-carrying elements and systems, and their critical components and
connections. In the absence of a complete set of building drawings, the design professional must
direct atesting agency to perform athorough inspection of the building to identify these
elements and components. In the absence of degradation, statistical analysis has shown that
mean component cross-sectional dimensions are comparable to the nominal published values by
AISC, AlSI, and other organizations. Variance in these dimensionsis also small.

8.4.3 Condition Assessment
8.4.3.1 General

A condition assessment of the existing building and site conditions shall be performed as part
of the seismic evaluation process. The goals of this assessment are:

» to examine the physical condition of primary and secondary components and the presence of
any degradation

» toverify or determine the presence and configuration of components and their connections,
and the continuity of load paths between components, elements, and systems

» toreview other conditions such as neighboring party walls and buildings, the presence of
nonstructural components, and limitations for rehabilitation that may influence building
performance.

The physical condition of existing components and elements, and their connections, must be
examined for the presence of degradation. Degradation may include environmental effects (e.g.,
corrosion, fire damage, chemical attack) or past or current loading effects (e.g., overload,
damage from past earthquakes, fatigue, fracture). The condition assessment shall also examine
for configuration problems observed in recent earthquake, including effects of discontinuous
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components, improper welding, and poor fit-up. If design or construction drawings are
available, then the |lateral-load-resisting system does not need to be verified by inspection. The
condition of the components and the requirement for inspection shall be determined by the
design professional based on the past history of the building.

Component orientation, plumbness, and physical dimensions should be confirmed during an
assessment. The wide-flange section can usually be determined by measuring the appropriate
dimensions of the beams and columns. Connections in steel components, elements, and systems
require special consideration and evaluation. The load path for the system must be determined,
and each connection in the load path(s) must be evaluated. This includes diaphragm-to-
component and component-to-component connections. FEMA-267 (SAC, 1995) provides
recommendations for inspection of welded steel moment frames.

The condition assessment also affords an opportunity to review other conditions that may
influence steel elements and systems and overall building performance. Of particular importance
isthe identification of other elements and components that may contribute to, or impair, the
performance of the steel system in question, including infills, neighboring buildings, and
equipment attachments. Limitations posed by existing coverings, wall and ceiling space, infills,
and other conditions shall also be defined so that prudent rehabilitation measures may be
planned.

8.4.3.2 Scope and Procedures

The scope of a condition assessment shall include all primary structural elements and
components involved in gravity and lateral-load resistance. If coverings or other obstructions
exist, then local removal of covering materials will be necessary.

» |If detailed design or construction drawings exist and the structure has not experienced an
earthquake peak ground acceleration of 0.20 g or higher, no exposure of joints or membersis
required.

» |f detailed design and construction drawings exist and the structure has experienced an
earthquake peak ground acceleration of 0.20 g or more, the inspection procedures described
in the SAC Guidelines should be followed.

* Inthe absence of construction drawings, the design professional shall establish inspection
protocol that will provide adequate knowledge of the building needed for reliable evaluation.
For steel elements encased in concrete, it may be more cost-effective to provide an entirely
new lateral-load-resisting system than to remove concrete for inspection.

8.4.3.3 Quantifying Results

The results of the condition assessment shall be used in the preparation of building system
models in the evaluation of seismic performance. To aid in this effort, the results shall be
quantified and reduced, with the following specific topics addressed.

8-5



FEMA-355F Performance Prediction and Evaluation of
Chapter 8: Performance Evaluation of Existing Buildings Steel Moment Frame Buildings

» Component section properties and dimensions
» Connection configuration and presence of any eccentricities
* Typeand location of column splices

» Interaction of nonstructural components and their involvement in lateral-load resistance

The acceptance criteriafor existing components depend on the design professional’s
knowledge of the condition of the structural system and material properties (as previously
noted). All deviations noted between available construction records and as-built conditions shall
be accounted for and considered in the structural analysis.

8.5 Analytical Evaluation Methods for Existing Steel Moment Frames
8.5.1 General

Moment-resi sting connections with calculable resistance are required between the members
in steel moment frames. The frames are categorized by the types of connections used and by the
local and global stability of the members. Moment frames may act alone to resist seismic loads,
or they may act in conjunction with concrete or masonry shear walls or with braced steel frames
to form adual system. Specia rulesfor design of new dual systems are included in AISC (1997)
and FEMA (1997a).

Connections between the members may be fully restrained (FR), partialy restrained (PR), or
nominally unrestrained (simple shear or pinned). The components may be bare steel, steel with a
nonstructural coating for fire protection, or steel with either concrete or masonry encasement for
fire protection.

Two types of frames are categorized in this document. Fully restrained (FR) moment frames
are those frames for which no more than 10% of the lateral deflections arise from connection
deformation. Partially restrained (PR) moment frames are those frames for which more than
10% of the lateral deflections result from connection deformation. In each case, the 10% value
refers only to deflection due to beam-column connection deformation and not to frame
deflections that result from column panel-zone deformation. Information on PR connectionsis
given in Chapter 7. Existing welded connections are covered here.

8.5.1.1 Design Forces Using Various Analysis Procedures

Any of the analysis procedures described and calibrated in Chapter 4 may be used.
Appropriate coefficients for each are given below.

8.5.2 Modeling and Analysis
8.5.2.1 General

Fully restrained (FR) moment frames are those moment frames with rigid connections. The
connection shall be at least as strong as the weaker of the two members being joined.
Connection deformation may contribute no more than 10% (not including panel-zone
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deformation) to the total lateral deflection of the frame. If either of these conditionsis not
satisfied, the frame shall be characterized as partially restrained. The most common beam-to-
column connection used in steel FR moment frames since the late 1950s required the beam
flange to be welded to the column flange using complete joint penetration groove welds. These
are commonly referred to as pre-Northridge connections. Many of these connections have
fractured during recent earthquakes. The design professional isreferred to FEMA-267 (SAC,
1995) and other documents prepared for the SAC Phase 1 and Phase 2 projects.

Fully restrained moment frames encompass both Special Moment-Resisting Frames and
Ordinary Moment-Resisting Frames, defined in the Seismic Provisions for Structural Steel
Buildingsin Part 6 of AISC (1997). Requirementsfor general or seismic design of steel
components given in AISC (1997) or FEMA (1997a) may be followed unless superseded by
provisionsin thisreport. In all cases, the expected strength will be used in place of the nominal
design strength by replacing Fy, with Fye. Ordinary Moment Resting Frames are discussed in
Chapter 7 of this document.

8.5.2.2 Stiffness for Analysis

A. Linear Static and Dynamic Procedures
Information on modeling buildings for analysisis given in Chapter 4 of this document.

B. Nonlinear Static Procedure

» Use dastic component properties as outlined in Chapter 4.

» Use appropriate nonlinear moment-curvature and interaction relationships for beams and
beam-columns to represent plastification. These may be derived from experiment or
analysis. See Chapter 4 for more information.

* Linear and nonlinear behavior of panel zones may be included as described in Chapter 4.
C. Nonlinear Dynamic Procedure

The hysteretic behavior of each component must be properly modeled. This behavior must
be verified by experiment. A study by Shi and Foutch (1998) showed that the maximum drifts
calculated using a nonlinear time-history analysis are not sensitive to the hysteresis model. Only
major features of the hysteresis model are important such as sudden loss of strength and extreme
pinching.

8.5.2.3 Modeling Nonlinear Behavior of Connections

Modeling the nonlinear behavior of new connections pre-qualified by the SAC project is
described in Chapter 4. Modeling the nonlinear behavior of pre-Northridge connectionsis given
here.
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The nonlinear behavior of pre-Northridge connectionsis very complex. Thisis because of
the brittle-type behavior of the weld. The hysteresis behavior of atypical pre-Northridge
connection is shown in Figure 8-5. The first departure from linear behavior is usually the
fracture of the bottom flange weld when the beam is under positive moment. A reasonable
estimate of when this occurs is when the plastic moment capacity of the beam isreached. Thisis
followed by a sudden loss of strength and stiffness. The strength drops to a value of about 0.2
M. It does not go to zero because the shear tab acting with the composite slab will generate
some moment resistance. |f the deformation continues, the top flange or shear tab will fracture
leading to loss of gravity-carrying capability. When the deformation is reversed, thereis no
resistance until the crack in the fractured bottom flange closes. At this point the connection acts
asif no fracture occurred, and negative moment builds. This could continue until the top flange,
which isnow intension, fractures. If the load is reversed before fracturing the top flange, the
moment will reduce to zero and remain at zero as the crack opens. The moment will increase
until it reaches the 0.2M, value. Generally, when the previous maximum positive rotation is
reached, the crack will still continue to propagate with nearly constant moment until complete
fracture occurs.

For the nonlinear static procedure, this behavior can be approximated in areasonably easy
manner. The behavior under positive moment can be modeled as shown in Figure 8-1. The
control points are given in the State of the Art Report on Connection Performance (Roeder,
2000) asfollows:

€, = 0.051 - 0.0013 dy (8-1)
and
6y = 0.043 + 0.00058 dy (8-2
where:
Bp = plastic rotation at which the bottom tension flange fractures
B = plastic rotation at which top compression flange or shear tab fails
dy = beam depth

This assumes that the engineer has an analysis program that not only does nonlinear analysis,
but also alows the engineer to input custom moment-rotation models. There are currently
commercia programs available with this capability.

Figure 8-1 depicts the behavior of the connection under positive moment. The behavior
under negative moment is shown in Figure 8-2. When a static pushover analysisis conducted
such as the F273-NSP described in Chapter 4, as the structure is loaded to the right, all
connections on the right side of each column will be under positive moment and each connection
on the left of each column will be under negative moment. The right-side connections should be
modeled as shown in Figure 8-1 and each left-side connection should be modeled as shown in
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Figure 8-2. Itisrecommended that a small amount of strain hardening be used for both
connectionsin all regions of response.

For nonlinear time-history analysis, the connection model must have complex loading and
unloading rules. Programs that allow this are not readily available. The SAC studiesused a
custom element for the Drain 2DX program developed by Shi and Foutch (1998). The behavior
of the model connection is shown in Figure 8-6.
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Figure8-1 Moment-Rotation Behavior of Pre-Northridge Connection under Positive
Moment
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Figure 8-2 Moment-Rotation Behavior of Pre-Northridge Connection under Negative
M oment
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8.6 Performance Evaluation of Buildings Designed and Constructed Before the
Northridge Earthquake

8.6.1 Background

There are many steps to take in the evaluation of an existing building. These include
collecting design and construction drawings if available, determination of the condition of the
building, and identification of the gravity and seismic-load-carrying systems and load paths.
These and other important items are discussed in the body of the Guidelines. This section deals
only with using analysis procedures for evaluation. It isassumed that the date of construction is
known and the members and material properties of the gravity and seismic-load-carrying
systems have been identified through the design documents or inspection and material tests as
described above.

The year of construction can be an important indicator for seismic performance. Table 8-2
provides a summary of key specifications from the UBC for the years 1958 through 1997. The
seismic and steel design requirements remained relatively unchanged from 1958 through 1970.
Welded steel moment frames built during this period are characterized by four potential
deficiencies. The most serious of theseisthe lack of adrift limit for seismic loads. Although
not required for seismic design, many firms imposed a drift [imit of 0.0025, which was the
commonly used limit for wind loads. The second key aspect is the lack of arequirement for
strength of panel zones. Frames designed in this period may have aratio of plastic panel-zone
strength to the sum of the strengths of the beams framing into the column aslow as 0.40. The
third important aspect is low design base shear. The fourth isthe lack of restrictions on weak
column designs.

Prior to 1970, there were no restrictions for steel buildings. In 1970, local buckling and
connection strength requirements were added. An important addition to the code was made in
1976. A drift limit of 0.005 wasimposed. The drift was equal to the calculated drift from elastic
analysisdivided by K. A new equation for determining the period of a building based on the
improved Rayleigh quotient was also added. In 1988, four major changes took place. The
current base shear format using a response modification factor, R, and a requirement on panel
zone strength were adopted. The drift limit was changed to the smaller of 0.04/R,, or 0.005.
Also, arequirement on the ratio of strength of columns and girders framing into ajoint was
imposed. For all of these years up to, and including, 1994, only allowable stress design was
recognized. In 1997, anear-source multiplier on the member strength requirements and a
redundancy term were added.

Figure 8-3 shows the design response spectrum for 1973 and later years. The 1973 spectrum
is considerably lower than the later ones for short periods and longer periods out to about two
seconds. The response spectrum for the past years was for Zone 4, which assumed a peak
ground acceleration at bedrock of 0.40g. The current codes recognize that the response spectrum
for different sites in what was previously classified as Zone 4 can vary significantly. The level
of the response spectrum is only half of the picture, however. The drift limitation is also very
important, and there was none in 1973.
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Table8-2 A Summary of Key Specification from the UBC for the Years 1958 Through 1994

94UBC

88UBC

85UBC

82UBC

UBC SEISMIC PART

Allowable stress

All allowable stresses can
be increased 1/3 when
considering earthquake

forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

All allowable stresses can be
increased 1/3 when
considering earthquake forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

Load combination

1.DL+LL+SnowL
2.DL+LL+WL(Seismic)
3.DL+LL+WL+Snow/2
4.DL+LL+Snow+Wind/2
5.DL+LL+Snow+Seismic

1.DL+LL+SnowL
2.DL+LL+WL(Seismic)
3.DL+LL+WL+Snow/2
4.DL+LL+Snow+Wind/2
5.DL+LL+Snhow+Seismic

1.DL+LL+SnowL
2.DL+LL+WL(Seismic)
3.DL+LL+WL+Snow/2
4.DL+LL+Snow+Wind/2
5.DL+LL+Snow+Seismic

1.DL+LL+SnowL
2.DL+LL+WL(Seismic)
3.DL+LL+WL+Snow/2
4.DL+LL+Snow+Wind/2
5.DL+LL+Snow+Seismic

Live load reduction Allowed allowed allowed allowed
Seismic zone(LA) Zone No. 4 Zone No. 4 Zone No. 4 Zone No. 4
V=ZIKCSW V=ZIKCSW
V=ZICW/Rw V=ZICW/Rw C=1/(15*T*? C=1/(15*T*?
Base shear C=1.255/T%° C=1.255/T%? - K=0.67 for SMRF - K=0.67 for SMRF
- Rw=12 for SMRF - Rw=12 for SMRF - S=coefficient for site- - S=coefficient for site-structure
structure resonance resonance
2 T =2r. w 52 f. o 2
o T=2m[(Y wo?)- (oY fid 1= 215 7))+ (63 1,5) (Zwst)leX fa) | 12 2> wa?)+ (a3 1.3)
eriod(T) 3,4 ' 1 T=0.05hn/D*?
T:Ct(hn)3/4 T=Ct(hn) T=0.05hn/D T=0 1N for SMRE
T=0.1N for SMRF )
P V=Ft+ZFi V=Ft+ZFi V=Ft+ZFi V=Ft+ZFi
Distribution of lateral forces Ft=0.07TV Ft=0.07TV Ft=0.07TV Ft=0.07TV
*T<0.7sec
limit=0.04/Rw or *h <65’
Story drift limit 0.005*hn limit=0.04/Rw or 0.005*hn Story drift<0.005 Story drift<0.005
*T>0.7sec *h > 65’ Drift=displacement*(1/K) Drift=displacement*(1/K)
limit=0.03/Rw or limit=0.03/Rw or 0.004*hn
0.004*hn

ASD STEEL PART

Bending

Fb=0.66Fy , ( 65/Fy'”)

Fb=0.66Fy , ( 65/Fy'”)

Fb=0.66Fy , ( 65/Fy'”)

Fb=0.66Fy , ( 65/Fy")

Axial + bending

fa

Cm fb
CARVAN
R

<1.0

fa

LG
a 1- /I jF
L)

f

a

LG
a 1- /I jF
L)

fa

LG
a 1- /I jF
R

SMRF requirements

-panel zone strength
-panel zone thickness
-strength ratio (strong col.
weak beam)

-panel zone strength
-panel zone thickness
-strength ratio (strong col. weak
beam)

-connections are able to
develop full plastic capacity
-local buckling=> satisfy plastic
design

-connections are able to
develop full plastic capacity
-local buckling=> satisfy plastic
design
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Table8-2 A Summary of Key Specification from the UBC for the Years 1958 Through 1994 (continued)

UBC SEISMIC PART

79UBC

76UBC

73UBC

70UBC

Allowable stress

All allowable stresses can
be increased 1/3 when
considering earthquake

forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

All allowable stresses can be
increased 1/3 when
considering earthquake forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

Load combination

Wind load and earthquake
load are not combined

Wind load and earthquake load
are not comhbined

Wind load and earthquake load
are not combined

Wind load and earthquake load
are not combined

Live load reduction allowed allowed Allowed Allowed
Seismic zone(LA) Zone No. 4 Zone No. 4 Zone No. 3 Zone No. 3
V=ZIKCSW V=ZIKCSW
C=1/(15*T"? C=1/(15*T"? V=ZKCW V=ZKCW
Base shear - K=0.67 for SMRF - K=0.67 for SMRF C=0.05/T** C=0.05/T**
- S=coefficient for site- - S=coefficient for site-structure - K=0.67 for SMRF - K=0.67 for SMRF
structure resonance resonance
T=21[F wo?)+ (03 1.9 T =21 /S wo?)+ (a3 16)
Period(T)

T=0.05hn/D*?
T=0.1N for SMRF

T=0.05hn/DY?
T=0.1N for SMRF

T=0.05hn/DY?
T=0.1N for SMRF

T=0.05hn/DY?
T=0.1N for SMRF

Distribution of lateral forces

V=Ft+3Fi
Ft=0.07TV

V=Ft+ZFi
Ft=0.07TV

V=Ft+3Fi
Ft=0.004V(hn/D)"2

V=Ft+3Fi
Ft=0.004V(hn/D)"2

Story drift limit

Story drift<0.005
Drift=displacement*(1/K)

Story drift<0.005
Drift=displacement*(1/K)

Drift shall be considered in
accordance with accepted
engineering practice

Drift shall be considered in
accordance with accepted
engineering practice

ASD STEEL PART

Bending

Fb=0.66Fy , ( 65/Fy'")

Fb=0.66Fy , ( 65/Fy'”)

Fb=0.66Fy , ( 52.2/Fy"*)

Fb=0.66Fy , (52.2/Fy"")

Axial + bending

L.;.ﬁsl_o
Fb

i)

£+¢51_0
Fb

i)

fa +% <1.0
Fb

)

£+¢51_0
Fb

i)

SMRF requirements

-connections are able to
develop full plastic capacity
-local buckling=> satisfy

plastic design

-connections are able to
develop full plastic capacity
-local buckling=> satisfy plastic
design

-connections are able to
develop full plastic capacity
-local buckling=> satisfy plastic
design

-connections are able to
develop full plastic capacity
-local buckling=> satisfy plastic
design

8-12




Performance Prediction and Evaluation of

Steel Moment-Frame Buildings

FEMA-355F

Chapter 8: Performance Evaluation of Existing Buildings

Table8-2 A Summary of Key Specification from the UBC for the Years 1958 Through 1994 (continued)

67UBC

64UBC

61UBC

58UBC

UBC SEISMIC PART

Allowable stress

All allowable stresses can
be increased 1/3 when
considering earthquake

forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

All allowable stresses can be
increased 1/3 when
considering earthquake forces.

All allowable stresses can be
increased 1/3 when considering
earthquake forces.

Load combination

Wind load and earthquake
load are not combined

Wind load and earthquake load
are not combined

Wind load and earthquake load
are not combined

Wind load and earthquake load
are not combined

Live load reduction Allowed Allowed Allowed Allowed
Seismic zone(LA) Zone No. 3 Zone No. 3 Zone No. 3 Zone No. 3
V=ZKCW V=ZKCW V=ZKCW F=CW
Base shear C=0.05/T? C=0.05/T C=0.05/T? C=Horizontal force factor
- K=0.67 for SMRF - K=0.67 for SMRF - K=0.67 for SMRF
Period(T) T=0.05hn/DY2 T=0.05hn/DY2 T=0.05hn/DY2

T=0.1N for SMRF

T=0.1N for SMRF

T=0.1N for SMRF

Distribution of lateral forces

V=Ft+3Fi
Ft=0.004V(hn/D)"2

V=Ft+3Fi
Ft=0.004V/(hn/D)"2

V=Ft+5Fi
Ft=0.1*V

Story drift limit

Drift shall be considered in
accordance with accepted
engineering practice

Drift shall be considered in
accordance with accepted
engineering practice

Drift shall be considered in
accordance with accepted
engineering practice

ASD STEEL PART

Bending

Fb=0.66Fy , ( 13330/Fy"~
psi)

Fb=0.66Fy , ( 13330/Fy"? psi)

20,000psi ,when (Ld/bt)<600

20,000psi ,when (Ld/bt)<600

Axial + bending

L_;.ﬁsl_c
Fb

i)

£+¢<1.0

Ay

17,000-0.485(L/r)?
when L/r<120

17,000-0.485(L/r)?
when L/r<120

SMRF REQUIREMENTS

- no seismic regulation

- no seismic regulation

- o seismic regulation

- nNo seismic regulation

8-13




FEMA-355F Performance Prediction and Evaluation of
Chapter 8: Performance Evaluation of Existing Buildings Steel Moment Frame Buildings

0.12

0104 - - - - - - T e e I e e e

008 - e A I L S

88 & 94UBC ' 79 & 85UBC

o
R

spectral acceleration(g)
o
o
(<]

0024 - S R R R R —

0.00 t ; T
0.0 1.0 2.0 3.0 4.0

period(sec)

Figure 8-3 Design Response Spectrum for Special Moment Frames, 1973 UBC, and
Later Years

Perhaps the greatest deficienciesin all the welded steel moment frames constructed prior to
the Northridge earthquake are the welding material and joint configuration. Laboratory tests
reveaed that most bottom flange welds fractured at or below the plastic moment capacity of the
beams, which limits the ductility capacity of the beamsto about 1. Recent tests of pre-
Northridge connections indicate that weak panel zones will cause fracture at about the same joint
rotation as for aframe with strong panel zones. Thisindicates that the distortion of the panel
zone can cause the beam-column flange welds to fracture even when the rotation of the beam is
not sufficient to cause flexural yielding.

8.6.2 Expected Performance of Existing Welded Steel Moment Frames Based on Year of
Construction

Major investigations were undertaken for the SAC Phase 2 project. The System Performance
(SP), Connection Performance (CP), and Performance Prediction and Evaluation (PPE) Teams
were established for thisresearch.  Summaries of thiswork may be found in the State of the Art
Reports (SOA) for these groups (Krawinkler, 2000; Roeder, 2000). More complete reports of
this activity are referenced in the SOA reports.

The PPE team designed a number of buildings for an LA site in accordance with the various
codes mentioned above. Three story, 9-story, and 20-story buildings were designed for the 1973,
1985, and 1994 UBC requirements. An additional set of buildings was designed for the 1973
UBC, the first set with no drift limit and the second with adrift limit of 0.0025. The building
configurations were the same as those for which outside consultants designed buildings for sites
in Los Angeles, Seattle, and Boston. Twenty buildings with these and other configurations were
designed in accordance with the 1997 NEHRP Provisions. Floor plans and elevations for these
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buildings are shown in Figure 8-4. Note that one more bay of moment frame was added to the
three-story building designed for the 1997 NEHRP Provisions in order to satisfy the redundancy
requirement for an SMF. The member sizes and other information for all of these buildings are
given in the report by Lee and Foutch (1999).

| 4 @ 30ft | | 5 @ 30ft | | 6 @ 20ft |
| - 1 L ]
ittt e f ]
r : by T
[ A A : l | II I I
| | I
! } I. | |5 @ 20ft
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| ! | o4 _L
| |
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B : r I L —l—-l
- L - = |
—_—_— - — ==
[ } Ry
L —_
19 @ 13ft
8 [@ 13ft
1
1 3 @ 13ft e |
18ft 18ft

Figure 8-4 Floor Plansand Elevationsfor the Pre-Northridge Buildings

The modeling of the 1997 buildingsis described in Chapters4 and 5. The hysteresis
behavior from tests of beam-column connections is shown in Figures 5-1 for an RBS connection
and Figure 5-3 for a beam-column shear tab connection in agravity frame. The models used in
these studies for this behavior are shown in Figures 5-2 and 5-4. The measured and modeled
hysteresis behavior of the pre-Northridge connections used for the moment frames are shown in
Figures 8-5 and 8-6. The response in the upper quadrant represents the response for positive
moment where the bottom flange fractures. Thisis characterized by sudden fracture of the
bottom flange followed by severe pinching thereafter. The large increase in strength and
stiffness after a plateau of zero strength and stiffness represents closure of the crack in the
bottom flange. The element model (Shi and Foutch, 1997) used for these analyses reproduces
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the measured behavior well. The lower left quadrant represents behavior for negative moment
where the crack in the bottom flange is fully closed and the top flangeisin tension. At arotation
of about 0.04, either the top flange or the shear tab usually fractures, resulting in nearly zero
strength and stiffness. The connection model is not able to model thiswell. The model
gradually loses strength and arrives at about zero capacity at arotation of 0.04, so the calculated
results are alittle conservative. The response calculations are not particularly sensitive to this
difference. It isexpected that the calculated responses are perhaps 1% larger for the model used.

10

Moment (kip-in)
o

-10

Rotation (radian)

Figure 8-5 Measured Moment-Rotation Behavior of Pre-Northridge Connection

Demands placed on these buildings by the SAC LA ground motions and IDA analyses were
completed for each building. Typical resultsfor IDA analyses are shown in Figure 8-7. For the
1997 NEHRP building, it was assumed that the RBS system was used. Plots of median, 84" and
95" percentiles of maximum drift for each story for each building for both the 2/50 and 50/50
accelerograms are shown in Figure 8-8. Global collapse capacities for each building were
determined using IDA analyses. Median demands for the 2/50 LA accelerograms were also
calculated and are given with the capacities in Table 8-3.

The results show that the expected performance of a steel moment-frame building depends
on the code for which it was designed. The buildings designed prior to 1973 with no drift limit
should be expected to perform worse than buildings designed under more recent codes. These
pre-1973 buildings had median drift demands of approximately 6%, 5%, and 4% for the 3, 9, and
20-story buildings, respectively. At the 84™ percentile, the drift demands are about 8%. Thisis
alarming given that the global collapse drift for the 9 and 20-story buildings are smaller than this
and the local collapse drift is 4% for all the buildings. The results also indicate that the taller
buildings should be expected to perform worse than shorter ones for LA type ground motions.
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Figure 8-6 Model of Moment-Rotation Behavior of Pre-Northridge Connection

The results show that, as the year of construction becomes older, the capacity decreases and
the demand increases. This effect is most pronounced for the 20-story building where the
demand-to-capacity ratio is 0.34 for 1997 NEHRP design and 0.58 for the 1973 UBC design.
Theresultsin Table 8-3 are for a specific set of buildings designed for a specific site and
subjected to 20 accelerograms (L ee and Foutch, 2000) devel oped for this site for the SAC
project. Each building isunique. 1t may have more or less strength and stiffness than these case
study buildings and it will obviously be designed for different site conditions. Also, these are the
result of calculations for a highly idealized model using procedures that have not been tested for
areal building shaken to drifts approaching collapse. Therefore, the results givenin Table 8-3
and in tables and figures shown below should not be used indiscriminately. They are given here
merely for reference and as arough indicator of possible average performance based on year of
construction. The judgement of the design professional is crucial for effective evaluation of
existing and damaged buildings.

Table 8-3 Demand and Global Capacitiesfor 2/50 Hazard L evel for Buildings Designed for
Different Building Codes

97NEHRP 94UBC 85UBC 73UBC w/ drift limit 73UBC w/o drift limit

capcity demand capcity demand capcity demand capcity demand capcity demand
3-story 0.100 0.027 0.100 0.047 0.100 0.058 0.100 0.056 0.100 0.062
9-story 0.100 0.034 0.078 0.043 0.094 0.048 0.077 0.046 0.079 0.059
20-story 0.085 0.024 0.072 0.031 0.070 0.030 0.069 0.045 0.069 0.045
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Figure 8-7 Typical IDA Analysesfor Existing 20-Story Building
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Figure8-8 Median, 84" and 95" Per centile of Maximum Drift for Each Story
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1985 UBC Design 1973 UBC Design
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Figure 8-8 Median, 84" and 95" Per centile of Maximum Drift for Each Story (continued)
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8.6.3 Expected Performance of Existing Buildings Based on Stiffness

The information presented in the previous section was based on the assumption that all
existing buildings were designed to be in exact conformance with the UBC and AISC Provisions
that were in effect at the time they were designed. Thisis certainly not true. Buildings built
prior to 1973 may have been designed for any drift limit (including none) that was common
practice for the design office. Buildings designed for any of the years may or may not have had
doubler plates regardless of code requirements. Some buildings may have been designed for
much larger or smaller live loads than are currently in place in the building. Some buildings may
have been designed for a higher (or lower) level of performance than the minimum required by
the design code. Asaresult, knowing the year of design and construction of abuilding isonly a
very crude indicator of expected performance.

A useful indicator of performance is the stiffness of abuilding. The fact that buildings of the
same height have widely varying periods of vibration is an indication that the stiffnesses of
buildings may vary substantially. Steel moment framesin Seismic Performance Categories D, E
and F (and many in SPC B and C) of the NEHRP Provisions will be governed by drift and,
therefore, stiffness.

Since the buildings considered in these studies were designed for different base shear and
design drift levels, a comparison of the calculated drift for each building based on the lateral
force for which it was designed would not be particularly useful. Instead, each building was
analyzed for the current requirements in the 1997 NEHRP Provisions (but with Sp; = F, Ss) to
investigate how buildings might perform as afunction of stiffness. The calculated displacements
and drifts are for the elastic drift for the reduced forces, and are multiplied by C4=5.5t0
estimate the maximum inelastic displacements and drifts. One other change was also made to
the 1997 NEHRP Provisions. The lower bound on the response spectrum was eliminated for
performance evaluation as discussed in Chapter 4. Thislower bound is not appropriate for the
evaluations of buildings using the procedures described herein (Y un and Foutch, 2000).

Results of these analyses are shown in Figure 8-9. It is clear from these results that buildings
designed under different codes and office practices may have different stiffnesses. The pre-1976
buildings designed for no drift limit are clearly more flexible than those designed after 1976.
The IDA-determined global stability capacities given in Table 8-3 are also much smaller for the
more flexible buildings. The calculated drifts are also given in Figure 8-9. To put these drifts
into context, the equivalent maximum allowable drift demand for a new building is 0.03. The
local collapse drift for pre-Northridge buildingsis 0.04. The global stability limits from Table 8-
3 range from 0.10 for all of the 3-story buildings to 0.057 for the 1973 20-story building.

Theresultsindicate that if the pre-1997 buildings were designed exactly according to the
corresponding building code requirements, on average the 1973 buildings designed with no drift
requirement, and the 1985 buildings, would not be expected to satisfy the local collapse criteria.
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Figure8-9 A Comparison of the Calculated Drift for Each Building Based on the 1997
NEHRP Lateral Force
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8.6.4 Performance Prediction using Confidence Level Calculations

Another tool that the designer may use for predicting performance is the confidence level
calculation described in Chapter 5. The level of confidence in an existing building satisfying the
CP and | O performance levels described in Chapter 2 may be calculated and used in an absolute
fashion or in comparison with buildings designed by the 1997 NEHRP Provisions. An example
isgivenin Appendix A.

Tables 8-4 and 8-5 give the confidence level of satisfying the global and local collapse limit
states for the 2/50 hazard level for each of the case-study buildings. The tables aso givethe 3, y
and y, values used for these calculations. It is possible that some of the earlier buildings were
constructed using an E7018 or other notch-tough electrode and the SMAW welding process. In
this case, the building would be expected to perform only slightly better than those constructed
with the T4 electrode. There have been few tests of these connections.

The results indicate that, in general, the newer the building the more confidence we havein
its ability to survive during an earthquake. However, even for a 1994 building, the confidence
level that a 9-story building will avoid global collapse is only 56% and local collapse only 14%.
The situation is much worse for a 1973 building designed with no drift limit. The confidence
that a 9-story building will avoid global collapse is 45% and for local collapseit isonly 7%!

Table 8-6 gives the confidence levels for satisfying the 1O performance level for the 50/50
hazard level for all of these buildings. The capacity for the 1997 building is a story drift of 0.018
that corresponds roughly with the onset of local buckling. For the pre-Northridge buildings,
fracture of the bottom flange represents the damage state which occurs at adrift of 0.01. The
results indicate that only the 1997 building provides a satisfactory level of confidence.

Tables 8-7 and 8-8 give the confidence level of satisfying the global and local CP limit state
for the 50/50 hazard level that corresponds to areturn period of 72 years. Fortunately, all of the
buildings have a high level of confidence that they will satisfy this performance level. Itisthis
author’ s opinion that the minimum acceptable state for an existing building to be acceptable
without rehabilitation is a 90% confidence of satisfying the CP performance level for the 50/30
hazard level.

Examples of how these calculations are made are given in Appendix A.
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Table 8-4 CP Confidence Level Calculations Against Global Collapse for 2/50 Hazard

[ c T 8 [ B ] o [ D [ Bee [ B [ v [ B | vo | raw 8] & Jorw
1997 NEHRP
3-story 0.100 0.00 0.26 0.90 0.027 0.38 0.21 1.33 0.17 1.04 241 0.10 3.30 99
9-story 0.100 0.00 0.35 0.84 0.034 0.30 0.19 1.21 0.20 1.06 191 0.16 221 99
20-story 0.085 0.29 0.43 0.67 0.024 0.45 0.26 1.50 0.25 1.10 1.43 0.25 1.47 93
1994 UBC
3-story 0.100 0.00 0.26 0.90 0.047 0.51 0.21 1.58 0.17 1.04 1.16 0.10 0.94 83
9-story 0.078 0.22 0.35 0.78 0.043 0.41 0.19 1.37 0.20 1.06 0.97 0.16 0.53 70
20-story 0.072 0.22 0.43 0.70 0.031 0.47 0.26 1.53 0.25 1.10 0.97 0.25 0.69 75
1985 UBC
3-story 0.100 0.00 0.26 0.90 0.058 0.41 0.21 1.38 0.17 1.04 1.08 0.10 0.71 76
9-story 0.094 0.22 0.35 0.77 0.048 0.48 0.19 1.49 0.20 1.06 0.95 0.16 0.49 69
20-story 0.070 0.35 0.43 0.63 0.030 0.43 0.26 1.46 0.25 1.10 0.91 0.25 0.56 71
1973 UBC : with drift limit= 0.0025
3-story 0.100 0.00 0.26 0.90 0.056 0.37 0.21 131 0.17 1.04 1.18 0.10 0.99 84
9-story 0.077 0.22 0.35 0.78 0.046 0.50 0.19 1.54 0.20 1.06 0.79 0.16 0.02 51
20-story governed by wind. therefore same as 1973 UBC without drift limit
1973 UBC : without drift limit

3-story 0.100 0.00 0.26 0.90 0.062 0.40 0.21 1.36 0.17 1.04 1.02 0.10 0.54 71
9-story 0.079 0.27 0.35 0.75 0.059 0.56 0.19 1.68 0.20 1.06 0.56 0.16 -0.83 20
20-story 0.069 0.23 0.43 0.70 0.045 0.44 0.26 1.49 0.25 1.10 0.66 0.25 -0.09 46

Table8-5 CP Confidence Level Calculations Against L ocal Collapse for 2/50 Hazard

C Br BU (p D BECC BO( y Ba yﬂ ACon BUT KX C' L '(%)
| | | | | | | | | | | | e | |

1997 NEHRP

3-story 0.070 0.20 0.25 0.86 0.027 0.38 0.21 1.33 0.17 1.04 1.60 0.09 2.01 98

9-story 0.070 0.20 0.25 0.86 0.034 0.30 0.19 121 0.20 1.06 1.37 0.10 1.47 93

20-story 0.070 0.20 0.25 0.86 0.024 0.45 0.26 1.50 0.25 1.10 1.52 0.13 1.71 96

1994 UBC
3-story 0.037 0.20 0.25 0.86 0.047 0.51 0.21 1.58 0.17 1.04 0.41 0.09 -2.51 1
9-story 0.037 0.20 0.25 0.86 0.043 0.41 0.19 137 0.20 1.06 0.51 0.10 -1.62 5
20-story 0.037 0.20 0.25 0.86 0.031 0.47 0.26 1.53 0.25 1.10 0.61 0.13 -0.88 19
1985 UBC
3-story 0.037 0.20 0.25 0.86 0.058 0.41 0.21 1.38 0.17 1.04 0.38 0.09 -2.75 0
9-story 0.037 0.20 0.25 0.86 0.048 0.48 0.19 1.49 0.20 1.06 0.42 0.10 -2.24 1

20-story 0.037 0.20 0.25 0.86 0.030 0.43 0.26 1.46 0.25 1.10 0.66 0.13 -0.65 26

1973 UBC : with drift limit= 0.0025

3-story 0.057 0.20 0.25 0.86 0.056 0.37 0.21 131 0.17 1.04 0.64 0.09 -1.04 15

9-story 0.057 0.20 0.25 0.86 0.046 0.50 0.19 1.54 0.20 1.06 0.65 0.10 -0.85 20

20-story governed by wind. therefore same as 1973 UBC without drift limit

1973 UBC : without drift limit
3-story 0.057 0.20 0.25 0.86 0.062 0.40 0.21 1.36 0.17 1.04 0.55 0.09 -1.50 7
9-story 0.057 0.20 0.25 0.86 0.059 0.56 0.19 1.68 0.20 1.06 0.47 0.10 -1.87 3

20-story 0.057 0.20 0.25 0.86 0.045 0.44 0.26 1.49 0.25 1.10 0.66 0.13 -0.62 27
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Table 8-6 10 Confidence Level Calculationsfor 50/50 Hazard

| c [ & | B | o | D | Bae | Br [ v [ B | o | Aon | Br® | K JoL

1997 NEHRP

3-story 0.020 0.20 0.25 0.86 0.007 0.51 0.00 1.48 0.17 1.04 1.59 0.09 1.98 98

9-story 0.020 0.20 0.25 0.86 0.008 0.45 0.00 1.35 0.20 1.06 1.49 0.10 171 96

20-story 0.020 0.20 0.25 0.86 0.007 0.47 0.00 1.39 0.25 1.10 1.60 0.13 1.86 97

1994 UBC

3-story 0.010 0.20 0.25 0.86 0.009 0.50 0.00 1.45 0.17 1.04 0.65 0.09 -0.96 17

9-story 0.010 0.20 0.25 0.86 0.009 0.39 0.00 1.25 0.20 1.06 0.74 0.10 -0.46 32

20-story 0.010 0.20 0.25 0.86 0.007 0.58 0.00 1.67 0.25 1.10 0.63 0.13 -0.76 22

1985 UBC

3-story 0.010 0.20 0.25 0.86 0.010 0.49 0.00 1.43 0.17 1.04 0.57 0.09 -1.41 8

9-story 0.010 0.20 0.25 0.86 0.010 0.37 0.00 1.23 0.20 1.06 0.68 0.10 -0.72 24

20-story 0.010 0.20 0.25 0.86 0.008 0.54 0.00 1.54 0.25 1.10 0.63 0.13 -0.77 22

1973 UBC : with drift limit= 0.0025

3-story 0.010 0.20 0.25 0.86 0.010 0.49 0.00 1.43 0.17 1.04 0.59 0.09 -1.27 10

9-story 0.010 0.20 0.25 0.86 0.009 0.41 0.00 1.29 0.20 1.06 0.69 0.10 -0.64 26

20-story governed by wind. therefore same as 1973 UBC without drift limit

1973 UBC : without drift limit

3-story 0.010 0.20 0.25 0.86 0.010 0.44 0.00 1.33 0.17 1.04 0.62 0.09 -1.11 13

9-story 0.010 0.20 0.25 0.86 0.011 0.41 0.00 1.29 0.20 1.06 0.57 0.10 -1.27 10

20-story 0.010 0.20 0.25 0.86 0.011 0.51 0.00 1.49 0.25 1.10 0.46 0.13 -1.64 5

Table8-7 CP Confidence Level Calculations Against Global Collapse for 50/50 Hazar d

C r u [0 D acc or V4 a Ya con BUT Ky C.L.(%)
| | & [ 8 | | [ Bec [ Bo | S [ Ao [ B | |

1997 NEHRP

3-story 0.100 0.00 0.26 0.90 0.007 0.51 0.00 1.48 0.17 1.04 8.36 0.10 7.29 99

9-story 0.100 0.00 0.35 0.84 0.008 0.45 0.00 1.35 0.20 1.06 7.24 0.16 5.53 99

20-story 0.085 0.29 0.43 0.67 0.007 0.47 0.00 1.39 0.25 1.10 5.28 0.25 4.08 99

1994 UBC
3-story 0.100 0.00 0.26 0.90 0.009 0.50 0.00 1.45 0.17 1.04 6.87 0.10 6.66 99
9-story 0.078 0.22 0.35 0.78 0.009 0.39 0.00 1.25 0.20 1.06 5.23 0.16 4.72 99
20-story 0.072 0.22 0.43 0.70 0.007 0.58 0.00 1.67 0.25 1.10 3.73 0.25 3.38 99
1985 UBC
3-story 0.10 0.00 0.26 0.90 0.010 0.49 0.00 1.43 0.17 1.04 5.98 0.10 6.22 99

9-story 0.09 0.22 0.35 0.77 0.010 0.37 0.00 1.23 0.20 1.06 5.76 0.16 4.96 99

20-story 0.07 0.35 0.43 0.63 0.008 0.54 0.00 1.54 0.25 1.10 3.23 0.25 3.10 99

1973 UBC : with drift limit= 0.0025

3-story 0.100 0.00 0.26 0.90 0.010 0.49 0.00 1.43 0.17 1.04 6.25 0.10 6.36 99

9-story 0.077 0.22 0.35 0.78 0.009 0.41 0.00 1.29 0.20 1.06 4.82 0.16 451 99

20-story governed by wind. therefore same as 1973 UBC without drift limit

1973 UBC : without drift limit

3-story 0.10 0.00 0.26 0.90 0.010 0.44 0.00 1.33 0.17 1.04 6.56 0.10 6.51 99

9-story 0.08 0.27 0.35 0.75 0.011 0.41 0.00 1.29 0.20 1.06 3.90 0.16 3.99 99

20-story 0.07 0.23 0.43 0.70 0.011 0.51 0.00 1.49 0.25 1.10 2.61 0.25 2.67 99
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Table 8-8 CP Confidence Level Calculations Against L ocal Collapse for 50/50 Hazard

C r u (p D acc or y a yﬂ con BUT KX CL(%)
[ c [ & [ & | I [ Bue | 8o | [ e | [ Ao | 8o | I

1997 NEHRP

3-story 0.070 0.20 0.25 0.86 0.007 0.51 0.00 1.48 0.17 1.04 5.56 0.09 6.11 99

9-story 0.070 0.20 0.25 0.86 0.008 0.45 0.00 1.35 0.20 1.06 5.20 0.10 5.60 99

20-story 0.070 0.20 0.25 0.86 0.007 0.47 0.00 1.39 0.25 1.10 5.61 0.13 5.40 99

1994 UBC

3-story 0.037 0.20 0.25 0.86 0.009 0.50 0.00 1.45 0.17 1.04 241 0.09 3.36 99

9-story 0.037 0.20 0.25 0.86 0.009 0.39 0.00 1.25 0.20 1.06 2.73 0.10 3.60 99

20-story 0.037 0.20 0.25 0.86 0.007 0.58 0.00 1.67 0.25 1.10 2.34 0.13 2.94 99

1985 UBC

3-story 0.037 0.20 0.25 0.86 0.010 0.49 0.00 1.43 0.17 1.04 2.10 0.09 2.90 99

9-story 0.037 0.20 0.25 0.86 0.010 0.37 0.00 1.23 0.20 1.06 251 0.10 3.34 99

20-story 0.037 0.20 0.25 0.86 0.008 0.54 0.00 1.54 0.25 1.10 2.34 0.13 2.93 99

1973 UBC : with drift limit= 0.0025

3-story 0.057 0.20 0.25 0.86 0.010 0.49 0.00 1.43 0.17 1.04 3.38 0.09 4.47 99

9-story 0.057 0.20 0.25 0.86 0.009 0.41 0.00 1.29 0.20 1.06 3.96 0.10 4.75 99

20-story governed by wind. therefore same as 1973 UBC without drift limit

1973 UBC : without drift limit

3-story 0.057 0.20 0.25 0.86 0.010 0.44 0.00 1.33 0.17 1.04 3.55 0.09 4.63 99

9-story 0.057 0.20 0.25 0.86 0.011 0.41 0.00 1.29 0.20 1.06 3.24 0.10 4.13 99

20-story 0.057 0.20 0.25 0.86 0.011 0.51 0.00 1.49 0.25 1.10 2.65 0.13 3.29 99
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Example: 1985 UBC, 9-story, near City Hall in LA

A 9-story building located near City Hall in LA has the same configuration as the building
shown in Figure 8-4. The building was constructed according the 1985 UBC code. Check the
confidence in avoiding collapse for 2/50, 10/50, and 50/50 hazard levels.

Collapse against 2/50 hazard

Determine SDS and SD1 for the site:
S =1.0xS =10x F xS
DS MS a

S =10xS =10x F xS
D1 M1 v

= 1.0x1.0x1.93g =1.93g
=10x1.3x0.77g =1.00g

S-2%
1-2%
Use the 1997 NEH RP-L SP to calculate:

For a SMF 2/50 hazard, R=8,C, =55

Analyzing the structure for the design base shear of 478 kips yields a maximum
elastic drift of

3 v = 0.0044 A=6,, x55=0.024
g m = 0.024

Get Cg value for 9-story NEHRP LSP procedure Table 4-8: Cg= 1.15

Therefore, CB I2] o= 1.15x 0.024 = 0.028

For CP global: C =0.07. ¢ =0.85 (Table5-2)
CP: y = 1.21

For 1997 NEHRP in Table 5-4 Q- 1.07

Global collapse:
Getg ; from Table 5-5: g . = 0.40
From Table 5-6: confidence level = 97 %

For CP local: Bcp
CP: y = 1.21, Y4

0.054, ¢ =0.80
1.07

Local collapse:
Getg , fromTable5-5: g . =0.32
From Table 5-6: confidence level = 84 %
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Collapse against 10/50 hazard

Determine $sand S for the site:
Sps=1.0XxSus= 1.0xFaxSs10% = 1.0x1.0x 1.229 = 1.22g
Sp1=1.0xSw1 = 1.OXFvX Si-10% = 1.0 x 1.35x0.45g = 0.61g

Use the 1997 NEHRP-L SP to calculateD
For a SMF 10/50 hazard, R=8, Cq = 5.5

Base shear of 290 kips will give elastic drift of

290
e 478 0.0027

= 4=9,x55=0015

Since values of ¥, Ja, and Cg are defined for 10/50 hazard level those
larger of 2/50 and 50/50 values were used for this example calculations.

Ce= 1.15isused.  Therefore, D = Csén= 1.15x0.015= 0.017

¥=1.35, ¥a= 107, B;r = 0.40for CPglobal, B, = 0.32for CP local

Global collapse:
0.85x0.07

©n " 135x1.07x0.017
Byt = 0.40 : confidence level = 99 %

Local collapse:
0.80%0.054 ~176

©n " 135x1.07x0.017
Byt = 0.32: confidencelevel = 97 %
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Collapse against 50/50 hazard

Determine Spsand S, for the site:
From the example in Section 5.7.3,
Si-50% = 0.269
Smilarly using Equation 5-16,
72 \0.29

Se ey, =1.220 — =0.71
S-50% (474) g

Sps= 1.0X Sus= 1.0X FaX Sss0% = 1.0x 1.12x 0.71g = 0.799
Sp1=1.0xSvw1 = 1.0X FvX Si-s0% = 1.0 x 1.54 x 0.269 = 0.40g

Use the 1997 NEHRP-LSP to calculate D :
For a SMF 50/50 hazard: R=1, C; = 1.0

Base shear of 1,539 kips will give elastic drift of

3. = 0.00a4x 1>
478

Get Cs value for 9-story NEHRP LSP procedure : Cs= 1.10
Therefore, D = Cs = 1.10x 0.014 = 0.015

For 1997 NEHRP in Table5-4: )y = 1.43, y. = 1.07
Global collapse:

= 0014 = 4=0.018x1.0=0.014

__086x007 _ 262
1.43x1.07x0.015
Get Aur fromTable5-5: B, = 0.40
From Table 5-6: confidence level = 99 %
Local collapse:

con

. 080X0054 _, .
1.43x1,07x0.015

Get Aot fromTable 5-5: g, = 0.32
confidence level = 99 %
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9. PERFORMANCE EVALUATION OF DAMAGED BUILDINGS

9.1 Introduction

After the discovery of fractured connections in steel moment frame buildings after the
Northridge Earthquake, there was a genuine concern about the level of safety of badly damaged
buildings. One of the most important considerations was whether or not to allow occupancy of
the damaged buildings during the inspection and repair process. There are major sociological
issues related to the balance of safety vs. the cost of not alowing occupancy. The issue of when
and where to inspect for damage is also addressed in other SAC Guidelines.

The issues addressed here are directed at using structural analysis to evaluate the current
condition of a damaged building and to estimate how the damaged structure might perform under
future events that might occur before damage is repaired. Unfortunately, there are no magic
equations whereby the design professional can plug in a number of pieces of information, press
“enter,” and wait for the red, yellow, or green light to appear. There are, however, a number of
things that can be done that will help in making the difficult decisions. One fact that makes the
decision harder isthat each building and site are unique since the building configuration and age,
occupancy, site, hazard level, and many more factors are involved. Having said all of this, the
most important goal should be to protect human life.

The same tools discussed in the previous chapter regarding approaches to evaluate existing
buildings may be used to predict performance of damaged buildings. These are the year of
construction, the evaluation of the stiffness of the building before and after the earthquake, and
the safety of the building before and after the earthquake damage was sustained. 1n each case,
the expected level of performance before and after the damage is an important consideration.

This section is meant to address not just the pre-Northridge era of buildings, but also
buildings constructed after that event using the better connection schemes. For the RBS and
other improved systems, far fewer fractures should be expected than for the pre-Northridge
buildings. However, there will always be situations where undiscovered problems occurred
during construction, or avery large earthquake occurs that generates ground motions comparable
to those expected for the 2/50 event.

In Chapter 8 of this report, the evolution of the seismic and steel codes is discussed.
Important milestones are identified in Table 8-2. Thisisan important tool along with the other
data discussed for determining the expected fragility of the building. The information provided
in Chapter 8 suggests some interesting trends for pre-Northridge buildings. The older the
building is, the more flexible it will probably be. The more flexible the building is, the more
vulnerable it will beto local or global collapse. The confidence that we have that a pre-
Northridge building will satisfy the CP performance objective is quite low even for an
undamaged building. The result of this last observation is that the design professional may not
be able to make a decision on the fate of the building in absolute terms but will have to compare
relative (before and after) degrees of safety. The one good observation from the previous section
isthat buildings designed using the 1997 NEHRP Provisions and constructed using a SAC pre-
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gualified connection system are expected to perform exceptionally well, even if subjected to
ground motions comparabl e to those expected from the 2/50 event.

9.2 Performance Levels and Objectives

Two performance levels are recognized in this document: Collapse Prevention (CP) and
Immediate Occupancy (10). These are defined and described in Chapter 2. For design of new
buildings, the stated performance object is 95% confidence in achieving Collapse Prevention for
the 2/50 hazard. Although thisis an excellent goal for evaluation and rehabilitation, it may never
be attainable due to the cost and other factors. To satisfy this performance objective for new
buildings, it only requires using a better connection that resultsin only a small increment in cost.
To take this approach for an existing building might require rehabilitating every moment
connection in the building. Thiswould be very costly.

This chapter presents a performance based procedure for evaluating the confidence in
satisfying a given performance level for a steel moment frame building for a given hazard level.
The procedure is based on the groundwork presented in Chapter 5 and follows closely the
developments for performance evaluation of new buildings given in Chapter 6 and existing
buildings in Chapter 8.

The two broad issues that face the design professional and building owner are these: (1)
What is the minimum acceptable level of protection against collapse and loss of life for agiven
hazard level? (2) What level of damage is acceptable for a given hazard level? This document
will not attempt to answer these questionsin general terms because every building, occupancy,
and situation is different. The objective of thisreport is to provide tools that will alow the
design professional to evaluate the risk.

9.3 Seismic Hazard and Design Spectrum

The seismic hazard and design accel eration response spectrum are the ones given in the 1997
NEHRP Provisions, but modified as discussed in Chapter 3 of this report.

9.4  Material Properties and Condition Assessment

In order to perform an evaluation of a damaged building, it is necessary to have a good
understanding of the nature and condition of the building. The configuration of the building
must be known. The features of the lateral load resisting systems must be identified, along with
the existence and condition of the load paths. The expected material properties must be
determined or assumed. These and other important aspects of condition assessment are given in
Chapter 8 on evaluation of existing buildings. The 273/274 (FEMA 1997c, d) reports cover
many important steps that should be undertaken for evaluation and/or rehabilitation.
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9.5 Modeling and Analysis of Damaged Buildings
9.5.1 General

Moment-resi sting connections with cal culable resistance are required between the members
in steel moment frames. The frames are categorized by the types of connections used and by the
local and global stability of the members. Moment frames may act alone to resist seismic loads,
or they may act in conjunction with concrete or masonry shear walls or braced steel frames to
form adua system. Special rulesfor design of new dual systemsareincluded in AISC (1997)
and FEMA (1997a).

Connections between the members may be fully restrained (FR), partialy restrained (PR), or
nominally unrestrained (simple shear or pinned). The components may be bare steel, steel with a
nonstructural coating for fire protection, or steel with either a concrete or masonry encasement
for fire protection.

Two types of frames are categorized in this document. Fully restrained (FR) moment frames
are those frames for which no more than 10% of the lateral deflections arise from connection
deformation. Partially restrained (PR) moment frames are those frames for which more than
10% of the lateral deflections result from connection deformation. In each case, the 10% value
refers only to deflection due to beam-column deformation and not to frame deflections that result
from column panel zone deformation. Partially restrained connections are covered in Chapter 7.

9.5.2 Modeling and Analysis of FR and PR Steel Moment Frames

In Chapters 5 and 8, the modeling and analysis of new and existing steel moment frames with
FR connections are discussed. Chapter 7 discusses modeling and analysis of buildings with PR
connections.

9.6 Analytical Methods for Performance Prediction and Evaluation of Damaged
Buildings

9.6.1 Background

Thefirst step in evaluating a damaged building is to gather as much information as possible
about the building. Thisissue was discussed in Section 8.5. The information given in Section
8.6.3 on using stiffness to predict performance is also valuable for evaluating damaged buildings
and should be read before proceeding. One of the first things that should be done in evaluating a
damaged building is to develop a computer model of the undamaged building. The periods of
vibration of the building in each direction should be calculated. It isnot recommended that the
empirical equation based solely on the height and type of building be used. The studies
undertaken for the SAC project indicated that a high level of uncertainty isintroduced by this
(Yun and Foutch, 1999). The equation that has appeared in previous codes based on the
improved Rayleigh’s Quotient gives excellent estimates of the fundamental periods of vibration
that are usually within a percent or two of the values produced using finite element programs.
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This equation is
T =27 | 29 (8-1)
= 27T -
gz f.o;
where:
Wi = weight at each floor
g = gravity acceleration
fi = applied force at floor level i
a = displacement at floor level i

The next step isto apply the 1997 NEHRP (or later) design forces to the analytical model
and calculate the elastic story displacements and drifts. These will be used for comparison with
those attained by analyzing a model of the damaged building. The resulting displacements and
drifts can be compared to the requirements for design of new buildings and to the results given in
Section 8.6.2 for the case study buildings to develop a preliminary and rough idea of the
expected performance of the undamaged building. If estimates of the strength of shaking at or
near the building are available, the undamaged building should be analyzed for these motions or
forces to give some insight into the level of damage that should have been expected. Because of
the fact that so many variables influence the actual response of a building and the deformation
level that will cause joint fracture, it should not be expected that the analysis will be ableto
identify exactly which connections actually fractured (Lee and Foutch, 1999). However, a
reasonably good estimate of the overall deformations experienced by the building will be found.
The results of these exercises when compared to the results given in Section 8.6.2 can also be
used to determine if the building is more or less comparable to one designed to the minimum
standards of the code that was in effect at the time of construction. Before discussing the next
step in the evaluation of the damaged building, the results of a series of studies will be given.

The three, nine, and twenty-story buildings designed using the UBC in effect in 1973, 1985,
and 1994 were studied in undamaged and damaged states in order to understand better the
performance expected from damaged buildings. The first step in the process for each building
was to calculate its fundamental period of vibration. Next, the design forces using the criteria
given in Chapter 4 were determined, and a static analysis of the building was completed. Next,
the building model was subjected to one of the LA 50/50 accelerograms (LA41, peak
acceleration = 0.42g) using a nonlinear time history analysis with the pre-Northridge connection
model. After thisanalysis, the output was checked to see which flanges of which connections
had been fractured. The connection model described above was used where the bottom flange
fractured at about the plastic moment capacity of the beam and the top flange was assumed to
have fractured at a plastic rotation of 0.03. Two additional steps were taken after this. The
damaged building was subjected to the same earthquake ground motion, and the state of the
building after two back-to-back earthquakes was observed. The other step taken after the first
earthquake was to change the elastic model of the building to represent the building in the
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damaged state. The period of the building was recalculated, and new static forces were
calculated and applied to the damaged building. This last step was repeated for the building after
the second earthquake. This sequence of analyses was done for all of the building models
described above. As mentioned above, these analyses were completed for al of the pre-1997
building models. Because of the large volume of results that were generated, only representative
results will be shown in detail.

Figure 9-1 shows the damage that was suffered by the 1994 3-story building for the different
earthquakes. Thefigure at the top left shows the damage after the first application of the 50/50
motion and the one at the top right shows the damage pattern after the second application of the
same motion. This same information is shown in the middle two figures for the 10/50 motions
(LA14, peak acceleration = 0.59g) and the bottom ones for the 2/50 motions (LA 28, peak
acceleration = 1.1g). At each joint thereisacircle that, with the beams and columns framing
into the joint, forms four sections. A darkened segment indicates fracture of atop or bottom
flange

. After 15t Eq. with 50% In 50yrs{Fractured flanges=16/36, 44%) 2. After Znd Eq. with 50% In 60yrs(Fractured flanges=18/38, 50%)
[ Pl Y Y Z 0 Fal
0 Fal
N a Y
]

. After 1st Eq. with 10% In S0yrs(Fractured flanges=24/36, 87%) 4. After 2nd Eq. with 10% in 50yrs(Fractured flanges=27/36, 75%)

z =
T

7

. After 1st Eq. with 2% in 50yrs(Fractured flanges=36/38, 100%) 6. After 2nd Eq. with 2% In 50yrs{Fractured flanges=36/36, 100%)

B

Figure 9-1 Observed Damage from First and Second Ground Motion Excitation for 1994
UBC 3-Story Building
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on the left or right of the joint. The resultsindicate that all of the bottom flanges were fractured
during this 50/50 event. (Note: The right-most beam at each floor level is actually pinned at
each end. There were only three bays of moment frame provided.) Thisisan unfortunate, but
not unanticipated, result. The small note above each figure gives the total number and
percentage of flanges that fractured. A total of 16/36 (44%) flanges fractured during the first
application of the 50/50 motion, and atotal of 18/36 (50%) were fractured after the second
earthquake. It should be noted that no global or local collapseisindicated. For thisdiscussion, a
local collapse will be assumed to have occurred if top and bottom flanges have fractured at each
end of a beam.

The results for the 10/50 accelerograms are shown in the middle two figures. No global or
local collapse occurred during the first earthquake, but all of the beams at the top story suffered
local collapse during the second earthquake. Although the program solution for the 2/50
accelerogram ran to completion (no instability detected) the damage pattern indicates that all top
and bottom flanges have fractured during the first earthquake, which creates a seemingly
unstable building. The thing that kept it from “falling down” was the resistance of the columns
and gravity frames. For practical purposes, this should be considered to be a global collapse.

The results for the 1994 9-story building are given in Figure 9-2. The two applications of the
50/50 record produced only a small number of flange fractures (23/180 or 13% after both
earthquakes). The 10/50 records produced 73/180 (41%) fractures but no local collapse. The
first application of the 2/50 accelerogram fractured all of the bottom flanges of the beams except
for the first floor, but no top flanges. The second application fractured al of the top flangesin
the top four floors, creating 16 local collapses and four virtual story mechanisms. A reasonable
call for this building would be to not alow occupancy after the first 2/50 earthquake. However,
this represents acceptable behavior since it survived the 2/50 motion and it really shouldn’t be
expected to be useable after the design event.

Itisalso highly unlikely that back to back earthquakes of this magnitude will occur within a
short period of time. A more realistic test would be to subject the damaged building to a 50/50
or 50/30 accelerogram. Figure 9-3 shows the damage caused by aless severe accelerogram for
the second application. Top left and right figures illustrate the damage after back-to-back
earthquakes representing the 2/50 hazard level. The middle two figures show the damage from
the first application of the 2/50 accelerogram followed by the second application of the 10/50
accelerogram. The first 2/50 accelerogram produced 81/180 (45%) bottom flange fractures, and
the second 10/50 accelerogram caused five top flange fracturesin the upper stories. The bottom
two figures showed the damage from the first 2/50 and the second 50/50 or 50/30 accelerogram,
which isthe less severe but more likely event. The application of the second 50/50 or 50/30
ground motion fractured three more bottom flanges. The ratio of the fractured flanges is 35%
and 37% for the first and second applications, respectively. Figure 9-4 shows the damage from
the first 10/50 accelerogram and the second 50/50 and 50/30 earthquakes. Unlike the results
obtained from the back to back earthquakes with the same magnitude, no additional damage was
observed during the second 50/50 or 50/30 event.
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Figure 9-2 Observed Damage from First and Second Ground Motion Excitation for 1994
UBC 9-Story Building (Back-to-Back Ground M otionswith Same M agnitude)
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Figure9-3 Observed Damage from First and Second Ground Motion Excitation for 1994
UBC 9-Story Building (with Less Magnitude for the Second Application)
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Figure 9-4 Observed Damage from First and Second Ground Motion Excitation for 1994
UBC 9-Story Building (with Less Magnitude for the Second Application)

The results for the 1994 20-story building are shown in Figure 9-5. The format of the figure
is different from the previous ones. The results for each hazard level are shown one above the
other. Essentially no damage occurred for either application of the 50/50 accelerogram. The
first application of the 10/50 accelerogram produced 99/440 (23%) bottom flange fractures with
no local collapses and the second application fractured only nine more bottom flanges. The two
applications of the 2/50 earthquake fractured 152/440 (35%) bottom flanges but no top flanges.
Thisisvery good performance. A summary of all of the analytical resultsis givenin Table 9-1.
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Figure 9-5 Observed Damage from First and Second Ground Motion Excitation for 1994
UBC 20-Story Building
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One of the reasons for undertaking this exercise was to determine the stiffness of the building
before and after each application of the ground motion to see what can be learned. Results for
the 1994 3-story building are shown in Figure 9-6. The figure in the upper left portion shows the
maximum story drifts calculated for the first and second applications of the 50/50 accel erogram.

The figure in the upper right portion shows the results of using the 1997 NEHRP Provisions to
determine lateral design forces for the 50/50 spectrum for the building in each damage state
(including the original undamaged state). Results for the 10/50 accelerograms are shown in the
middle two figures, and for the 2/50 year ones in the bottom two figures. Modeling of the
building in each damage state will be discussed below.

Observing the building after the 50/50 earthquake has occurred sets the stage. Inspection of
the building reveals the damage pattern shown in Figure 9-1. After an elastic analysis of the
building in the undamaged state has been done, the model is changed to represent the building in
its damaged state. New design forces are then cal cul ated because the period has changed and the
damaged building model is analyzed. The results indicate that the building has lost about half of
its stiffness. Even if we don’t know exactly what the input motion was to begin with, we know
that the response exceeded about 1% drift at each story because all of the bottom flanges have
been fractured. We also know that the response at all stories was less than about 4%, since no
top flanges fractured. If the evaluation has progressed to this stage, then credible estimates of
the ground motion are probably available. The application of the code design base shear to the
damaged building model before and after the earthquake will reveal that the building has lost
half of its stiffness during the earthquake. Thisin itself isvaluable information. If no estimates
of ground motion are available, then the damage pattern as discussed in this paragraph will give
the engineer arough scaling of the first earthquake. Different future seismic events can be
postulated and evaluated for their potential to cause local or global collapse.

The observed damage after the 10/50 earthquake reveals a much more serious event. The
fact that top flange fractures have occurred reveals that story drifts might have exceeded 4% at
those levels. Also, the fact that every bottom flange has fractured along with most of the top
flanges for the top two stories should be enough to not allow occupancy until repairs are made.
Thisisthe level of damage that would be expected of a new building if subjected to the 2/50
accelerogram, so it should not be surprising if the building is demolished. The results of the
static analyses shown in Figure 9-6 support these conclusions.

The results for the 1994 9-story building are shown in Figure 9-7. In this case, almost no
damage has occurred for the 50/50 event. Only 9% of the connections have experienced bottom
flange fracture. The damage may not even be found, which is acceptablein thiscase. The
application of the second 50/50 accelerogram results in only a small amount of additional
damage.

The first application of the 10/50 accelerogram results in bottom flange fractures in about
two thirds of all of the beams, but no top flange fractures. Asin the previous case for the 3-story
building, this indicates that the story drifts exceeded 1% in almost all of the stories, but not 4%.
As aresult, one might expect that the maximum story drift was substantially larger than 1%. The
static analysis of the undamaged frame resulted in about 2% drift over the entire height of the
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building. Thisis consistent with the time history results. The results of the second analysis
reveasthat if the earthquake occurs again, drifts of two or three stories may exceed 4% by a
small amount. Thisindicates that local collapses may occur in afew beams. One should not
expect that the analysisis able to identify exactly which floors might experience thislocal
collapse, which could be used, for instance, to deny occupancy on a selected number of floors.
The reason for this also relates to the fact that damage occurred over most of the height of the
structure during the first event.

With the application of the 2/50 accel erogram 90% of the bottom flanges fractured as
opposed to about 70% for the 10/50 earthquake. The more bottom flange fractures that occur
during an earthquake, the greater isthe likelihood that several stories will approach 4% drift.
Again, this provides abasis for estimating the actual magnitude of the seismic forcesin the first
event. Applying these forces to the damaged building results in story drifts of 7%, indicating
that global collapseislikely to occur. Thisisborn out by the results of the second time history
analysis, which resulted in story mechanismsin the top four stories.

Results for the 1994 20-story building are shown in Figure 9-8. Similar observations could
be made for this case. At all levels of earthquake, no local or global collapses occurred, and
none would have been predicted by the static analyses. A summary of all of the analysesis
givenin Table9-1. The fundamental period of vibration of each building before and after each
application of the earthquakesis given in Table 9-2. This changein period aso reflects the loss
of stiffness of each building after each event.

In the actual, real-life earthquake scenario, the situations will not be as nicely laid out as the
ones described here. One complicating feature will be that some top flange fractures will occur
at story drifts of lessthan 4%. Even for tests of laboratory specimens of pre-Northridge
connections, there was scatter in the results. Thiswill make estimation of the actual drift levels
that the building experienced and scaling of the static forces more difficult. Asaresult, arange
of different scenarios should beinvestigated. Inredl life, it isvery unlikely that two earthquakes
of the same magnitude will occur over the amount of time required to repair damaged buildings.
Asaresult, it might be prudent to examine a number of possible occurrences of aftershocks of
smaller magnitude. Of course, the possibility exists that the first occurrence is a pre-shock of a
larger event to come.

Very few design offices have access to a program that has sophisticated connection elements
that can model the hysteretic behavior of the pre-Northridge connection. However, meaningful
analyses can still be undertaken using alinear static model. If the bottom flanges at each end of
abeam have fractured, then positive moment will open the crack resulting in essentially no
stiffness, or pin-like behavior. Negative moment will cause the crack to close, resulting in no
loss of flexural stiffness. Since sway deformations in abuilding result in one end of a beam
being in positive moment and the other end in negative moment, then one end will alwaysbein
negative moment and the other in positive moment. The effect of this on the elastic drift
response can be modeled by putting a hinge at one end of the beam and a moment connection at
the other end of the beam in the elastic model. The moments calculated in the beams will not be
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correct, but the story drifts will be calculated accurately, and al of the SAC recommendations
are keyed to story drift. Thisisdemonstrated in an examplein Appendix A.

9.7 Performance Prediction using Confidence Level Calculations

In Section 8.6.5, confidence level calculations were used to predict performance of
undamaged pre-Northridge buildings. This might also be an effective tool for evaluating
damaged buildings. The procedure would begin in exactly the same way that was described in
the previous section on stiffness. Thefirst step would be to examine the building for damage
and determine the sizes of members and material properties from design documents or inspection
and material tests. A computer model of the building would then be developed for the
undamaged building. The confidence that the building could satisfy the CP performance level
for different magnitudes of ground motion could then be evaluated. A model of the building in
the damaged state could then be developed. The confidence level that the damaged building
could satisfy the CP performance level for future events of similar magnitude could then be
evaluated. The demands would be estimated using the static elastic analysis. All of the other
information required is given in Section A.7.4. The observed damage to the building, along with
the static analysis results, could provide estimates of the magnitude of the first earthquake in the
same fashion as described above. Estimates of the magnitude of shaking at the building site
might also be available for this purpose. This estimate of confidence could then be used along
with other data to decide the fate of the building.

Example: 1985 UBC, 9-story, near City Hall in LA

A 9-story building located near City Hall in LA was considered to calculate the confidence
level before and after the damage. The floor plan and elevation view are given in Figure 8-4.
The building was designed based on the 1985 UBC provisions. Asdescribed in Section 8.6, one
ground motion for each hazard level was selected. The damage pattern that building experienced
with different hazard levelsis shown in Figure 9-9. Then elastic models of damaged buildings
were developed and corresponding periods were determined. The results of the elastic static
analyses are shown in Figure 9-10. The summary of the confidence level calculations for global
and local collapses are shown in Table 9-3 and Table 9-4, respectively.

50/50 hazard level

With the first application of the 50/50 accel erogram, the damage pattern was investigated and
isshown in Figure 9-9. The bottom flanges in four of the upper stories experienced fractures
resulting in 19% of total flanges being fractured. The second application of the 50/50
accelerogram produced a small amount of additional damage. The relatively small amount of
damage indicates that only afew upper stories exceeded 1% drift. But it isunlikely that any of
these approached 4% drift. Thisis supported by the nonlinear time history results shown in the
upper left portion in Figure 9-10. Next, confidence levels are calcul ated.
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Table9-1 Results of Sequential Applications of Ground Motionsto Pre-Northridge Buildings

50/50 acceleration 10/50 acceleration 2/50 acceleration
Y ear/bldg.
First Earthquake Second Earthquake First Earthquake Second Earthquake First Earthquake Second Earthquake
1973/ 3-story, 18 — 50% 18 - 50% 25-69% 32-89%% 36 — 100% 36 — 100%
wi/o drift limit local collapse story mechanism story mechanism story mechanism
1973/ 9-story, 34-19% 36 —20% 76 —42% 91 -51% 108 — 60% Globa collapse
wi/o drift limit local collapse local collapse
1973/ 3-story, 18 — 50% 20 —56% 27 —75% 32-89%% 36 — 100% 36 — 100%
with drift limit local collapse story mechanism story mechanism story mechanism
1973/ 9-story, 15 - 8% 27 —-15% 60 —33% 78 —43% 82 — 46% 122 — 68%
with drift [imit story mechanism
1973/ 20-story 50 -11% 55-13% 121 —28% 180 —-41% 204 — 46% 240 —55%
local collapse local collapse story mechanism
1985/ 3-story 18 - 50% 19-53% 21 —58% 32 -89%% 36 — 100% 36 — 100%
story mechanism story mechanism story mechanism
1985/ 9-story 26 — 14% 31-17% 76 —42% 93 -52% 96 — 53% 124 — 69%
story mechanism
1985/ 20-story 43 -10% 57 -13% 156 — 36% 174 — 40% 190 - 43% 202 — 46%
16 — 44% 18 —50% 24 —-67% 27 —-75% 36 — 100% 36 — 100%
1994/ 3-story . .
local collapse story mechanism story mechanism
17-9% 23 -13% 63 —35% 73—-41% 81 —45% 125 - 69%
1994/ 9-story .
story mechanism
3-1% 4-1% 99 —23% 108 — 25% 138 -41% 152 — 35%
1994/ 20-story
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- Evaluation of the damaged frame from SAC Eqgs with 50% in 50 years
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3-Story Building for 50/50, 10/50 and 2/50 Hazard
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Table 9-2 Fundamental Period of Vibration of Each Building Before and After Ground
Excitation for 50/50, 10/50 and 2/50 Hazard L evels

Code Year 50/50 10/50 2/50
T undamaged T damaged T damaged T damaged

3-story

94UBC Design 1.09 1.58 1.81 3.42

85UBC Design 1.39 2.12 2.24 4.33

73UBC Design with drift limit 1.21 1.84 2.18 3.75

73UBC Design without drift limit 1.56 2.37 2.72 4.86
9-story

94UBC Design 2.51 2.68 3.58 4.01

85UBC Design 2.94 3.35 4.7 5.75

73UBC Design with drift limit 2.45 2.61 3.37 4.04

73UBC Design without drift limit 3.65 4.04 5.75 6.72
20-story

94UBC Design 4.24 4.25 5.36 6.24

85UBC Design 3.99 4.24 5.5 6.28

73UBC Design (governed by wind) 3.9 4.28 5.54 6.31

» Example: Collapse Prevention for the 50/50 hazard level
- Fundamental period of building (T) = 2.60 sec. (undamaged)

- Seismic base shear (V) = 1539 kips

- Maximum elastic drift angle (&¢) = 0.014

- Maximuminelastic drift (6,) = de X Cq= 0.014x1.0= 0.014

- Cg=0.81: 1997 NEHRP — LSP for pre-Northridge building: given in Table 4-9
- Median drift demand (D) = Cg X 8, = 0.81x 0.014 = 0.012

- Fundamental period of building (T) = 3.07 sec. (damaged)

- Seismic base shear (V) = 1303 kips

- Maximum elastic drift angle (&¢) = 0.027
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- Maximuminelastic drift () = de X Cq= 0.027 x 1.0 = 0.027
- Median drift demand ( f)) = Cg X 6= 0.81x0.027 = 0.022

1. Global collapse
- Median drift capacity (C ) = 0.070: given in Table 5-2 (brittle connection)

- Resistance factor (¢) = 0.85: given in Table 5-2 (brittle connection)
- Demand factor ()) = 1.52: given in Table 5-4

- Analysis demand factor ()4) = 1.15: givenin Table 5-4

A

- Confidencefactor, A, = CDCA : Equation 5-1

yy.D

_085x0.070 _
N 152x1.15x0.022

- Slope of hazard curve (k) = 3.0
- Uncertainties (1) = 0.46 [/0.5: given in Table 5-5
- Confidence level = 95%: determined using Table 5-6

2. Local collapse
- Median drift capacity (C ) = 0.037: given in Table 5-2 (brittle connection)

- Resistance factor (¢) = 0.80: given in Table 5-2 (brittle connection)
- Demand factor ()) = 1.52: givenin Table 5-4

- Analysis demand factor ()s) = 1.15: given in Table 5-4

A

- Confidencefactor, A, = ¢CA : Equation 5-1

YV.D
0.80x0.037

on 7 152x1.15%0.022

- Slope of hazard curve (k) = 3.0
- Uncertainties (1) = 0.39 [/0.4: given in Table 5-5

- Confidence level = 47%: determined using Table 5-6
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The confidence levels for the undamaged building were done in the previous section, and the
results are given in Tables 9-3 and 9-4. The confidence levelsfor global collapse before and
after the damage are 99% and 83%. For local collapse, they are 81% and 19%. The second
occurrence of this earthquake resulted in maximum drifts of about 3% with no local collapses.

The first application of the 10/50 accel erogram resulted in almost every bottom flange being
fractured. The second earthquake produced local collapse in the upper storiesindicating that the
maximum story drifts approached 4% drift. Elastic analyses for the building before and after the
damage are shown in the middle portion in Figure 9-9. Next, the confidence levels are
calculated.

» Example: Collapse Prevention for the 10/50 hazard level
- Fundamental period of building (T) = 2.60 sec. (undamaged)

- Seismic base shear (V) = 290 kips

- Maximum elastic drift angle (&e) = 0.0027

- Maximuminelastic drift (6n) = de X Cq= 0.0027 x 5.5 = 0.015

- Cg= 1.40: 1997 NEHRP — LSP for pre-Northridge building : givenin Table 4-9
- Median drift demand (D) = Cg X 8= 1.40 X 0.015 = 0.021

- Fundamental period of building (T) = 4.19 sec. (damaged)

- Seismic base shear (V) = 180 kips

- Maximum elastic drift angle (&e) = 0.0047

- Maximuminelastic drift (6y) = de X Cq= 0.0047 x 5.5 = 0.026

- Median drift demand (D) = Cg X 6= 1.4x 0.026 = 0.036

1. Global collapse
- Median drift capacity (C ) = 0.070 : given in Table 5-2 (brittle connection)

- Resistance factor (@) = 0.85: given in Table 5-2 (brittle connection)
- Demand factor ()) = 1.52: givenin Table 5-4

- Analysisdemand factor ()s) = 1.15: givenin Table 5-4
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. oC . .
- Confidencefactor, A, = ~ : Equation 5-1
yV.D
0.85x0.070

©n = 152x1.15x0.036
- Slope of hazard curve (k) = 3.0
- Uncertainties (£4,7) = 0.46 £/0.5: given in Table 5-5
- Confidencelevel = 77%: determined using Table 5-6

2. Local collapse
- Median drift capacity (C ) = 0.037: given in Table 5-2 (brittle connection)

- Resistance factor (¢) = 0.80: given in Table 5-2 (brittle connection)
- Demand factor ()) = 1.52: given in Table 5-4

- Analysis demand factor ()4) = 1.15: givenin Table 5-4

- Confidence factor, A, :CD—CA : Equation 5-1
yv.D

_080x0.037 _
“n152x1.15x0.036

- Slope of hazard curve (k) = 3.0

- Uncertainties (1) = 0.39 [/0.4: given in Table 5-5
- Confidence level = 10%: determined using Table 5-6

The confidence levels before the earthquake were 99% for global collapse and 97% for local
collapse. The static analysis and the confidence level calculations indicate that the building may
remain occupied. This might be adifficult decision to justify given that almost every bottom
flange has fractured. However, thisis essentially like starting out with a building with one end
of each beam hinged. Thiswould obviously be avery flexible building, but not necessarily one
that would collapse. Giventhis, it would still be a difficult decision to make. The low
likelihood that another earthquake of thisintensity would strike again before repairs could be
completed might sway the argument.

The application of the first 2/50 earthquake resulted in the damage shown in the lower | eft
plot in Figure 9-9. Not only are all of the bottom flanges fractured, but about half of the top
flanges on two floors are also fractured. Thisindicates that two floors reached 4% drift and
many other ones probably approached these levels. The first and second applications of static
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forces indicate that drifts approaching 8% might occur during a second occurrence of the 2/50
ground motion. Thisisobviously a case where occupancy would not be allowed.

Table9-3 CP Confidence L evel Calculations Against L ocal Collapse for 2/50, 10/50 and
50/50 Hazard for a 1985 9-Story Buildingin LA

[ Tseo) T vipp [ ¢ ¢ | o Y 1 Vo | Ve B k | cu

LA City Hall without plateau (k=3.08) : before
2/50 2.60 478 0.037 0.80 0.029 1.52 1.15 0.58 0.15 -0.81 21%
10/50 2.60 290 0.037 0.80 0.018 1.52 1.15 0.94 0.15 0.42 66%
50/50 2.60 1539 0.037 0.80 0.015 1.52 1.15 1.13 0.15 0.89 81%

LA City Hall without plateau (k=3.08) : after

T(sec) | V(kip) c ) D y Y Yeon Bur” Kx C.L
2/50 5.18 240 0.037 0.80 0.108 1.52 1.15 0.16 0.15 -4.20 0%
10/50 4.19 180 0.037 0.80 0.031 1.52 1.15 0.55 0.15 -0.98 16%
50/50 3.07 1303 0.037 0.80 0.030 1.52 1.15 0.56 0.15 -0.90 19%

Table9-4 CP Confidence Level Calculations Against Global Collapse for 2/50, 10/50
and 50/50 Hazard for a 1985 9-Story Buildingin LA

[ Tseo) | vipp [ ¢ ¢ | o Y 1 Yo | Ve B2 kx | cL

LA City Hall without plateau (k=3.08) : before
2/50 2.60 478 0.070 0.85 0.029 1.52 1.15 1.17 0.21 1.04 85%
10/50 2.60 290 0.070 0.85 0.018 1.52 1.15 1.89 0.21 2.08 98%
50/50 2.60 1539 0.070 0.85 0.015 1.52 1.15 2.27 0.21 2.48 99%

LA City Hall without plateau (k=3.08) : after

T(sec) | V(kip) c ) D y Ya Yeon Bur” Kx C.L
2/50 5.18 240 0.070 0.85 0.108 1.52 1.15 0.32 0.21 -1.83 3%
10/50 4.19 180 0.070 0.85 0.031 1.52 1.15 1.10 0.21 0.89 81%
50/50 3.07 1303 0.070 0.85 0.030 1.52 1.15 1.13 0.21 0.96 83%

9.8 Summary

The examples given here indicate that evaluating a damaged building is very difficult
because so much is at stake. The tools discussed in this section for damaged buildings and in
Chapter 8 for existing undamaged buildings should be helpful to the design professional. The
possible occurrence of local collapse isthe most difficult to deal with. In every case examined in
Chapter 8 and Chapter 9, the level of confidence in avoiding local collapseis significantly lower
than for global collapse. For global collapse, we know what will happen and we don't like it.
For local collapse, we don’t know what will happen. The beam is usually at the perimeter, so no
one could be directly under it. The beam will have shear studs and floor beams that will help
support it if ashear tab islost. It probably isunlikely that the beam and slab would fall. Of
course the operative word in this last sentence is “probably.”

Thelevel of confidence against local or global collapse for a building to remain occupied is a
difficult decision that the design professional and owner must make. Perhaps a reasonable lower
bound would be 90% confidence in achieving the CP performance level for the 50% probability
of exceedance in 30 years hazard level. Thisrepresents areturn period of 44 years. Since
repairs can be completed in a period of time considerably smaller than this, the building may
remain occupied during repair and/or rehabilitation.
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The engineer should also check for the failure criteria on compressive forcesin columns as
well as tension forces in column splice locations.
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Figure9-9 Observed Damage from First and Second Ground Motion Excitation
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APPENDIX A. EXAMPLE FOR PERFORMANCE EVALUATION
PROCEDURE

A.1 Performance Evaluation Procedure

The evaluation of a building designed and built using any of the connections given in Tables
5-1 to 5-3 would proceed as follows:

1. Determine Ssand S; for the site from maps or the USGS web site. Determine the design
response spectrum following the 1997 NEHRP provisions, but replace the 2/3 factor by 1.0
for determining Sps and Sp;.

2. Cadculate the maximum drift demand, 6, using any of the analysis procedures givenin
Table 4-8 and Table 4-9. The demand drift, D, isthen calculated as:

6 = CB em (A_l)
where:
Bm = the maximum story drift angle, A, for al stories
Cs = bias factor from Table 4-8 and Table 4-9

3. Getvauesfor C and ¢ from Table 5-1 to Table 5-3 for the connection type used and the
performance level of interest.

4. Get vaue of y, for the height and performance level from Table 5-4. Also, select y for the CP
performance level or for the 10 performance level from the table.

5. Caculate Aon using Equation 5-1.

6. Get Byt valuefrom Table 5-5. Check the confidence level in achieving the performance
objective from Table 5-6. Decide if the confidence is acceptable. If not, redesign the frame

to make it stiffer and, therefore, reduce D.

A.2 Example for Performance Evaluation for 9-Story Buildings
A.2.1 LA 9-Story Post-Northridge Building Using RBS Connections

The floor plan and elevation view for a 9-story SMRF building that confirms the minimum
requirement in the 1997 NEHRP provisions are shown in Figure 4-37. Type 1 (RBS)
connections are assumed to be used for the post-Northridge building. Calculate confidence
levels satisfying the CP for the 2/50 hazard level and 10 performance levels for the 50/50 and
50/30 hazard levels.
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 Example: Collapse Prevention against global collapse for the 2/50 hazard level
- Ss=1.61g, S, =0.79g, Fa=1.0, F, = 1.5 (1997 NEHRP Provisions)
- Sps = Sus=FaX Ss=1.61g; Sp1=Sw1=F xS =119
- Soil Type D (stiff soil)
- Seismic design category (SDC) =D
- Fundamental period of building (T) = 2.39 sec.
- Total seismic weight (W) = 19923 kips
- Seismic base shear (V) = 1240 kips, V= 620 kips (2 moment frames)
- R =8, Cq= 5.5 for the 2/50 hazard level

- Maximum elastic drift angle (dxe) = 0.005

Level Fi (k) | Disp.(in) Drift
> 9 164 6.29 0.004
: 8 125 5.67 0.004
7 100 5.04 0.005
) 6 78 429 0.005
> 5 58 3.54 0.004
> 4 42 2.92 0.005
> 3 28 2.21 0.004
> 2 17 1.53 0.004
> 1 8 0.86 0.004
Total 620
Elastic building model Story force and story drift
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1. Collapse Prevention (CP) Performance L evel

LA 9-Story Post-Northridge Building)

Jsonaserd v | 2150 hazard level Symbol PPE SOA Report
Sos 161 161 Sps=Sus=FaX Ss 1997 NEHRP
So1 119 1.19 S1=Smi=R XS 1997 NEHRP
T (se0) 239 239 Fundan;)ifillt:: np;]eriod of Fr%r:? a:stéosnal
R 8 8 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 55 55 Deflectiopag?;?lification 1‘?’2\;':5.'_2'2'3
Cs 0.062 0.062 Cs= So/(TXR) 1997 NEHRP
V¢ (kips) 620 620 Base shear (Csx W)
Ove 0.005 0.005 Max. elastic drift Elastic analysis
On 0.026 0.026 M agm':%'xaesf(' CC‘:”“
Ca 115 115 (19975,\2%5'_‘;;0;0: L5 Table 4-8
D 0.031 0.031 Median drft demand Elastic analysis
(Cs X Br)
C 0.090 0.070 Median drift capacity Table5-1
[0) 0.86 0.90 Resistance factor Table5-1
Y 121 121 Demand factor Table5-4
A 1.07 1.07 Analysis demand factor Table 5-4
Aeon 1.89 155 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 0.4 0.3300.30 Uncertainties Table5-5
C.L 99% 97% Confidence Level Table 5-6
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2. Immediate Occupancy (10O) Performance Level (LA 9-Story Post-Northridge Building)

For 10 Assume Elastic Behavior socoR=1.0and C4=1.0

Sos 0.514 0.434 Sps = Sus= FaX Ss 1997 NEHRP
So1 0.288 0.219 S1=Swmi=R xS 1997 NEHRP
T (se0) 239 239 Fundank;i?ltgli n%eriOd of Fr(;rnn a@tsiiosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.121 0.092 Cs= Spi/(TXR) 1997 NEHRP
Vi (kips) 1197 910 Base shear (Csx W)
Ove 0.008 0.006 Max. elastic drift Elastic analysis
On 0.008 0.006 M agm':%'xaesf(' CC‘:”ft
Ca 11 11 (19975,\2%5'_‘;;%0: L5 Table 4-8
D 0.009 0.007 Median drft demand Elastic analysis
(Cs x Bm)
C 0.020 0.020 Median drift capacity Table5-1
[0) 0.90 0.90 Resistance factor Table5-1
Y 143 143 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 131 168 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
Bur 0.33 00.30 0.3300.30 Uncertainties Table5-5
C.L 94% 99% Confidence Level Table 5-6
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Steel Moment-Frame Buildings Appendix A: Example for Performance Evaluation Procedure

A.2.2 LA 9-Story Pre-Northridge Building Using Brittle Connections

The floor plan and elevation view for a 9-story SMRF building designed based on the 1994
UBC provisionsis shown in Figure 5-6. Brittle welded connections are assumed to use for the
pre-Northridge building. Calculate confidence levels satisfying the CP for the 2/50, 50/50 and
50/30 hazard levels and 10 performance level for the 50/50 and 50/30 hazard levels.

» Example: Collapse Prevention against global collapse for the 2/50 hazard level
- Ss=1.61g, S =0.79g, Fa= 1.0, F, = 1.5 (1997 NEHRP Provisions)
- Sps=Sus=FaX Ss=1.61g; Sp1=Su1=F X $=1.19g
- Sail Type D (stiff soil)
- Seismic design category (SDC) =D
- Fundamental period of building (T) = 2.51 sec.
- Total seismic weight (W) = 19923 kips
- Seismic base shear (V) = 1176 kips, V; = 588 kips (2 moment frames)
- R =8, Cq = 5.5 for the 2/50 hazard level

- Maximum elastic drift angle (dxe) = 0.006

Lenvel Flik} | Dispdin) | Drift

4 . s | 180 878 | 0.005 |
- s : : '
a [ 8 [ &0 6.02 | 0.005 |
= | et
o 2 5 54 2,80 0.005
F i 4 a 45 | 310 | o0.00s
= i - 3 37 2,36 0.004
e s 2 28 1.71 0.004
. —
| 1 sl 1.04 (00
Toial | 588
Elastic building model Story force and story drift
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Steel Moment-Frame Buildings

FEMA-355F
Appendix A: Example for Performance Evaluation Procedure

1. Collapse Prevention (CP) Performance Level (LA 9-Story Pre-Northridge Building)

Jsonaserd v | 2150 hazard level Symbol PPE SOA Report
Sos 161 161 Sps=Sus=FaX Ss 1997 NEHRP
So1 119 1.19 S1=Smi=R XS 1997 NEHRP
T (se0) 251 251 Fundan;ifillt:: np;]eriod of Fr%r:? a:stéosnal
R 8 8 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 55 55 Deflectiopag?:ﬁlification 1_S|9_Z|I;II;I—2|'R;P
Cs 0.059 0.059 Cs= Soi/(TXR) 1997 NEHRP
V; (kips) 588 588 Base shear (Csx W)
Ove 0.006 0.006 Max. elastic drift Elastic analysis
Om 0.033 0.033 M a’e(m':‘g'is)t(' CC‘:”“
Ca 115 115 (1997Bl\ilaEs|j;"thf L) Table 4-9
" Median drift demand
D 0.040 0.040 (Cax6,) Elastic analysis
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
% 121 121 Demand factor Table5-4
A 1.07 1.07 Analysis demand factor Table5-4
Acon 1.16 0.84 Confidence factor eon = (oéA
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 04 0.3300.30 Uncertainties Table5-5
C.L 81% 50% Confidence Leve Table 5-6
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Performance Prediction and Eval uation of
Steel Moment-Frame Buildings

2. Collapse Prevention (CP) Performance Level (LA 9-story Pre-Northridge Building)

CbaolpEle | Lomew= | gmbo | epesonRen
Sos 0.514 0.514 Sps=Sus=FaX Ss 1997 NEHRP
So1 0.288 0.288 S1=Smi=R XS 1997 NEHRP
T (se0) 251 251 Fundan;ifillt:: np;]eriod of Fr%r:? a:stéosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.115 0.115 Cs= So/(TXR) 1997 NEHRP
Vs (kips) 1140 1140 Base shear (Csx W)
Ove 0.010 0.010 Max. elastic drift Elastic analysis
Om 0.010 0.010 M a’e(m':‘g'is)t(' CC‘:”“
Ca 11 11 (1997'3,\53;; o - Table 4-9
" Median drift demand
D 0.011 0.011 (Cax6,) Elastic analysis
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
% 121 121 Demand factor Table5-4
A 1.07 1.07 Analysis demand factor Table5-4
Acon 434 3.15 Confidence factor eon = (oéA
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 04 0.3300.30 Uncertainties Table5-5
C.L 99% 99% Confidence Level Table 5-6
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Appendix A: Example for Performance Evaluation Procedure

Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

3. Immediate Occupancy (10) Performance Level (LA 9-story Pre-Northridge Building)

For 10 Assume Elastic Behavior socoR=1.0and C4=1.0

ezl | hazerd v symbo PPE SOA Repor
Sos 0.514 0.434 Sps = Sus= FaX Ss 1997 NEHRP
So1 0.288 0.219 S1=Swmi=R xS 1997 NEHRP
T (se0) 251 251 Fundank;i?ltgli n%eriOd of Fr(;rnn a@tsiiosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.115 0.087 Cs= Spi/(TXR) 1997 NEHRP
Vi (kips) 1140 867 Base shear (Csx W)
Ove 0.010 0.007 Max. elastic drift Elastic analysis
On 0.010 0.007 M agm':%'xaesf(' CC‘:”ft
Ce 11 11 (19975,\2%5'_‘;;%0: L5 Table 4-9
“ Median drift demand
D 0.011 0.008 Elastic analysis
(Cs x Bm)
c 0.010 0.010 Median drift capacity Table 5-1
[0) 0.80 0.80 Resistance factor Table5-1
Y 143 143 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 0.49 0.65 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
Bur 0.33 00.30 0.3300.30 Uncertainties Table5-5
C.L 4% 18% Confidence Level Table 5-6
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Steel Moment-Frame Buildings Appendix A: Example for Performance Evaluation Procedure

A.2.3 LA 9-Story Pre-Northridge Damaged Building After 2/50 Accelerogram

The floor plan and elevation view for a 9-story SMRF building designed based on the
1994 UBC provisionsis shown in Figure 5-6. Brittle welded connections are assumed to use for
the pre-Northridge building. Calculate confidence levels for damaged buildings subjected to
2/50 accel erogram satisfying the CP for the 2/50 and 50/50 and 10 performance levels for the
50/50 and 50/30 hazard levels.

» Examplefor calculation of maximum elastic drift after the building was hit by one of
the 2/50 accelerograms.

* The building model was subjected to one of the LA 2/50 accelerograms and
checked to see which flanges of which connections had been fractured. To
represent the building in the damaged state, rigid connection in the elastic
building model was changed to pin connection.

» Theperiod of the building was recal culated, and new static forces were
calculated. These forces were applied to the damaged building to evaluate the
performance level.

—-g—0
C J G 2 ®
® ® A A O
N Fan Fan Fan) Fany
L 3 ] 3 A\
Damaged building after 2/50 Eq. Elastic building model after damage

» Theperiod of the building was recal culated and new static forces were calcul ated.
These forces were applied to the damaged building to evaluate the performance

level.
* LA 9-story pre-Northridge building subjected to 2/50 accelerogram
Original state Damaged state
Fundamental Period 2.51 second 4.01 second
Base Shear 588 kips 369 kips
Max. elastic drift 0.005 0.013
Max. inelastic drift 0.027 0.069
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Appendix A: Example for Performance Evaluation Procedure

Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

1. Collapse Prevention (CP) Performance Level (LA 9-story Pre-Northridge Damaged
Building After One 2/50 Acceler ogram)

Global collapse for

Local collapse for

2/50 hazard level | 250 hazard level Symbol PPE SOA Report
Sos 1.61 1.61 Sps = Sws=Fax Ss 1997 NEHRP
So1 1.19 1.19 S1=Sm=F xS 1997 NEHRP
T (se0) 401 401 Fundank;i?ltgli n%eriOd of Fr%rnn aT;a;tsiiosnal
R 8 8 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 55 55 Deflectiopa‘zitnour)lification 1_?_%II;II§“|;_|.F;P
Cs 0.037 0.037 Cs= Spi/(TXR) 1997 NEHRP
V¢ (kips) 369 369 Base shear (Csx W)
Ove 0.013 0.013 Max. elastic drift Elastic analysis
On 0.069 0.069 M agm':%'xaesf(' CC‘:”ft
Ca 115 115 (19975,\2%5'_‘;;%0: L5 Table 4-9
“ Median drift demand
D 0.083 0.083 Elastic analysis
(Cs x Bm)
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
Y 121 121 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 0.56 0.40 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 0.4 0.3300.30 Uncertainties Table5-5
C.L 20% 1% Confidence Level Table 5-6
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Performance Prediction and Eval uation of
Steel Moment-Frame Buildings

2. Collapse Prevention (CP) Performance Level (LA 9-Story Pre-Northridge Damaged
Building After One 2/50 Acceler ogram)

ot alpele | Lomewm | ombo | PpesonReon
Sos 0.514 0.514 Sps = Sus= FaX Ss 1997 NEHRP
So1 0.288 0.288 S1=Swmi=R xS 1997 NEHRP
T (se0) 401 401 Fundank;i?ltgli n%eriOd of Fr%rnn aT;a;tsiiosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.072 0.072 Cs= Spi/(TXR) 1997 NEHRP
V¢ (kips) 713 713 Base shear (Csx W)
Oye 0.017 0.017 Max. elastic drift Elastic analysis
On 0.017 0.017 M agm':%'xaesf(' CC‘:”ft
Ca 11 11 (1997Bl\ilaEs|_‘; o &) Table 4-9
“ Median drift demand
D 0.019 0.019 Elastic analysis
(Cs x Bm)
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
Y 121 121 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 2.40 174 Confidence factor el
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 0.4 0.3300.30 Uncertainties Table5-5
C.L 99% 99% Confidence Level Table 5-6
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A.2.4 LA 9-Story Pre-Northridge Damaged Building After 50/50 Accelerogram

The floor plan and elevation view for a 9-story SMRF building designed based on the 1994
UBC provisionsis shown in Figure 5-6. Brittle welded connections are assumed to be used for
the pre-Northridge building. Calculate confidence levels for damaged buildings subjected to
50/50 accelerogram satisfying the CP for the 2/50 and 50/50 and 1O performance levels for the
50/50 and 50/30 hazard levels.

» Examplefor calculation of maximum elastic drift after the building was hit by one of the
50/50 accelerograms.

- The building model was subjected to one of the LA 50/50 accelerograms and
checked to see which flanges of which connections had been fractured. To
represent the building in the damaged state, rigid connection in the elastic
building model was changed to pin connection.

Y oD D Fan Fan O
L/ 3/ 3/ 1/ 3 ~
A Fan) Fan Fan Fany 'a
” 3/ 3/ \/ 3/ e
N Va Va Fany Fany ‘s 's
y \& \@
B z z 5 5 g g—-oa
™ FanN D Fany Fan ‘s
L \J/ \/ \q/ \L/ 1
N Pany D P Py P #
L/ \J/ \J/ 3/ L ~
N PanY Fan o Fan Y
L/ \l/ \}/ \V4 AV A
Y Van Fan D FanY O
L/ 3/ \/ 3 A\
N FanY Fany FanY FanY Y
L/ W/ 3/ \}/ U "~
N FanY D Fan\ Fany s
./ 3/ 3/ 3/ 3/ ~
Damaged building after 50/50 Eq. Elastic building model after damage

- The period of the building was recal culated and new static forces were cal cul ated.
These forces were applied to the damaged building to evaluate the performance level.

* LA 9-Story Pre-Northridge Building Subjected to 50/50 Accelerogram

Original state Damaged state
Fundamental Period 2.51 second 2.68 second
Base Shear 588 kips 551 kips
Max. elastic drift 0.005 0.006
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Performance Prediction and Eval uation of
Steel Moment-Frame Buildings

1. Collapse Prevention (CP) Performance Level (LA 9-Story Pre-Northridge Damaged
Building After One 50/50 Acceler ogram)

Guasimie | Lomolw=a | omo | PpesonRen
Sos 1.61 1.61 Sps = Sws=Fax Ss 1997 NEHRP
So1 1.19 1.19 S1=Sm=F xS 1997 NEHRP
T (se0) 268 268 Fundank;i?ltgli n%eriOd of Fr(;rnn a@tsiiosnal
R 8 8 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 55 55 Deflectiopaztn;[r)lification 1_?_%II;II§“|;_|.F;P
Cs 0.056 0.056 Cs= Spi/(TXR) 1997 NEHRP
V¢ (kips) 551 551 Base shear (Csx W)
Ove 0.006 0.006 Max. elastic drift Elastic analysis
On 0.034 0.034 M agm':%'xaesf(' CC‘:”ft
Ca 115 115 (19975,\2%5'_‘;;%0: L5 Table 4-9
“ Median drift demand
D 0.041 0.041 Elastic analysis
(Cs x Bm)
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
Y 121 121 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 112 0.82 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 0.4 0.3300.30 Uncertainties Table5-5
C.L 82% 43% Confidence Level Table 5-6
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Appendix A: Example for Performance Evaluation Procedure

Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

2. Collapse Prevention (CP) Performance Level (LA 9-Story Pre-Northridge Damaged
Building After One 50/50 Acceler ogram)

Global collapse for

Local collapse for

50/50 hazard level | 50/50 hazard level Symbol PPE SOA Report
Sos 0.514 0514 Sps = Sws=Fax Ss 1997 NEHRP
So1 0.288 0.288 S1=Swmi=R xS 1997 NEHRP
T (se0) 268 268 Fundank;i?ltgli n%eriOd of Fr%rnn aT;a;tsiiosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.107 0.107 Cs= Spi/(TXR) 1997 NEHRP
Vi (kips) 1067 1067 Base shear (Csx W)
Ove 0.012 0.012 Max. elastic drift Elastic analysis
On 0.012 0.012 M agm':%'xaesf(' CC‘:”ft
Ca 11 11 (19975,\2%5'_‘;;%0: L5 Table 4-9
D 0.013 0.013 Median drft demand Elastic analysis
(Cs x Bm)
C 0.070 0.054 Median drift capacity Table5-1
[0) 0.86 0.80 Resistance factor Table5-1
Y 121 121 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 348 253 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
But 0.4 0.3300.30 Uncertainties Table5-5
C.L 99% 99% Confidence Level Table 5-6
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Performance Prediction and Eval uation of
Steel Moment-Frame Buildings

3. Immediate Occupancy (10) Performance Level (LA 9-Story Pre-Northridge Damaged
Building After One 50/50 Accelerogram); For 10 level, R=1.0 and C4=1.0

ezl | hazerd v symbo PPE SOA Repor
Sos 0.514 0.434 Sps = Sus= FaX Ss 1997 NEHRP
So1 0.288 0.219 S1=Swmi=R xS 1997 NEHRP
T (se0) 268 268 Fundank;i?ltgli n%eriOd of Fr(;rnn a@tsiiosnal
R 1 1 Response quifi cation 1997 NEHRP
coefficient Table5.2.2
C, 1 1 Deflection amplification 1997 NEHRP
factor Table5.2.2
Cs 0.107 0.082 Cs= Spi/(TXR) 1997 NEHRP
Vi (kips) 1067 812 Base shear (Csx W)
Ove 0.012 0.009 Max. elastic drift Elastic analysis
On 0.012 0.009 M agm':%'xaesf(' CC‘:”ft
Ce 11 11 (1997Bl\ilaEs|_‘; o &) Table 4-9
“ Median drift demand
D 0.013 0.010 Elastic analysis
(Cs x Bm)
c 0.010 0.010 Median drift capacity Table 5-1
[0) 0.80 0.80 Resistance factor Table5-1
Y 143 143 Demand factor Table5-4
Ya 1.07 1.07 Analysis demand factor Table 5-4
Aeon 0.40 0.52 Confidence factor e
yv.D
k 2.8603.0 2.8603.0 Slope of hazard curve Table5-9
Bur 0.33 00.30 0.3300.30 Uncertainties Table5-5
C.L 1% 4% Confidence Level Table 5-6
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A.3 Summary
Confidence Level for the LA 9-story buildings

Building Type Performance Level Confidence Level
] Global collapse for 2/50 99%
Collapse Prevention (CP)
) o Local collapse for 2/50 97%
Post-Northridge Building
i 10 for 50/50 94%
Immediate Occupancy (10)
10 for 50/30 99%
Global collapse for 2/50 81%
] Local collapse for 2/50 50%
Collapse Prevention (CP)
] o Global collapse for 50/50 99%
Pre-Northridge Building
Local collapse for 50/50 99%
i 10 for 50/50 4%
Immediate Occupancy (10)
10 for 50/30 18%
Global collapse for 2/50 20%
Damaged building after ) Local collapse for 2/50 1%
Collapse Prevention (CP)
2/50 accelerogram Glaobal collapse for 50/50 99%
Local collapse for 50/50 99%
Global collapse for 2/50 82%
Damaged building after ) Local collapse for 2/50 43%
Collapse Prevention (CP)
50/50 accelerogram Glaobal collapse for 50/50 99%
Local collapse for 50/50 99%
Damaged building after i 10 for 50/50 1%
Immediate Occupancy (10)
50/50 accelerogram 10 for 50/30 4%

These results indicate that the new post-Northridge building should be able to satisfy the IO
and CP performance objectives with ahigh level of confidence. The IO performance objective
cannot be achieved by the pre-Northridge building even for the 50/30 hazard level. Thereisa
high level of confidence that the CP performance level can be met for the 50/50 and 50/30
hazard levels. However, the confidence level islow for satisfying the CP level for the 2/50 year
event. The pre-Northridge building that was damaged even by the 2/50 event had a high level of
confidence of satisfying the CP level for the 50/50 or 50/30 earthquake.
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Performance Prediction and Evaluation of Appendix B: Performance Evaluation Coefficients and
Steel Moment-Frame Buildings Bias Factors for New and Existing Buildings

APPENDIXB. PERFORMANCE EVALUATION COEFFICIENTS AND
BIAS FACTORS FOR NEW AND EXISTING BUILDINGS

B.1 Performance Evaluation Coefficients

_ glC
con le/aED
“ D = estimate of median drift demand “
D=C,H,

Bm= the calculated maximum story drift angle, A, for all stories

Cg = biasfactor

Post-Northridge: Cg

Analysis 3-story 9-story 20-story
Procedure 2/50 50/50 2/50 50/50 2/50 50/50
97NEHRP- 0.90 0.90 1.15 1.10 1.35 1.05

LSP
97NEHRP- | g5 0.85 1.05 0.90 1.10 1.10
LDP
Linear-
THP 0.85 0.85 0.90 1.00 0.90 1.00

F273-NSP 1.20 NA 1.35 NA 1.20 NA

CSM-NSP 1.30 NA 1.50 NA 1.35 NA

NA: Not appropriate
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Appendix B: Performance Evaluation Coefficients and Performance Prediction and Evaluation of
Bias Factors for New and Existing Buildings Steel Moment-Frame Buildings

Pre-Northridge: Cg

Analysis 3-story 9-story 20-story
Procedure | g5 50/50 2/50 50/50 2/50 50/50
97NEHRP- 1.25 0.75 1.40 0.80 1.00 0.75

LSP
97NEHRP- 0.90 0.75 1.20 0.75 1.30 0.95

LDP

Linear-

THP 1.25 0.90 1.35 1.10 1.30 1.30
F273-NSP 1.35 0.90 1.20 1.05 1.00 1.15
CSM-NSP N/A N/A N/A N/A N/A N/A

N/A: Not available
“ C = estimate of median drift capacity “

(). For global capacity:

Post-Northridge = C=0.085

Pre-Northridge = C=0.07
(ii). For local capacity:
Post-Northridge: C

Immediate Occupancy Collapse Prevention
Connection Limit Drift Angle Limit Drift Angle*
Type (radians) (radians)
60 Ocp
WUF-B® 0.015 0.060-0.0006 dy
WUF-w* 0.020 0.064
FF° 0.020 0.10-0.0016 d,
RBS® 0.020 0.08-0.0003 d;,
0.10-0.0011 d,
WFP' 0.020 except that should used
O5p if w14 or less
End-plate Not pre-qualified for the Guidelines
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Pre-Northridge: C

Immediate Occupancy Collapse Prevention
Connection Limit Drift Angle Limit Drift Angle®
Type (radians) (radians)
eIO ch
s Larger of
WUF
(<1980) 0.010 0.053-0.0006 dp,
or 0.061-0.00013 d
WUF®
(>1980) 0.010 0.053-0.0006 dp,
“ ()] = resistance factor “
—k Bic -k B3c
¢ = ¢re Wc, Gc =€ P . HAc=e 2
Bre = Standard deviation of the natural logs of the drift capacities from IDA analysis.

(). global:
Independent of the demand uncertainty.

Post-Northridge: fSre

3-story 9-story 20-story
Brc 0.00 0.00 0.26
Pre- Northridge: frc
3-story 9-story 20-story
Brc 0.00 0.27 0.35

(i1). local: Test variability in rotation.
Post-Northridge

Brc = 0.20 : according to personal communication with Cornell
(2000)
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Appendix B: Performance Evaluation Coefficients and Performance Prediction and Evaluation of
Bias Factors for New and Existing Buildings Steel Moment-Frame Buildings

Pre-Northridge

Brc =0.30 : according to personal communication with Hamburger
(2000)

Buc = Standard deviation of the natural logs of the drift capacities derived from
testing.

(). global:

Dependent part of the demand capacity. Negatively correlated to demand
uncertainty.

Therefore,

Bic :\/IBUiZ +IBUd2 :\/IBUiZ +20p By By

=3By ? =43 B

where:
Bui = independent part of uncertainty
Bug = dependent part of uncertainty

Post-Northridge: Buc

3-story 9-story 20-story
BnTH 0.15 0.20 0.25
Buc 0.26 0.35 0.43
Pre-Northridge: Buc
3-story 9-story 20-story
B 0.15 0.20 0.25
Buc 0.26 0.35 0.43

(i1). local: Calculate the coefficient of variation described in the Connection
Performance report (Roeder, 2000) depending on the connection type used.
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Performance Prediction and Evaluation of Appendix B: Performance Evaluation Coefficients and
Steel Moment-Frame Buildings Bias Factors for New and Existing Buildings

Post-Northridge & Pre-Northridge
Buc = 0.25 according to personal communication with Cornell (2000)

Contribution to @ from randomness of the earthquake accelerograms

Prc =
(). Globa:
Post-Northridge: ¢kc
3-story 9-story 20-story
Pre 1.00 1.00 1.00
Pre- Northridge: ¢kc
3-story 9-story 20-story
Pre 1.00 0.90 0.83
(ii). Local:
Post-Northridge: @rc=0.94
Pre- Northridge: @rc=0.87
Quc = Contribution to ¢ from uncertainties in measured connection capacity

(i). Global:

Post-Northridge: @c

3-story 9-story 20-story
@uc 0.90 0.83 0.76
Pre- Northridge: @c
3-story 9-story 20-story
Quc 0.90 0.83 0.76

(i). Local:
Post-Northridge: @,c=0.91

Pre- Northridge: @uc=0.91
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Bias Factors for New and Existing Buildings

Performance Prediction and Evaluation of
Steel Moment-Frame Buildings

Therefore, default value for @is,

[0} Global Local
Post-Northridge 0.85 0.90
Pre- Northridge 0.70 0.80

“ Demand factor “

k B
2b

y=e

= Yrp = randomnessin demand

Bro = \/Z(ﬂazcc+ﬁcfr)

= . not near the source

acc

near the source

Post-Northridge: Bro

near source not near source
CP 10 CP 10
3-story 0.43 0.51 0.38 0.51
9-story 0.36 0.45 0.30 0.45
20-story 0.52 0.47 0.45 0.47

Pre-Northridge: Bro

near source not near source
CP 10 CP 10
3-story 0.47 0.48 0.42 0.48
9-story 0.53 0.40 0.49 0.40
20-story 0.62 0.54 0.56 0.54
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Therefore, default value for y = yrp is

Post-Northridge: vy

near source not near source
CP (e} CP (e}
3-story 1.33 1.48 1.24 1.48
9-story 1.21 1.35 1.14 1.35
20-story 1.50 1.39 1.35 1.39
Pre-Northridge: y
near source not near source
CcP [e} CP (o}
3-story 1.39 1.41 1.30 1.41
9-story 1.52 1.27 1.43 1.27
20-story 1.78 1.55 1.60 1.55
k Bio
Va = y,p =€ 2" =anaysisdemand factor
BnTH = associated with uncertainties in the nonlinear time history analysis
procedure
Ber. = associated with uncertainty in the bias factor which is quite small
Bdamping = associated with uncertainty in the estimating the damping value of

the structure which is quite small.

Biive load = associated with uncertainty in live load applied which is quite
small.

Broaterial property = associated with uncertainty in material property which is quite
small
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Therefore, 3, = Bie * B

Post-Northridge: Baand ya

P?g?le)(/jstﬁe Ber. Bnrh Ba Ya
3-story
2/50 50/50 2/50 50/50 2/50 50/50 2/50 50/50
97 NEHRP-LSP 0.08 0.11 0.15 0.15 0.17 0.18 1.04 1.05
F273-LSP 0.06 0.11 0.15 0.15 0.16 0.18 1.04 1.05
F273-MAP 0.04 0.11 0.15 0.15 0.15 0.18 1.04 1.05
Linear-THP 0.06 0.08 0.15 0.15 0.16 0.17 1.04 1.05
F273-NSP 0.08 0.10 0.15 0.15 0.17 0.18 1.04 1.05
CSM-NSP 0.06 0.10 0.15 0.15 0.16 0.18 1.04 1.05
9-story
97 NEHRP-LSP 0.04 0.06 0.20 0.20 0.20 0.21 1.06 1.07
F273-LSP 0.08 0.06 0.20 0.20 0.21 0.21 1.07 1.07
F273-MAP 0.07 0.04 0.20 0.20 0.21 0.20 1.07 1.06
Linear-THP 0.04 0.05 0.20 0.20 0.20 0.21 1.06 1.07
F273-NSP 0.10 0.07 0.20 0.20 0.21 0.21 1.08 1.07
CSM-NSP 0.06 0.07 0.20 0.20 0.21 0.21 1.07 1.07
20-story
97 NEHRP-LSP 0.01 0.03 0.25 0.25 0.25 0.25 1.10 1.10
F273-LSP 0.02 0.03 0.25 0.25 0.25 0.25 1.10 1.10
F273-MAP 0.01 0.03 0.25 0.25 0.25 0.25 1.10 1.10
Linear-THP 0.01 0.00 0.25 0.25 0.25 0.25 1.10 1.10
F273-NSP 0.03 0.01 0.25 0.25 0.25 0.25 1.10 1.10
CSM-NSP 0.01 0.01 0.25 0.25 0.25 0.25 1.10 1.10
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Pre-Northridge: [, and ya

pﬁgsleﬁsd?e BeF. B Ba Ya
3-story
2/50 50/50 2/50 50/50 2/50 50/50 2/50 50/50
97 NEHRP-LSP | 0.097 | 0.137 0.15 0.15 0.19 0.20 1.06 1.06
F273-LSP NA NA NA NA NA NA NA NA
F273-MAP 0.191 0.125 0.15 0.15 0.24 0.20 1.09 1.06
Linear-THP 0.064 | 0.103 0.15 0.15 0.16 0.18 1.04 1.05
F273-NSP 0.098 | 0.151 0.15 0.15 0.18 0.21 1.05 1.07
CSM-NSP NA NA NA NA NA NA NA NA
9-story
97 NEHRP-LSP 0.093 0.109 0.20 0.20 0.22 0.23 1.08 1.08
F273-LSP NA NA NA NA NA NA NA NA
F273-MAP 0.235 0.100 0.20 0.20 0.31 0.22 1.16 1.08
Linear-THP 0.072 0.087 0.20 0.20 0.21 0.22 1.08 1.08
F273-NSP 0.034 0.027 0.20 0.20 0.20 0.20 1.06 1.06
CSM-NSP NA NA NA NA NA NA NA NA
20-story
97 NEHRP-LSP 0.058 0.019 0.25 0.25 0.26 0.25 1.11 1.11
F273-LSP NA NA NA NA NA NA NA NA
F273-MAP 0.090 0.113 0.25 0.25 0.27 0.27 1.12 1.12
Linear-THP 0.223 0.170 0.25 0.25 0.34 0.30 1.19 1.15
F273-NSP 0.192 0.034 0.25 0.25 0.32 0.25 1.17 1.11
CSM-NSP NA NA NA NA NA NA NA NA

NA: not available

Therefore, default value for y, is,

Post-Northridge Pre-Northridge
CP& 10 CP& 10
3-story 1.05 1.10
9-story 1.07 1.15
20-story 1.10 1.20
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BUT

total uncertainty “

B =B+ B’

Using default values for the 3,,

Post-Northridge: Bur

CP against CP against CP against CP against
global local global local
collapse for | collapse for 10 for 50/50 collapse for | collapse for
2/50 2/50 50/50 50/50
3-story 0.32 0.30 0.30 0.32 0.30
9-story 0.40 0.32 0.32 0.40 0.32
20-story 0.50 0.35 0.35 0.50 0.35
Pre-Northridge: Aur
CP against CP against CP against CP against
global local global local
collapse for | collapse for 0 'for 50/50 collapse for | collapse for
2/50 2/50 50/50 50/50
3-story 0.36 0.35 0.35 0.36 0.35
9-story 0.46 0.39 0.39 0.46 0.39
20-story 0.55 0.43 0.43 0.55 0.43

Acon =

confidence factor —used to deter mine the confidence level

A_=¢

con

[Kx Bur _%kﬂST:i
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Performance Prediction and Evaluation of Appendix B: Performance Evaluation Coefficients and
Steel Moment-Frame Buildings Bias Factors for New and Existing Buildings
where:

Acon = confidence factor

B = >0;° where g; is for uncertainties in the demand and capacity but not

randomness
k = slope of the hazard curve
Kx = standard Gaussian variate associated with probability x of not being

exceeded (found in standard probability tables).
From the preceding sections, the following 3’ s need to be included: By, capacity; 3, analysis
procedures. If the relationship is rewritten in terms of Ky,

1 1
K, =|In(A [k OBE, |—
X |:n( con)+2 |::BUT:| ,BUT

B.2 Bias Factors

B.2.1 Post-Northridge Bias Factors

(i). Calculated Bias Factors

Bias Factors Using Empirical Equation for Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.72 0.62 0.81 0.76 1.15 0.87
F273-LSP 0.50 0.62 0.82 0.76 0.83 0.87
N97-MAP 0.78 0.78 1.05 0.87 1.10 1.10
F273-LDP 0.79 0.97 1.13 1.08 1.01 1.15
LTHP 0.86 0.85 0.91 0.99 0.90 1.09
F273-NSP 0.84 1.11 0.95 1.35 0.84 2.01
CSM-NSP 1.33 1.29 1.48 1.52 1.34 2.05
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Bias Factors Using Calculated Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.90 0.87 1.14 1.06 1.35 1.02
F273-LSP 0.63 0.87 0.82 1.06 0.97 1.02
N97-MAP 0.78 0.78 1.05 0.87 1.10 1.10
F273-LDP 0.79 0.97 1.13 1.08 1.01 1.15
LTHP 0.86 0.85 0.91 0.99 0.90 1.09
F273-NSP 0.84 1.11 0.95 1.35 0.84 2.01
CSM-NSP 1.33 1.29 1.48 1.52 1.34 2.05

(if). Recommended Bias Factors

Bias Factors Using Empirical Equation for Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.75 0.65 0.80 0.75 1.15 0.90

F273-LSP 0.50 0.65 0.85 0.75 0.85 0.90

N97-MAP 0.80 0.80 1.05 0.90 1.10 1.10

F273-LDP 0.80 1.00 1.15 1.10 1.00 1.15

LTHP 0.85 0.85 0.90 1.00 0.90 1.00
F273-NSP 0.85 0.95 0.85
CSM-NSP 1.30 1.50 1.35

Bias Factors Using Calculated Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.90 0.90 1.15 1.10 1.35 1.05

F273-LSP 0.65 0.90 0.85 1.10 1.00 1.05

N97-MAP 0.80 0.80 1.05 0.90 1.10 1.10

F273-LDP 0.80 1.00 1.15 1.10 1.00 1.15

LTHP 0.85 0.85 0.90 1.00 0.90 1.00
F273-NSP 0.85 0.95 0.85
CSM-NSP 1.30 1.50 1.35
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B.2.2 Pre-Northridge Bias Factors

(). Calculated Bias Factors

Bias Factors Using Empirical Equation for Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.84 0.42 0.95 0.55 0.88 0.65
F273-LSP 0.58 0.42 0.65 0.55 0.61 0.65
N97-MAP 0.86 0.66 0.99 0.59 1.09 0.79
F273-LDP 1.19 0.98 1.29 1.05 1.22 1.28
LTHP 1.35 0.92 1.17 1.03 0.98 1.13
F273-NSP 1.25 0.90 1.33 1.08 131 1.31

Bias Factors Using Calculated Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 1.26 0.73 1.40 0.81 1.02 0.76
F273-LSP 0.87 0.73 0.96 0.81 0.70 0.76
N97-MAP 0.86 0.66 0.99 0.59 1.09 0.79
F273-LDP 1.19 0.98 1.29 1.05 1.22 1.28
LTHP 1.35 0.92 1.17 1.03 0.98 1.13
F273-NSP 1.25 0.90 1.33 1.08 1.31 1.31

(if). Recommended Bias Factors

Bias Factors Using Empirical Equation for Fundamental Period

3-story 9-story 20-story

2/50 50/50 2/50 50/50 2/50 50/50

N97-LSP 0.85 0.45 0.95 0.55 0.90 0.65

F273-LSP 0.60 0.45 0.65 0.55 0.60 0.65

N97-MAP 0.90 0.70 1.00 0.60 1.10 0.80

F273-LDP 1.20 1.00 1.30 1.05 1.20 1.30

LTHP 1.35 0.95 1.20 1.05 1.00 1.15
F273-NSP 1.25 1.35 1.30
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Bias Factors Using Calculated Fundamental Period

3-story 9-story 20-story
2/50 50/50 2/50 50/50 2/50 50/50
N97-LSP 1.25 0.75 1.40 0.80 1.00 0.75
F273-LSP 0.90 0.75 1.00 0.80 0.70 0.75
N97-MAP 0.90 0.70 1.00 0.60 1.10 0.80
F273-LDP 1.20 1.00 1.30 1.05 1.20 1.30
LTHP 1.35 0.95 1.20 1.05 1.00 1.15
F273-NSP 1.25 1.35 1.30
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Acronyms.

2-D, two-dimensional

3-D, three-dimensional

A, acceleration response, amps

A2LA, American Association for
Laboratory Accreditation

ACAG, air carbon arc gouging

ACIL, American Council of Independent
Laboratories

AE, acoustic emission (testing)

AISC, American Institute for Steel
Construction

AlSI, American Iron and Stedl Institute

AL, aluminum

ANSI, American National Standards
Institute

API, American Petroleum Institute

ARCO, Atlantic-Richfield Company

As, arsenic

ASD, alowable stress design

ASME, American Society of Mechanical
Engineers

ASNT, American Society for
Nondestructive Testing

ASTM, American Society for Testing and
Materials

ATC, Applied Technology Council

AWS, American Welding Society

B, boron

BB, Bolted Bracket (connection)

BD, background document

BF, bias factor

BFO, bottom flange only (fracture)

BFP, Bolted Flange Plates (connection)

BM, base metal

BO, Boston, Massachusetts

BOCA, Building Officials and Code
Administrators

BOF, basic oxygen furnace

BSEP, Bolted Stiffened End Plate
(connection)

BSSC, Building Seismic Safety Council

BUEP, Bolted Unstiffened End Plate
(connection)

C, carbon

CA, Cdlifornia

CAC-A, air carbon arc cutting

CAWI, Certified Associate Welding
I nspector

CGHAZ, coarse-grained HAZ

CJP, complete joint penetration (weld)

CMU, concrete masonry unit, concrete
block

COD, crack opening displacement

“COV,” modified coefficient of variation, or
dispersion

CP, Collapse Prevention (performance level)

Connection Performance (team)

Cr, chromium

CSM, Capacity Spectrum Method

CTOD, crack tip opening dimension or
displacement

CTS, controlled thermal severity (test)

Cu, copper

CUREge, Cadlifornia Universities for
Research in Earthquake Engineering

CVN, Charpy V-notch

CWI, Certified Welding Inspector

D, displacement response, dead |oad

DMRSF, ductile, moment-resisting, space
frame

DNV, Det Norske Veritas

DRAIN-2DX, analysis program

DRAIN-3DX, analysis program

DRI, direct reduced iron

DST, Double Split Tee (connection)

DTI, Direct Tension Indicator

EAF, eectric-arc furnace

EBT, eccentric bottom tapping

EE, electrode extension

EERC, Earthquake Engineering Research
Center, UC Berkeley

EGW, electrogas welding

ELF, equivalent lateral force

EMS, electromagnetic stirring

ENR, Engineering News Record

ESW, electroslag welding
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EWI, Edison Welding Institute

FATT, fracture appearance transition
temperature

fb, fusion boundary

FCAW-G, flux-cored arc welding — gas-
shielded

FCAW-S or FCAW-SS, flux-cored arc
welding — self-shielded

FEMA, Federal Emergency Management
Agency

FF, Free Flange (connection)

FGHAZ, fine-grained HAZ

FL, fusion line

FR, fully restrained (connection)

GBOP, gapped bead on plate (test)

ol, gage length

GMAW, gas metal arc welding

GTAW, gastungsten arc welding

HAC, hydrogen-assisted cracking

HAZ, heat-affected zone

HBI, hot briquetted iron

HSLA, high strength, low alloy

IBC, International Building Code

ICBO, International Conference of Building
Officials

ICC, International Code Council

ICCGHAZ, intercritically reheated CGHAZ

ICHAZ, intercritical HAZ

ID, identification

IDA, Incremental Dynamic Analysis

IMF, Intermediate Moment Frame

1O, Immediate Occupancy (performance
level)

IOA, Incremental Dynamic Analysis

SO, International Standardization
Organization

IWURF, Improved Welded Unreinforced
Flange (connection)

L, longitudinal, live load

LA, LosAngeles, Caifornia

LACOTAP, Los Angeles County Technical
Advisory Panel

LAX, Los Angeles International Airport

LB, lower bound (building)

LBZ, local brittlezone

LDP, Linear Dynamic Procedure

LEC, Lincoln Electric Company

LMF, ladle metallurgy furnace

LRFD, load and resistance-factor design

LS, Life Safety (performance level)

LSP, Linear Static Procedure

LTH, linear time history (analysis)

LU, Lehigh University

M, moment

MAP, modal analysis procedure

MAR, microalloyed rutile (consumables)

MCE, Maximum Considered Earthquake

MDOF, multidegree of freedom

MMI, Modified Mercalli Intensity

Mn, manganese

Mo, molybdenum

MREF, steel moment frame

MRS, modal response spectrum

MRSF, steel moment frame

MT, magnetic particle testing

N, nitrogen

Nb, niobium

NBC, National Building Code

NDE, nondestructive examination

NDP, Nonlinear Dynamic Procedure

NDT, nondestructive testing

NEHRP, National Earthquake Hazards
Reduction Program

NES, National Evaluation Services

NF, near-fault, near-field

Ni, nickel

NLP, nonlinear procedure

NLTH, nonlinear time history (analysis)

NS, north-south (direction)

NSP, Nonlinear Static Procedure

NTH, nonlinear time history (analysis)

NVLAP, National Volunteer Laboratory
Accreditation Program

O, oxygen

OHF, open hearth furnace

OMF, Ordinary Moment Frame

OTM, overturning moment

P, axial load

P, axial load, phosphorus

Pb, lead
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PGA, peak ground acceleration

PGV, peak ground velocity

PIDR, pseudo interstory drift ratio

PJP, partia joint penetration (weld)

PPE, Performance, Prediction, and
Evaluation (team)

PQR, Performance Qualification Record

PR, partially restrained (connection)

PR-CC, partially restrained, composite
connection

PT, liquid dye penetrant testing

PWHT, postweld heat treatment

PZ, panel zone

QA, quality assurance

QC, quality control

QCP, Quality Control Plan, Quality
Certification Program

QST, Quenching and Self-Tempering
(process)

RB, Rockwell B scale (of hardness)

RBS, Reduced Beam Section (connection)

RCSC, Research Council for Structural
Connections

RT, radiographic testing

S, sulphur, shearwave (probe)

SAC, the SAC Joint Venture; a partnership
of SEAOC, ATC, and CUREe

SAV, sum of absolute values

SAW, submerged arc welding

SBC, Sandard Building Code

SBCCI, Southern Building Code Congress
International

SCCGHAZ, subcritically reheated CGHAZ

SCHAZ, subcritical HAZ

SCWAB, strong column, weak beam

SCWI, Senior Certified Welding I nspector

SDC, Seismic Design Category

SDOF, single degree of freedom

SE, Seattle, Washington

SEAQC, Structural Engineers Association
of California

SFRS, seismic-force-resisting system

Si, silicon

SMAW, shielded metal arc welding

SMF, Special Moment Frame

SMREF, special moment-resisting frame (in
1991 UBC)

SMREF, Steel Moment Frame

SMRSF, special moment-resisting space
frame (in 1988 UBC)

SN, strike-normal, fault-normal

Sn, tin

SP, Side Plate (connection)

SP, strike-parallel, fault-parallel

SP, Systems Performance (team)

SPC, Seismic Performance Category

SRSS, square root of the sum of the squares

SSPC, Steel Shape Producers Council

SSRC, Structural Stability Research Council

SUG, Seismic Use Group

SW, Slotted Web (connection)

SwRI, Southwest Research Institute

T, transverse

TBF, top and bottom flange (fracture)

Ti, titanium

TIGW, tungsten inert gas welding

TMCP, Thermo-Mechanica Processing

TN, Tennessee

TT, through-thickness

TWI, The Welding Institute

UB, upper bound (building)

UBC, Uniform Building Code

UCLA, University of California, Los
Angeles

UM, University of Michigan

URM, unreinforced masonry

US, United States of America

USC, University of Southern California

USGS, US Geological Survey

UT, ultrasonic testing

UTA, University of Texasat Austin

UTAM, Texas A & M University

V, vanadium

VI, visual inspection

w/o, without

WBH, Welded Bottom Haunch (connection)

WCPF, Welded Cover Plate Flange
(connection)

WCSB, weak column, strong beam

WF, wide flange
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WFP, Welded Flange Plate (connection) WT, Welded Top Haunch (connection)
WEFS, wire feed speed WTBH, Welded Top and Bottom Haunch
WPQR, Welding Performance Qualification (connection)

Record WUF-B, Welded Unreinforced Flanges —
WPS, Welding Procedure Specification Bolted Web (connection)
WSMF, welded steel moment frame WUF-W, Welded Unreinforced Flanges —

Welded Web (connection)

List of Symbols.
C = estimate of median drift capacity — Equation 5-1
Co = maodification factor to relate spectral displacement to roof displacement
Ci = modification factor to relate expected maximum inelastic displacements to

displacements calcul ated for linear elastic response.

C = maodification factor to represent the effect of hysteresis shape on the maximum
displacement response. Vauesfor C, may be as 1.0 for steel moment frames.

Cs = modification factor to account for P-delta effects

Ca = modification factor to account for effects of overstrength

Cs = bias factor

Cy = deflection amplification factor in Table 4-1

Cs = the seismic response coefficient determined by Equation 4-2
Cen = the modal seismic response coefficient determined below,
Csn = the vertical distribution factor in the m™ mode,

Cx = Vertical distribution factor

D =  esimateof median drift demand

Fim = the portion of the seismic base shear in the m™ mode, induced at Level x,
Fy = the yielding strength of the panel zone

G = the shear modulus =

B
21+v)

Haa(Sau0%) = probability of exceedance for 10% in 50 years = 1/474 = 0.0021
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Hsa(Sa000)

Kx

Mtail

Mtail-Tstem

Mtail-TRIngFlex

Mpe

S10%

SAzy,

= probability of exceedance for 2% in 50 years = 1/2475 = 0.00040
the occupancy importance factor determined in accordance with Sec. 1.4
moment of inertia of beam, in®

moment of inertia of column, in*

effective lateral stiffness of the building in the direction under consideration

the rotational stiffness of the connection

elastic lateral stiffness of the building in the direction under consideration

standard Gausian variate associated with probability x of not being
exceeded. (found in standard probability tables)

minimum of the failure mechanisms specified in Table 7-8

= failure moment of T-section flanges and net section fracture of the stem of
the T-section

= failure moment of T-section in local plastic flexure of the T-section
flanges

the moment capacity of the connection
blow count

column axial compression force, kips
the response modification factor given
required shear strength of the panel zone

the mapped maximum considered earthquake spectral acceleration at a one-
second period

spectral acceleration at the natural period of the structure

response spectrum acceleration at the fundamental period and damping
spectral amplitude for 10/50 hazard level

spectral amplitude for 2/50 hazard level

the design spectral response acceleration at period Tr,
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1 = the design spectral acceleration at a period of 1.0 seconds

Ss = the design spectral acceleration in the short period range as determined

T = fundamental period of the building

To = characteristic period of the design response spectrum

T = elastic fundamental period in the direction under consideration

Tm = the modal period of vibration (in seconds) of the m™ mode of the structure
\ = adesign base shear

\Y, = Pseudo lateral |oad

Vi = the total design lateral force or shear at the base in the m" mode,

Vy = yield strength calculated using the FEMA-NLP

w = the total dead |oad and applicable portions of other oads

Wn = the effective modal gravity load including portions of the live load

b = slope of the curve

dy = depth of beam

dc = depth of column

fi = applied force at floor level i

g = the acceleration due to gravity (ft/s® or m/s?)

h = story height, in

h; = Height (in ft) from the base to floor level i

hy = Height (in ft) from the base to floor level x

hy = height of story x

k = slope of the hazard curve

Iy = beam length, in

t = thickness of panel zone which is the thickness of the web of the column plus the
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Vs -

VVi,Wx =

B =
,Bdampi ng
Biveload
Braterial property
y =

Ja =

AW =

Dym =

Ox, Ox.1 =
Oem =

thickness of the doubler platesif they are utilized.

measured shear wave velocity

the portion of the total gravity load, W, located or assigned to Level i or x
ratio of post yield stiffness to effective elastic

associated with uncertainty in the bias factor

Standard deviation of the natural 1ogs of the drift capacities

Standard deviation of the natural logs of the drift capacities derived from testing.
>0i? where g; is for uncertainties in the demand and capacity

dependent part of uncertainty

independent part of uncertainty

dependent part of capacity

= dependent part of demand

associated with uncertainties in the nonlinear time history analysis procedure

= associated with uncertainty in the estimating the damping value

associated with uncertainty in live load applied

= associated with uncertainty in material property which is quite small
demand factor

anaysis demand factor — Table 5-4

the drift angle of story x

drift angle for level x for mode m

displacement at floor level i

deflection at floors x and x-1

the deflection of level x in the m™
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Om = the maximum story drift angle, A, for all stories

Acon = The ratio of the factored capacity and factored demand

Acon = confidence factor

A’ = median drift for the 0° rotated (fault parallel) ground motions

Ao’ = median drift for the 90° rotated (fault normal) ground motions

vV = Poisson’sratio = 0.30

Oyi = standard deviation of uniform distribution from 0° to 90° = 26"

(0} = Resistance factor

e = Contribution to ¢ from randomness of the earthquake accelerograms

Quc = Contribution to @ from uncertainties in measured connection capacity

¢n = the displacement amplitude at the i level of the structure when vibrating in its
m™ mode

Bm = the displacement amplitude at the X" level of the structure when vibrating in its
m™ mode
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